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Metal buildings (MB) are a prevalent form of low-rise construction in the U.S.  

They are built in a variety of geographic locations, including high seismic regions.  It 

is desirable to understand the seismic performance of such a prevalent structural 

system.  There is a general lack of experimental data available concerning the seismic 

performance of metal buildings and the web-tapered I-shaped beams of which they are 

typically composed.  In order to improve the seismic performance of the moment 
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resisting frames in these buildings new Seismic Force Resisting Systems (SFRS) need 

to be developed.  But first, several key issues required research.  The MB moment 

frames are often controlled by lateral-torsional buckling (LTB) and current design 

methodologies do not provide adequate LTB flexural strength prediction equations for 

the full range of member geometries commonly used.  Single-story MB frames deviate 

significantly from the buildings used to define approximate fundamental period 

equations in the current building codes and the applicability of those equations to MB 

frames is questionable.  Partial-floors, called mezzanines, are often attached to MB 

frames, yet no clear guidance is given in the current building codes to address the 

seismic analysis and design of these structures.  Finally, experimental data for the 

dynamic characteristics of MB moment frames at the system level and their cyclic 

post-buckling behavior at the member level was needed. 

This research provided experimental data through two testing programs.  Shake 

table testing was performed on two full-scale metal buildings.  Results of those tests 

led to two concepts for new SFRS for MB frames, one of which relies on LTB for 

inelastic hinging.  Experimental data was provided in support of the development of 

the new SFRS through cyclic tests of ten web-tapered rafter specimens.  The cyclic 

performance of LTB was investigated and results used to outline a new design 

procedure.  In addition, new approximate period equations and seismic design 

methods for mezzanines were developed.  This research provides the necessary 

foundation for the development of new SFRS for MB moment frames which considers 

the available ductility of web-tapered rafters. 

 



 

1 

1 INTRODUCTION 

1.1 Statement of Problem 

1.1.1 Background 

A very common form of construction in low-rise, non-residential structures is 

the metal building (MB) system.  Metal buildings account for approximately 50% of 

the total non-residential low-rise construction market in the U.S. (MBMA 2012).  

They are cost effective, durable, offer expedited construction scheduling, easy to 

expand, and fully customizable for an owner's needs (Shoemaker 1997, Newman 

2004).  Metal buildings are used for a wide range of applications; industrial, retail, 

office, educational, athletic, agricultural, churches, arenas, storage, and many others.  

They are built in a variety of locations, including regions of high seismicity.  They 

have exhibited a history of good performance in the large seismic events of the recent 

past in the U.S. (ENR 1994).  Recently, the MB design community has expressed 

interest in understanding the seismic performance of their products with the parallel 

goals of improving both system reliability and economy of design for high seismic 

applications. 

Metal buildings are typically built from single-story steel moment frames in 

their transverse direction and braced frames or shear walls in their longitudinal 

direction (Figure 1.1).  The transverse frames are usually made with built-up I-

sections, very often with tapered-webs, which have been optimized to minimize 

material weight (Newman 2004).  These built-up sections are usually made without 

consideration of slenderness limits and frequently have flanges or webs which are 
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more slender than those found in conventional multi-story buildings with hot-rolled I-

beams. 

Metal buildings are clad in an assortment of materials ranging from corrugated 

steel decking on the walls and roofing to masonry or concrete tilt-up panel walls.  

Metal wall and roof cladding typically spans between purlins on the roof or girts on 

the walls which serve the dual purpose of delivering wall and roof pressure loadings, 

for example from wind or snow, to the moment frames and providing lateral bracing 

for the outer flange of the framing members.  The purlins and girts are typically cold-

formed steel members which are bolted directly to the moment frame outer flanges or 

to clip plates which are themselves welded to the outer flanges (Figure 1.2).  Diagonal 

kicker angles (flange braces) are connected to the purlins and girts and the inner 

flanges of the moment frames (Figure 1.2) at just enough locations to provide 

sufficient lateral bracing to the inner flange of the framing members such that the 

frame can resist the design loadings.  

Because of the use of slender flange and web plates and the relatively long 

unbraced lengths of inner flanges between flange braces, the ultimate strength of MB 

moment frame members is typically controlled by either lateral-torsional buckling 

(LTB) or flange local buckling (FLB) as determined by AISC/MBMA Steel Design 

Guide 25: Frame Design Using Web-Tapered Members (Kaehler et al. 2011), herein 

referred to as Design Guide 25.  Two potential issues arise from these controlling limit 

states; member buckling strength determination is complex, and buckling is generally 

considered to be a non-ductile behavior with poor performance for seismic loads.   
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1.1.2 Member Strength Determination 

Design Guide 25 presents a wealth of information concerning the analysis and 

design of MB moment frames.  It contains a large literature review of research 

concerning the design and analysis of metal buildings, their tapered-web members, 

and connections.  To date, it is the most complete resource for design of web-tapered 

I-beams in the U.S.  In addition to equations for determining the strengths for LTB and 

FLB, several other flexural, axial, and shear limit state strength equations are 

presented.  For FLB, Design Guide 25 presents equations which are complete, reliable 

(Kim 2010), and applicable to most practical MB moment frame members.  However, 

there is a substantial amount of information unavailable for LTB of the web-tapered 

members often found in MB moment frames. 

The LTB strength of any steel I-beam is complex to calculate, even more so 

when the beam has non-prismatic geometry.  Many times, perhaps most, MB moment 

frames are composed of web-tapered columns and rafters with their depths and plate 

thicknesses chosen to optimize the cost of fabrication.  The depth of the members 

tends to follow the moment diagram envelope from the design load combinations but 

is a function, to a large degree, of various fabrication techniques.  For instance, a 

company may have shipping limitations such that no individual rafter or column piece 

may be longer than, say, 40 ft.  Or perhaps, any one web plate is only cut with a single 

taper angle and web stock is at most 20 ft long.  Some of these considerations lead to 

changes in taper or plate thickness at locations slightly less than optimum for design 

strength considerations, but may be more economical for fabrication considerations 

than the "wasted" material cost.   
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Because of the extremely complex member geometry optimization processes, 

MB frame rafters and columns have no standard shapes and may have geometric 

discontinuities such as changes in plate thickness or width or changes in taper angle at 

any location along the member.  The outer flange bracing is primarily driven by the 

roof or wall support requirements and the distance between parallel moment frames.  

Roof purlins and wall girts are located such that the roof and wall pressure and gravity 

loads can be carried safely to the moment frames.  The locations of the purlins and 

girts are set, for the most part, without consideration of the frame strength needs.  

Flange braces can usually only be placed at purlin or girt locations.  The available 

lateral bracing locations for the framing members are limited unless additional 

purlins/girts and/or flange braces are placed just for bracing purposes, which may be 

uneconomical.  Therefore, any given unbraced length along a column or rafter may 

have multiple taper angles and/or changes in plate thickness or width.   

Because the purlins, girts, and flange braces are located along the length of 

continuous members, no individual unbraced length may undergo LTB without 

interacting with the remainder of the member, most particularly the adjacent unbraced 

lengths.  Research by Nethercot and Trahair (1976), White and Jung (2008), and 

White and Kim (2008), demonstrates the importance of including the influence of 

adjacent unbraced segments on the LTB strength of prismatic members.  Inclusion of 

adjacent segment considerations generally reduces conservatism by increasing the 

predicted strength and improves accuracy of strength predictions over those which 

ignore such influence.  Tapered members undergoing LTB will be influenced by 

adjacent unbraced segments in the same way.   
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While underestimation of member strength for LTB and other limit states is 

conservative and often acceptable for non-seismic design considerations, that is not 

always the case for seismic design.  If, as described later in this document, the ultimate 

strength of a member operating as an inelastic hinge is required for Capacity Design, 

underestimation of the member strength is unconservative and may lead to premature 

failures in a large seismic event.  Whether for non-seismic or seismic considerations, it 

is desirable to predict the LTB strength of MB moment frame members with a high 

degree of both accuracy and precision such that excess conservatism and 

unconservatism can be avoided. 

Design Guide 25 offers a framework for determining the LTB strength of 

general non-prismatic member. However, only for beams with a single taper angle 

which are simply-supported for torsion (ignoring adjacent segments) are full details 

given.  Consider that purlins and girts may be placed at 5 ft spacing, on average, 

around the perimeter of a MB moment frame and that the designer places flange 

braces on average, every 10 ft, or every other purlin and girt.  Most web material does 

in fact come in 20 ft sheets, which typically results in a web splice every 20 ft, many 

times with a corresponding change in web thickness depending on the strength 

demands.  It can be surmised that approximately 50% of the unbraced lengths along 

the inner flanges do not fit within the applicability limits of the Design Guide 25 for 

LTB flexural strength calculations.  For these unbraced lengths, no guidance is 

generally available in the literature for practical use by a designer.  While Design 

Guide 25 presents a full solution for about half of the members and a partial solution 
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for the others, it still leaves MB frame designers with a very complex problem with 

little practical resources for help. 

In addition to incomplete guidance for LTB strength determination, the 

equations for LTB in Design Guide 25 do not allow for inclusion of adjacent segment 

effects.  This has the potential of providing significantly conservative estimates of 

LTB strength for non-seismic loadings and unconservative for seismic.  A MB frame 

designer typically tries to reduce material and fabrication cost as much as possible in 

design, so accurate estimates of member strength, lacking excessive conservatism, are 

desired.   

 
1.1.3 Seismic Force Resisting Systems 

As mentioned, metal buildings are built throughout the U.S. including high 

seismic regions, defined as a Seismic Design Category (SDC) of D or higher per 

Minimum Design Loads for Buildings and Other Structures: ASCE/SEI 7-10 

(ASCE/SEI 2010), herein referred to as ASCE-7.  ASCE-7 is the most common source 

of seismic design criteria used by U.S. building codes.  Seismic design in ASCE-7 is 

usually performed using a force-based design procedure through the use of three 

seismic performance factors, the Response Modification Coefficient, R, the 

Overstrength Factor, Ω, and the Deflection Amplification Factor, Cd (Figure 1.3).   

The force-based design procedure of ASCE-7 begins with a definition of an 

elastic pseudo-acceleration design response spectrum (Figure 1.4).  The value Sa is the 

spectral acceleration expected of a single degree-of-freedom (SDOF) linear dynamical 

system with a given fundamental period of vibration, T, and a viscous damping ratio, 
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ζ, of 5% during a Design Basis Earthquake (DBE).  It is determined through two 

parameters, the short period design spectral acceleration, SDS, and the 1-second design 

spectral acceleration, SD1, which are taken from maps developed by the National 

Earthquake Hazards Reduction Program (NEHRP).   

The design spectrum is used to define the elastic design base shear demand, 

VE.  Because the most desirable seismic force resisting systems (SFRS) are ductile, 

they may be designed for a base shear demand of VS, less than VE by a factor of R.  VS 

is assumed to be an appropriate force to allow the first formation of an inelastic hinge.  

An inelastic hinge, or structural fuse, is simply a localized area of an SFRS which is 

designed to undergo large deformations in a ductile manner, such as the beam ends of 

a steel Special Moment Frame (SMF).  The formation of each inelastic hinge 

decreases the stiffness of the frame such that it can achieve larger incremental 

displacements from smaller incremental increases in base shear demand.  If enough 

inelastic hinges form, the structure will develop a yield mechanism and be unable to 

resist further seismic forces.  

It is recognized that many structures are indeterminate and require several 

internal force releases (i.e., inelastic hinge formation) to result in a yield mechanism.  

To prevent local damage in regions of the SFRS outside of the intended inelastic fuses, 

the remaining structure must be designed to be stronger than the inelastic fuses.  

Therefore, the factor Ω is multiplied by VS to estimate the ultimate strength of the 

SFRS, Vy, for use in design of the structure outside of the inelastic hinge regions.  This 

concept is commonly termed Capacity Design because the non-hinging portions of the 

structure are designed to meet or exceed the capacity of the inelastic hinges.  This is 
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supposed to ensure that the inelastic hinges form as intended and where intended. 

With the design response spectrum defined, and the factors R, and Ω, only an 

elastic analysis is needed of the SFRS to provide force demands for all portions of the 

system.  However, an elastic analysis of the SFRS under a base shear of VS will result 

in displacements ΔS, which are certainly lower than those expected during a DBE.  To 

estimate the displacements during a DBE, ΔS is multiplied by Cd. 

The design process used by ASCE-7 is termed force-based because only a 

single design base shear force demand is determined and all strength, capacity, and 

displacement design considerations are estimated using the seismic performance 

factors.  This is desirable for a designer because modern computational software 

packages make elastic analysis of structures simple to implement. 

The force-based design procedure described above is based on a seismic force 

demand at DBE.  The intent of ASCE-7 is to explicitly provide safety for a DBE event 

such that little to moderate damage occurs to the structure but collapse is prevented 

(BSSC 2009) and that collapse is prevented and life-safety preserved in a Maximum 

Considered Earthquake (MCE).  The MCE has spectral accelerations 1.5 times those 

of the DBE.  It is assumed that if all design requirements for strength, ductility, and 

displacement are met for DBE, then a system will satisfy the intent of the code at 

MCE as well.  It should be noted that an MCE-level seismic event has not occurred 

near U.S. urban areas in the past few decades.  While historically metal buildings have 

good seismic performance, there is no conclusive data to show their safety at MCE. 

The current practice in the U.S. is to design MB moment frames as steel 

Ordinary Moment Frames (OMF) when permitted.  The OMF system has an R of 3.5, 
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Ω of 3, and Cd of 3 and very few design requirements.  The values of R and Ω suggest 

that the OMF has very limited ductility along with a large amount of system 

overstrength beyond the first formation of an inelastic hinge.  Its use is limited by 

ASCE-7 to single-story structures permitted up to a mean roof height of 65 ft with a 

dead load tributary to the roof not in excess of 20 psf and wall dead load above 35 ft 

from the ground not heavier than 20 psf.  No wall weights above 20 psf are allowed at 

any height for SDC F.   

For MB moment frames exceeding the limitations of the OMF system, the 

steel Intermediate Moment Frame (IMF) system may be required.  The IMF system is 

limited to buildings with a mean roof height of up to 35 ft.  This height limit may be 

exceeded as far as 65 ft mean roof heights for single-story buildings satisfying the 

same criteria as those for the OMF system.  For SDC E and F the IMF has the same 

limitations as those of the OMF, except that multi-story buildings may use IMF with 

mean roof heights of 35 ft or less where no floor or roof has a tributary dead load of 

greater than 35 psf and the walls are not heavier than 20 psf.  A composite concrete 

floor slab usually weighs in excess of 35 psf, typically as heavy as 50 to 75 psf.   

The IMF system has R of 4.5, Ω of 3, and Cd of 4, implying an increased 

ductility over OMF.  This ductility is ensured through several strict design 

requirements presented in AISC-341 Seismic Provisions for Structural Steel Buildings 

(AISC 2010b).  The IMF requirement can make a MB frame an uneconomical choice 

for the structure of a building.  The next option for those buildings not satisfying the 

height and weight limitations of the IMF is the steel Special Moment Frame (SMF) 

which is a fully developed ductile SFRS with seismic detailing requirements for 
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moment frames which all but preclude metal buildings as an economical choice for a 

structural system. 

Buckling strength limit states are typically thought to be non-ductile, as 

demonstrated by member plate slenderness and unbraced length limitations which are 

included in several SFRS design procedures in AISC-341.  It should be mentioned that 

the three SFRS mentioned previously, OMF, IMF, and SMF, are based on the seismic 

performance of multi-story steel moment frames composed of hot-rolled I-shaped 

members.  As mentioned previously, FLB and LTB tend to be the dominant 

controlling strength limit states in MB moment frames.  It is doubtful that systems 

controlled by LTB or FLB would possess the ductility assumed by either IMF or OMF 

systems.  Research suggests that it is difficult for tapered-web I-beams to develop 

plastic hinges with significant rotation ductility (Miller and Earls 2005) and there is 

practically no research available on the post-buckling or cyclic behavior of members 

subjected to FLB or LTB.  In addition, due to the intense optimization of the framing 

geometry for MB frames, it is not known prior to design what section or segment nor 

which limit state will control the strength of the frame.  It is also unlikely that 

significant overstrength exists in a MB moment frame following the exceedance of the 

first strength limit state since all locations on the frame are purposefully designed with 

as little extra strength (extra weight) as possible.   It is of interest to understand the 

levels of ductility and overstrength inherent in MB frames so as to develop SFRS 

which are directly applicable for that type of structure. 
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1.1.4 Dynamic Properties of Metal Building Frames 

The force-based design procedure described above is critically affected by the 

magnitude of VE, which is solely based on the geographical location of the building 

(SDS and SD1) and the building fundamental period.  Therefore, it is very important to 

estimate the building period accurately.  Underestimations can lead to design forces 

which may be too conservative, while overestimations may lead to an unsafe design.   

The approximate period equations presented in ASCE-7 were developed using 

a sample of measured periods of actual multi-story buildings with heights ranging 

from 41.3 ft to 843.2 ft with 3 to 60 stories (Goel and Chopra 1997).  Metal building 

geometry deviates significantly from that of the buildings included in that database.  

The applicability of the ASCE-7 approximate period equations to MB moment frames 

is highly questionable, yet no other approximate period equations are available 

specifically for MB frames.   

In addition, the assumption made in ASCE-7 of a 5% critical viscous damping 

ratio for a building may not be applicable for MB moment frames.  Research by 

Sockalingam (1988) showed a damping ratio of between 2.3% and 2.8% for the first 

mode of a metal building tested.  The actual base shear demand on a system with a 

lower level of damping than 5% is likely to be in excess of that indicated by the 

ASCE-7 design spectrum which is based on an assumed 5% damping ratio.  This 

concept is well known and adjustment factors to the design spectrum for low damping 

ratios are available (ASCE/SEI 2007).  It is important for MB designers to have 

adequate measures of seismic force demands such that acceptable life-safety can be 

ensured. 
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The design procedure of ASCE-7 as implemented for a MB moment frame in 

practice, assumes the frame is a SDOF.  Many times the mass of a metal building is 

primarily in the form of frame and cladding self weight, which is distributed over the 

full perimeter of the moment frame.  When a MB frame displaces to one side, it is 

easily seen from a sketch of the deformed shape (Figure 1.5) that significant vertical 

accelerations are developed along the rafter.  In addition, many metal building frame 

roofs are sloped at angles of 1 to 33 degrees to the horizontal (0.25:12 to 8:12 roof 

pitch).  A horizontal seismic excitation would result in the distributed rafter mass 

accelerating with a transverse component to the roof slope, causing flexural demands 

on the rafter.  It is of interest as to whether the SDOF assumption with the ASCE-7 

design procedure is applicable to and safe for MB frame design. 

 
1.1.5 Height and Weight Limitations 

The height and weight limitations for OMF can limit the use of MB systems in 

high seismic regions.  Those height and weight limitations were set somewhat 

arbitrarily by the authors of ASCE-7 such that metal buildings and similar structures 

would be the only systems allowed to be designed as OMF (BSSC 2009).  However, 

recent trends indicate that MB are being used for an increasing variety of occupancies.  

Heavy architectural claddings such as pre-cast tilt-up panels or masonry are being 

chosen for aesthetic appeal, while the MB system is chosen for its cost and 

construction-time efficiency.  These trends are being limited in high seismic regions 

by the OMF weight limitations.  It is of interest to investigate whether the seismic 
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weight and building height limitations are necessary and set to values with a technical 

justification. 

 
1.1.6 Definition of a Story versus a Mezzanine 

In addition to the height and weight limitations, the single-story limitation 

initiates an interesting question: what is a story?  Often in structural engineering of 

buildings, a story is easily identified and it is obvious when a building is single- or 

multi-storied.  However, many metal buildings have partial floors, called mezzanines, 

attached to the primary framing.  If a partial floor only takes up 5% of the total plan 

area of a building and weighs a fraction of the total building weight, is it considered a 

story?  What are the limitations on the size and weight of a mezzanine such that the 

OMF system is still available for use with a MB frame? 

There are no structural definitions to distinguish a mezzanine from a story in 

the model building codes.  The International Building Code (IBC 2006) indicates that 

"the aggregate area of a mezzanine or mezzanines within a room shall not exceed one-

third of the area of that room of space in which they are located."  However, that is in 

Section 505.2 which is generally concerned with egress during an emergency such as a 

fire.  Bachman et al. (2008) suggested that a mezzanine be treated as a story if the 

seismic effective weight of the mezzanine exceeds some percentage of the total 

building weight.  However, no clear guidance is given for the appropriate percentage.  

No study has been conducted on this issue and, therefore, MB designers are without 

guidance to determine when a system is eligible to use the OMF rules.   
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1.1.7 New Seismic Force Resisting Systems 

In light of the questions about MB moment frame behavior and applicability of 

existing SFRS to MB frames, it may be beneficial to develop new SFRS tailored to the 

specific features of metal buildings.  The newly current practice in the U.S. for 

building code acceptance of new SFRS requires the completion of a FEMA P695 

(ATC 2009) study.  This study consists of assessing experimental data, developing 

design rules, rigorous dynamic simulations, and an assessment of the reliability of the 

new system at MCE.  However, as demonstrated above, there is a great lack of 

knowledge concerning the seismic design and performance of MB moment frames.  

Prior to the development of new SFRS or the task of completing a P695 study, many 

questions need answers. 

 
1.2 Literature Review 

Hong and Uang (2006) performed pseudo-static cyclic testing on a full-scale 

metal building (Figure 1.6) at UCSD.  The test frame showed multiple instances of 

LTB (Figure 1.7), even appearing to form a collapse mechanism (Figure 1.8).  The 

testing revealed a lack of ductility in the cyclic behavior but also a significant amount 

of system overstrength.  They determined this overstrength was due to non-seismic 

load combinations controlling the design strength of the frame.  They suggested the 

good past seismic performance of metal buildings is due to the high system 

overstrength because traditional metal buildings are very light and have low seismic 

force demands.  They also identified the importance of strong and stiff flange bracing 

near the knee joint regions, recommending that flange braces always be present in that 
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location.  They also recommended that flange braces not be connected via slotted bolt 

holes which were observed to severely reduce the bracing stiffness. 

Based on their observations from cyclic testing, Hong and Uang (2007) 

proposed an elastic design procedure for MB moment frames, which effectively used 

an R of 1.0 and required that the frame not exceed any strength limit state at DBE.  

Their design procedure recommended a safety factor of 1.4 which included low 

damping ratio considerations.  It is worth noting that the actual effective R value for 

their recommended system is 1/1.4 or about 0.7.   

Using their new elastic procedure to assess current design practice, Hong and 

Uang (2007) performed a short series of case studies with MB moment frames 

designed as OMF.  They found that light metal buildings, typically with metal panel 

sidewalls, had sufficient system overstrength from non-seismic loadings to satisfy the 

criteria of the new design procedure.  However, heavy buildings with concrete walls 

demonstrated a distinctly reduced amount of overstrength as seismic loads were 

relatively more important for heavy buildings than for the light ones.  It was 

determined that there was a potential lack of safety in systems with large mass when 

designed according to current code provisions. 

In addition to MB frame cyclic testing at UCSD, there have been many 

experimental tests on tapered I-beams and MB frames with the vast majority of them 

conducted for non-seismic applications with little interest in the post-buckling 

response.  Many of the tests used pseudo-static loading with local or lateral buckling 

as the controlling limit state (Krefeld et al. 1959, Butler and Anderson 1963, Butler 

1966, Prawel et al. 1974, Salter et al. 1980, Forest and Murray 1982, Shiomi et al. 
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1983, Shiomi and Kurata 1984, Sumner 1995, Davis 1996, Rankin et al. 2005).  The 

majority of the data reported for these test programs did not include any post-buckling 

behavior.  Design Guide 25 (Kaehler et al 2011) gives an exhaustive history of 

important research for metal building frames and tapered members as well as an 

annotated bibliography describing important findings leading to the development of 

strength limit states and analysis procedures.  A brief review of some research is 

provided below. 

Prawel et al. (1974) showed post-buckling data for very limited deformations 

after the peak load.  Shiomi et al. (1983) and Shiomi and Kurata (1984) showed more 

post-buckling behavior but did not extend testing to large deformations.  The little 

available data showed large and sharp degradation in member strength just after 

reaching the critical load.   

Rankin et al. (2009) tested two full-scale tapered member portal frames with 

slender webs and non-compact flanges.  Results showed sharp degradation in frame 

strength after LTB, though only vertical, not lateral, loading was applied at failure.  It 

was also shown that modeling the stiffness of a tapered member frame using a series 

of short prismatic elements gave a good comparison to test results.  However, Davis 

(1996) had an opposing conclusion concerning short prismatic elements. 

Experimental tests of tapered members not controlled by lateral buckling have 

also been performed (Jenner et al. 1985a, 1985b, 1985c, Murray 1986, Redmond 

2007).  These research programs have provided data for member shear and panel zone 

limit states for tapered members and MB frames specifically. 
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There have been very few cyclic or dynamic tests performed.  Sumner (1995) 

loaded two of eight MB frame knee assemblies with cyclic loads.  One specimen 

failed due to compression flange local buckling while the other failed due to a 

combined local and lateral buckling mode.  However, post-buckling and load reversal 

behaviors were not discussed.  Hwang et al. (1989) and Hwang et al. (1991) performed 

shake table testing on gable frames.  The first test was performed on a full-scale frame 

composed of prismatic rolled shapes with non-compact flanges and compact webs 

excited by the 1940 El Centro ground motion scaled to various intensities.  Design 

checks of this frame indicated the frame strength was governed by yielding.  Observed 

failure was due to local buckling of the column tops after significant inelastic 

deformations.  The second test was performed on a 1/5-scale gabled frame with 

tapered I-shape members excited by the 1940 El Centro ground motion with a reduced 

time scale corresponding to the frame and various intensity levels.  These members all 

had compact section geometry, thus not representative of typical metal building 

construction, and were laterally braced to develop the full plastic moment.  Yielding 

controlled the strength of the frames.   

Miller and Earls (2005) performed finite element analysis studies on doubly-

symmetric tapered-web gable frames and found that it was difficult for a typically 

proportioned web-tapered member to develop a flexural ductility factor of 3 even 

when lateral bracing and section proportions satisfy the plastic design requirements of 

AISC-360 (AISC 2005a).  This finding suggests that typical MB frames, with large 

unbraced lengths and slender webs, may not possess the assumed flexural ductility of 

an OMF steel frame. 
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Bajwa et al (2010) tested an existing metal building by laterally loading several 

of the interior moment frames.  They found that the corrugated metal roofing behaved 

as a flexible diaphragm, transferring very little load from one frame to the adjacent 

frames.  This validates the common design assumption of flexible diaphragms and 

independent planar design of MB moment frames of similar roof construction.  The 

inelastic behavior of column bases was investigated and found to be important to the 

behavior of a MB moment frame, but experimental validation was inadequate and no 

conclusive design recommendations were made.  Various analysis modeling 

techniques were explored with recommendations to use tapered beam-column 

elements in lieu of short prismatic elements.  Inclusion of member shear and panel 

zone flexibility was recommended for accuracy of analysis.  It was suggested that 

composite action of the rafters and columns with the roof and wall metal panels can be 

neglected with good accuracy. 

 
1.3 Modal Dynamic Analysis of Linear Dynamical Systems 

Throughout this research, extensive use of a modal expansion of a seismically 

excited N degree-of-freedom (DOF) linear dynamical system is made.  It will be 

convenient to present the basic concept here for reference.  In-depth details of these 

concepts can be found in Chopra (2007).   

The basic differential equation of motion is: 

 ( )gu t   mu cu ku m    (1.1)

where m, c, and k are the N×N mass, damping, and stiffness matrices of the system, 

u , u , and u are the N×1 nodal relative accelerations, velocities, and displacement 
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vectors at time t, ι is called the influence vector and contains nodal accelerations 

corresponding to uniform unit acceleration of all nodes in the direction of the ground 

motion, üg(t).  The eigenvalues and eigenvectors are found for the system by the 

solutions of the equation: 

 2kΦ mΦΩ  (1.2)

where Φ is a matrix with each column an eigenvector or mode shape, ϕn, of mode n  

and Ω2 is a diagonal matrix containing the eigenvalues, the squares of the natural 

circular frequencies, ωn, of each corresponding column of Φ.  If the dynamical system 

is classically damped, the total displacement vector, u, can be expanded as: 

 

1 1

( ) ( ) ( )
N N

n n n n
n n

t t D t
 

   u u  (1.3)

where Γn is the modal participation factor calculated as: 

 T
n

n T
n n

 
 

 
m

m
 (1.4)

and Dn(t) is the displacement response of a single-degree-of-freedom (SDOF) system 

with a natural circular frequency, ωn, and damping ratio, ζn.  Dn(t) is the solution to the 

equation: 

 2( ) 2 ( ) ( ) ( )n n n n n n gD t D t D t u t         (1.5)

The portion of the inertial loads mι contributing to the nth mode is: 

 n n n s m  (1.6)

such that the summation of all sn is mι.  sn is a set of nodal forces which statically 

deform the system into the nth mode shape.  Any response quantity, r, (e.g., base shear, 

nodal displacement, flexural moment, etc.) resulting from the excitation at time t can 

be computed as: 



20 

 

 2

1 1 1

( ) ( ) ( ) ( )
N N N

st st
n n n n n n

n n n

r t r t r D t r A t
  

      (1.7)

where rn
st is the response quantity resulting from the static application of sn and An(t) is 

termed the pseudo-acceleration response of the nth mode. 

Several analysis techniques are based on the above modal expansion of the N-

DOF system.  Two common techniques are linear modal time history analysis and 

modal response spectrum analysis, which is used extensively in this work.  The later is 

described briefly. 

Figure 1.4 shows the ASCE-7 design spectrum.  It approximates the peak 

pseudo-acceleration response, Sa, of an SDOF with natural period, T, when subjected 

to a Design Basis Earthquake (DBE) in units of g.  In lieu of performing a suite of 

linear time history analyses with motions scaled to appropriately represent DBE-level 

intensities, a designer can use the design spectrum to approximate the peak nth modal 

response quantities of interest, rno, for a number of modes, k. rno is calculated as: 

 st
no n npr r A  (1.8)

where Anp is the pseudo-acceleration value from the design spectrum, equal to Sa 

corresponding to the natural period of mode n, Tn, Tn is calculated as: 

 
2

n
n

T



  (1.9)

Because these peak modal responses are not likely to occur all at the same time 

instance during the seismic excitation of an N-DOF system, modal responses are often 

analytically combined using modal combination rules such as the Absolute-Sum (AS), 

the Square-Roof-Sum-of-Squares (SRSS), or the Complete Quadratic Combination 

(CQC) rules.  These rules are used to approximate the peak response quantity, ro, 
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resulting from the total N-DOF system response to a DBE-level excitation. 

The AS rule provides an upper bound to ro and can be written: 

 
1

k

o no
n

r r


  (1.10)

This rule assumes that all modal peak responses occur at the same time instance and 

have the same sign, so it can be quite conservative.  This rule is not often used in 

structural design due to its conservatism. 

 The SRSS rule is based on random vibration theory and provides excellent 

response estimates for systems with well-separated modes (Chopra 2007).  It can be 

written as: 
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n
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  (1.11)

 The CQC rule is also based on random vibration theory but provides estimates 

for systems with closely spaced modes as well, an improvement over the SRSS.  

However it is more complicated to use than the SRSS as it involves a correlation 

matrix with elements ρin which is the correlation coefficient for modes i and n.  The 

rule is written as: 
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  (1.12)

The Rosenblueth-Elorduy (1969) correlation coefficient for a system with equal 

damping ratios, ζ, for each mode may be calculated as: 
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where ωi and ωn are the natural circular frequencies of mode i and mode n, 

respectively.  The correlation coefficient takes a value of unity when the frequencies 

are equal and approaches a value of zero as they become more separated.  The smaller 

the damping ratio, the closer modal frequencies can be without the modal responses 

being significantly correlated. 

 In Modal Response Spectrum Analysis, it is of value to select only the first k 

modes to include in the analysis procedures.  It is clear that inclusion of a lesser 

number of modes can substantially reduce computational effort.  In selection of an 

appropriate number of modes, it is useful to consider Equations (1.7) and (1.8).  It is 

clear from these equations that the modal response quantity, and thus the total 

response, depends both on the static response rn
st and the spectral acceleration Anp.  

The static response contribution can be assessed by the definition of modal 

contribution factors, nr , but the spectral acceleration contribution is more difficult to 

assess (Chopra 2007). 

 The nth modal contribution factor, nr , for a response quantity of interest is 

calculated as: 

 
st

n
n st

r
r

r
  (1.14)

where rst is the response quantity resulting from static application of mι to the full 

system.  The summation of nr  over all N modes is unity.  A typical application of this 
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concept is seen in the requirement of enough modes to represent at least 90% mass 

participation with the response spectrum analysis procedure of ASCE-7.  This 

corresponds to: 

 
1

0.90
k

n
n

V


  (1.15)

where nV  is the nth modal base shear contribution factor.   

It is important to note that different response quantities (e.g., base shear, story 

drift, rafter moment at a quarter point, etc.) may need more or less modes to be 

included to accurately approximate the response quantity due to all N modes.  

Therefore, modal contribution factors may need to be calculated for more response 

quantities than just, say, base shear or mean roof drift.  In fact, Chopra (2007) 

demonstrates that response quantities closely related to local deformations (e.g. top 

story shear) may require more modes for accuracy than response quantities that 

depend more on the entire system deformations (e.g. base shear or mean roof 

displacement).  Further, Chopra observed that roof displacements seem to require 

fewer modes than even other globally dependant quantities such as base shear, often 

times being well represented by the fundamental mode only. 

 
1.4 Objective and Scope of Research 

Prior to modification of existing or development of new SFRS for MB frames, 

many questions concerning their seismic design and performance must be answered. 

The research presented herein bridges the gap between the current knowledge and that 
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needed to begin development of better seismic design procedures and systems.  The 

goals of this research are: 

 Provide system-level experimental data for MB frames such that dynamic 

characteristics and the overall dynamic behaviors may be assessed. 

 Investigate the potential lack of safety for heavy metal building systems and if 

necessary, explore possible economical design concepts which provide adequate 

safety against collapse. 

 Provide component-level experimental data for use in development of new SFRS 

for MB frames with improved ductility capacity. 

 Investigate design options to augment those of Design Guide 25 such that any MB 

frame member can be designed with confidence and accuracy; both improving the 

flexural strength used to resist non-seismic loading and minimizing 

underestimation of strength for Capacity Design in newly developed SFRS. 

 Provide alternative fundamental period determination equations or procedures 

which are applicable to MB moment frames with the same general level of 

accuracy as those existing in ASCE-7 for other types of moment frames. 

 Understand the effects of mezzanine attachments on the dynamic response of MB 

frames as well as provide a structural definition of a mezzanine and seismic design 

guidance. 

 Investigate, throughout meeting the other goals, the best techniques for accurate 

and practical modeling for MB frame structural analysis. 
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1.5 Organization of Dissertation 

Chapter 2 presents a description of the shake table testing of two full-scale 

metal buildings and results.  Chapter 3 discusses the implications of the shake table 

test results.  Chapter 4 describes a series of ten rafter component tests to investigate 

the cyclic behavior of LTB and the test results.  Chapter 5 discusses the interpretation 

and implications of the component test results.  Chapter 6 documents a study to 

develop new fundamental period equations for MB moment frames.  Chapter 7 

discusses the seismic loading of MB frames with mezzanine attachments.  Chapter 8 

presents a concept for a new SFRS for MB moment frames using LTB for inelastic 

hinging.  Finally, Chapter 9 provides a summary and conclusions from this research 

and suggestions for future related work. 
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Figure 1.1. Metal Building Components (Newman 2004) 
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Figure 1.3. Seismic Performance Factors (BSSC 2009) 

 

 

Figure 1.4. Design Response Spectrum (ASCE/SEI 2010) 
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Figure 1.5. Metal Building Moment Frame Deformed Shape 

 

 

 

Figure 1.6. Cyclic Test Building (Hong and Uang 2006) 
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 (a) Frame 2 (b) Frame 1 

Figure 1.7. LTB at South Side of Test Building (Hong and Uang 2006) 

 

 

Figure 1.8. Load-Displacement of Cyclic Test Frame 2 (Hong and Uang 2006)
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2 SHAKE TABLE TESTING OF METAL BUILDINGS 

2.1 General 

Three full-scale MB building specimens were tested at the NEES/UCSD Large 

High Performance Outdoor Shake Table (LHPOST).  The objective of these 

experiments was to test MB frames, with typical cross-section slenderness and lateral 

bracing, to investigate their performance when subjected to high-level seismic 

motions.  It was desired to determine if MB frames with heavy wall attachments or 

mezzanines exhibited different margins of safety against collapse than typical MB 

frames with metal sidewalls only.  The data gathered from the tests was to inform the 

development of new SFRS for MB moment frames by providing system-level 

experimental data.   

This chapter describes the testing program and results from two of the 

specimens: a metal building with light metal panel sidewalls (Specimen 1) and a metal 

building with heavy concrete sidewalls (Specimen 2).  Further details are available in 

comprehensive test reports (Smith and Uang 2013a, 2013b).  See Smith and Uang 

(2013c) for the test results of the third specimen.  Implications and interpretations of 

the test results are presented in Chapter 3. 

 
2.2 Design Review 

This section will briefly describe each specimen and how they were designed.  

Both specimens were to represent two interior clear span frames within a long building 

having 20 ft. bay spacing (Figure 1.1).  Each was designed and fabricated by Metal 

Building Manufacturers Association (MBMA) member companies.  Because one
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purpose of the testing was to observe the behavior of frames designed using current 

practice, each building was designed to meet all aspects of the building codes 

available at that time.  Any design requirements altered for testing purposes are 

mentioned in the descriptions of each specimen.  Unless noted otherwise, the test 

buildings were designed according to the 2005 editions of ASCE-7 and AISC-360. 

Both specimens were designed using Allowable Strength Design (ASD) 

methods from AISC-360.  They shared the same basic design loading requirements: 

 Dead (D) and Collateral Load (C) of 6 psf was assumed in addition to the self-

weight of the frame to give the total weight of the building.  Where D is used 

in this document, it is implied that the self-weight of the frame is included 

unless otherwise noted. 

 Roof Live Load (Lr) was 12 psf, reduced per ASCE-7 from 20 psf.  No 

conventional Live Load (L) was required. 

 Wind Load (WL) was defined using the Simplified Procedure per ASCE-7 with 

a Basic Wind Speed of 85 mph, the lowest mapped value in the U.S.  A low 

wind load was desired to minimize potential inherent system overstrength due 

to non-seismic loads (Hong and Uang 2007). 

 Snow Load (S) was defined per ASCE-7 with a ground snow load, pg, of 30 

psf, resulting in a flat roof snow load, pf, of 21 psf.  Per ASCE-7, snow load 

need not be included in the effective seismic weight used to determine seismic 

design base shear, V, when pf is less than 30 psf.  This choice of snow load 

simplified decisions regarding gravity loads during testing.   
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 Seismic loading criteria were defined through values of the short period 

spectral design parameter, SDS, and the 1-second spectral design parameter, SD1 

to values of 1.031 and 0.592, respectively, representing a high seismic region 

in southern California. 

 
2.2.1 Specimen 1 

 The Specimen 1 test building represented a typical metal building with light 

metal sidewalls.  It consisted of two parallel identical symmetrically gabled moment 

frames with 20 ft eave height, 60 ft width, and 0.5:12 roof pitch.  The building had 20 

ft bay spacing for design.  But due to size restrictions of the test setup, the specimen 

frames were physically spaced at 18 ft.  Roof construction used in metal building is 

typically assumed to provide a flexible diaphragm with practically no shear force 

transfer between frames, so each frame resists loads independently (Bajwa et al. 

2010).  Each moment frame was analyzed and designed individually as a planar 

structure.  Figure 2.1 to Figure 2.3 show elevations of the frames as designed.  Figure 

2.4 shows how the frames were connected. 

 The roof and sidewalls of the test specimen consisted of through-fastened 

corrugated metal panels supported on cold-formed steel Z-section purlins and girts 

spanning between the moment frames.  Tension-only rod bracing was used in an X-

configuration to provide a bracing system for the rigid frame rafters in the out-of-plane 

direction.  Similar tension-only bracing was used in the sidewalls to provide lateral 

stiffness for the test building in the direction transverse to the moment frames.  Rod 

bracing is shown in Figure 2.4. 
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 Moment frame members were web-tapered built-up I-sections assembled using 

single-sided fillet welds at flange-to-web joints (Figure 4.19).  The column section 

(Figure 2.2) was singly symmetric with thicker inner flanges, while the rafter section 

(Figure 2.3) was doubly symmetric.  Each rafter had a change in taper (pinch point) 

between the rafter-to-column joint (knee) and the ridge.  The column base 

configuration (Figure 2.5) was assumed to provide negligible rotational stiffness 

between the foundation and structure.  Therefore, each frame was designed with 

pinned bases. 

 Columns and rafters were laterally braced by a combination of purlins, girts, 

rod bracing, and flange brace angles.  Purlins and girts were bolted to clip plates 

[Figure 1.2(a)], which were welded to the outer flanges providing lateral restraint.  

Where needed to satisfy strength limit states, cold-formed steel diagonal angle 

members (flange braces) were bolted to a purlin or girt at one end and a small gusset 

plate at the inner flange-to-web joint of the I-section at the other.  A typical flange 

brace detail is shown in Figure 2.6.  Hong and Uang (2006) showed that flange brace 

angles using bolt slots oriented parallel to their longitudinal axes may provide 

unreliable levels of bracing strength and stiffness, potentially leaving the flange in an 

effectively unbraced condition.  Therefore, standard size bolt holes were used in all 

angle flange bracing.  Long slots were still used in the purlins for erection purposes, 

though they were oriented vertically and not parallel to the flange brace. 

 Rafters were connected to columns at the knee joints through extended bolted 

end-plate connections (Murray and Shoemaker 2002) oriented such that the end-plates 

were vertical.  Behind the rafter end-plates, on the column side, panel zones 
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transferred the moment and shear to the columns below.  The panel zones each 

consisted of a web plate, column cap plate, column outer flange, and horizontal 

welded web stiffeners [Figure 2.2(b)].  Rafter pieces were connected at the ridges 

using bolted end-plates as well.  End plates are shown in Figure 2.5. 

For seismic design, each moment frame was considered to be a "Steel System 

Not Specifically Detailed for Seismic Resistance" with seismic performance factors, 

R, Ω, and Cd all set to 3 (ASCE 2010).  This choice of SFRS was unusual in that the 

seismic spectral parameters would have classified the structure into an SDC D, where 

an OMF system would have been required.  However, it was of interest to study a 

typical metal building and the majority of MB frames in the U.S. are designed in SDC 

C or less. 

The Equivalent Lateral Force Procedure (ELF) per ASCE-7 was used to 

determine the design base shear, V.  This method required the building period, T, to be 

used with the design spectrum (Figure 1.4).  The building period used for base shear 

determination was approximated using an equation from ASCE-7 as: 

 0.80.028 0.315 seca nT h   (2.1)

where hn was the mean roof height measured in ft with a value of 20.25 ft for this 

building.  Following the ELF, the seismic response coefficient, Cs, was determined as 

follows: 

 
1.031

0.344
3

DS
s

S
C

R
    (2.2)

Finally, V was determined for each frame independently as: 

  0.344 9.48 kips 3.26 kipssV C W    (2.3)
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Where the seismic effective weight, W, was determined from an estimated self-weight 

(1.9 psf) and 6 psf of other D and C loads and a tributary width of 20 ft.  For design, 

the horizontal seismic loads, Eh, were applied as 0.5V concentrated forces at each 

eave, 20 ft above the column bases.  The vertical component of the seismic loading, 

Ev, was calculated as: 

  0.2v DSE S D C    (2.4)

which was distributed along the rafters as a vertical uniform loading. 

 The individual loadings were combined through the basic load combinations: 

 D C  (2.5)

  or rD C L S   (2.6)

   or 0.7 h vD C WL E E      (2.7)

    0.75  or 0.7 0.75  or h v rD C WL E E L S       (2.8)

  0.6  or 0.7 h vD WL E E     (2.9)

 In addition to satisfying the strength criteria of ASCE-7, the frame was 

designed to satisfy several drift or deflection limits.  Deflections due to dead and live 

loads were limited to L/180, where L was the length of the rafter.  Lateral drifts due to 

wind load were limited to H/100, where H was the height of a column.  Seismic drift 

was not limited per ASCE-7 because the metal panel sidewalls were considered 

capable of accommodating large seismic drifts. 

 The building designer used proprietary design optimization routines and 

software to satisfy all design criteria.  Afterward, a commercial software package, 

MBS (MBS 2010), was used to postulate the controlling design requirements.  The 
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final frame geometry was controlled by strength design requirements and not 

deflection limits.  The column and rafter were both controlled by load combination 

Equation (2.6) with S.  Seismic load combinations did not control the frame design.  

Figure 2.7 shows the distributed loads (in addition to self-weight) associated with the 

controlling load combination. 

 Figure 2.8 shows the demand-to-capacity ratio (DCR), as calculated from 

Chapter H in AISC-360 for combined axial and flexural interaction.  A DCR value 

greater than 1.0 would indicate that the demand exceeded the capacity.  It can be seen 

that the topmost unbraced length controlled the column strength with a DCR of 0.92.  

The unbraced segment of the rafter adjacent to the knee joint had a DCR of 0.93, 

while the unbraced segment nearest the ridge had a DCR of 0.97.  The DCR values are 

associated with compressive flange stresses, indicated by the side of the rafter on 

which the value is plotted.  It can also be seen that the locations of change in rafter 

taper (pinch points) were located near the lowest DCR values.  These low DCR values 

correspond to inflection points of the moment diagram resulting from the governing 

load combination. 

 Flange braces were located at purlins and girts as needed to provide adequate 

resistance to lateral buckling.  All girts and all but two purlins had flange braces 

because of the relatively high DCR values throughout the frame.  The purlins nearest 

the pinch points did not have flange braces, making the unbraced length of the inner 

flange at those locations 120 in., while the remainder of the rafter inner flange was 

braced at 60 in. or less. 
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 Figure 2.9 shows the DCR values associated with load combination Equation 

(2.7) using E.  The column top DCR was 0.39.  The DCR near the rafter end-plate 

controlled at a value of 0.41, while the DCR near the pinch point was only 0.25.  

Though not shown here, some of the wind load combinations had higher DCR values 

near the pinch points.  These low values indicate that seismic loading was not close to 

controlling the frame design. 

 
2.2.2 Specimen 2 

 The Specimen 2 test building represented a metal building with heavy wall 

attachments.  The general building layout was identical to that of Specimen 1 with the 

following differences: 

 Only the roof consisted of corrugated metal panels on purlins. 

 No wall girts or flange brace angles were placed along the height of either 

column. 

 Flange and web plate thicknesses as well as web depths, purlin and flange 

brace locations differed from Specimen 1 to meet the differing strength 

demands. 

 Flange braces consisted of both hot-rolled and cold-formed steel angles as 

needed. 

 End-plates for the bolted moment connections at each knee were oriented such 

that they were perpendicular to the roof surface, rather than vertical (Figure 

2.10). 
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 Pre-cast concrete tilt-up wall panels were attached at each sidewall of the 

building.  The walls had a design weight of 62.5 psf and consisted of 40 ft of 

tributary width, 20 ft per frame, with 22 ft of height.  They were connected to 

the frame through hot-rolled wide-flange spandrel beams (W10×22) with 

bolted connections to the panel zone webs.  The spandrel connections were 

detailed such that the wall was free to rotate about the axis of the spandrel 

without restraint.  The wall base was assumed to be pinned and the wall 

assumed to remain rigid through seismic excitations. 

 
 Figure 2.10 to Figure 2.12 show elevations of the frames as designed.  Figure 

2.13 shows how the frames were connected.  The column bases and end-plates are 

shown in Figure 2.14. 

As in Specimen 1, each moment frame was considered to be a "Steel System 

Not Specifically Detailed for Seismic Resistance" with R, Ω, Cd all set to 3.  Noting 

that the mean roof height of Specimen 2 equaled that of Specimen 1, the approximate 

fundamental period used to determine the design base shear was the same as for 

Specimen 1, using Equation (2.1).  The effective seismic weight for Specimen 2 was 

approximately 37 kips.  The value of Ta for both specimens was 0.315 sec even though 

Specimen 2 had more than 3.9 times the weight.  Because Ta was the same for 

Specimen 1, Cs also had a value of 0.344, per Equation (2.2).  The value of V for 

Specimen 2 was calculated as: 

  0.344 37.0 kips 12.7 kipssV C W    (2.10)



39 

 

The building was designed for the same design criteria as for specimen 1 with 

a single exception.  Because the concrete walls were not deemed capable of 

accommodating large seismic drifts, the seismic story drift limit per ASCE-7 of 2% of 

the building height was imposed. 

As for Specimen 1, MBS software was used to postulate the controlling design 

requirements for Specimen 2.  The final frame geometry was controlled by strength 

design requirements in addition to seismic drift limitations.  MBS software reported 

that for the load combination D+C+S (Figure 2.16), the DCR for member shear was 

1.23 in the rafters at the end-plate connections (Figure 2.17).  The largest DCR for 

axial-flexural interaction were all associated with snow load combinations, but did not 

exceed 0.63 at any location in the frame.  The story drift due to seismic loads was 

1.9% of the building height.  It is clear that the frame was controlled by seismic drift 

limits and perhaps by the shear strength under snow load combinations.  Figure 2.18 

shows the combined DCR for axial and flexural interaction under D+C+0.7E.  The 

largest DCR is at the inner flange of the pinch point with a value of 0.51. 

 
2.3 Testing Program 

2.3.1 Test Setup 

The test specimens were constructed at the NEES/UCSD site of the Englekirk 

Structural Engineering Center on the Large High Performance Outdoor Shake Table 

(LHPOST).  Construction was completed by a professional metal building erector, 

following all U.S. construction practices.  Each specimen was thoroughly measured 

for dimensional accuracy.  All nominal dimensions shown in Figure 2.1 through 
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Figure 2.6 and Figure 2.10 through Figure 2.15 were accurate for all practical 

purposes except plate thickness.  Plate thicknesses, as measured, are shown in Table 

2.1.  

The LHPOST has a table surface measuring 40 ft in the direction of shaking 

and 25 ft in the transverse direction.  Both specimens were longer than the shake table 

and a cantilevered base frame was designed to support the specimens.  Figure 2.19 

shows the test setup with the base frame attached to the shake table.  Four pieces of 

W36×302 wide-flange beams were cantilevered out from the table and each were tied 

down with 6 anchors, prestressed to 200 kips each.  Preliminary modeling and 

subsequent data analysis showed that the stiffness of the base frame was sufficient to 

be treated as a rigid base support for the test specimen. 

Figure 2.20 shows Specimen 1 and Figure 2.21 shows Specimen 2.  The 

columns of the specimens were erected and braced by angle bracing and sidewall girts 

as applicable.  For Specimen 1, the column bases were attached to the base frames 

with threaded rods fillet welded to the top of the base frame flange [Figure 2.22(a)].   

Because of some issues with that connection detail, holes were bored in the base frame 

flange and Specimen 2 was attached to the base frame with A490 bolts [Figure 

2.22(b)]   

Following erection of the columns, the rafters were assembled on the ground, 

lifted into place, and bolted to the columns at the knee connections.  All connection 

bolts were pre-tensioned using the turn-of-the-nut method (RCSC 2004).  The ridge 

connection of Specimen 1 can be seen in Figure 2.23.  Figure 2.24 shows the end-plate 

connection at the knee of Specimen 1.  Specimen 2 used similar end-plate connections.  
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Temporary bracing was used to prevent construction-phase buckling failures 

while the exterior cladding and roof were placed.  Roof purlins and flange braces were 

bolted on at required locations.  Typical flange brace connections can be seen in 

Figure 2.25.  Figure 2.26 shows the purlin-to-rafter clip connectors.  Finally, all 

diagonal bracing was tightened such that the building was properly aligned prior to the 

roof and wall panel placement.   

For Specimen 1, corrugated metal decking was screwed into the wall girts.  For 

Specimen 2, four 10 in thick normal weight (150 pcf) concrete walls were poured on-

site and lifted by crane into place.  Each panel was 10 ft wide and 22 ft tall. Figure 

2.27 shows the wall connection to the base frame, assumed to provide minimal 

restraint against wall base rotation.  Embedded plates at the top of the wall were 

welded to W10×22 spandrel beams attached to the panel zones of Specimen 2.  The 

web of the spandrel beam was oriented horizontally and the outer flange coped such 

that the flange attached to the wall could rotate about the web with minimal restraint.  

Figure 2.28 shows the spandrel connection to the wall.  The connection details of the 

base and top of the wall are believed to have provided boundary conditions consistent 

with those assumed in design. 

The specimen buildings were only 20 ft wide, lacking a large portion of the 40 

ft of tributary weight for which the frames were designed.  The mass of the building 

was believed to be of utmost importance for this testing, so mass was added to each 

frame to bring the total effective seismic weight to approximately that assumed in 

design.  This extra mass was in the form of three 1 in. × 8 in. steel plates, stacked 

above each rafter and held in place by short lengths of W8×28 bolted to the top of the 
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rafter flange in six locations along each frame.  Figure 2.29 shows the mass plates atop 

Specimen 1 and one of the connectors; also see Figure 2.23 for the two mass 

connectors near the ridge.  Figure 2.19(a) shows the locations of the mass plate 

connectors for each specimen. 

 
2.3.2 Instrumentation and Data Filtering 

The test buildings were thoroughly instrumented with a combination of 

accelerometers, displacement transducers, uniaxial electrical resistance strain gages, 

and strain gage rosettes.  Instrumentation plans are shown in Figure 2.30 through 

Figure 2.41.  Over 300 separate data channels were used on each test building.  All 

sensors were sampled at a rate of 240 Hz throughout each recorded motion.  The 

measured sensor signals were filtered using an 8th order Butterworth low-pass filter 

with a cutoff frequency of 40 Hz and a zero-phase digital filtering process built into 

MATLAB (Mathworks 2012).  Prior to each motion, the gages were biased such that 

the initial readings of all instruments were zero. 

Accelerometers were located at several sections along each rafter, on the base 

frame, on the roof mass plates, and in the panel zones.  A dense accelerometer 

distribution was used to provide redundancy for possible malfunctioned instruments, 

allow identification of mode shapes, and to monitor accelerations in three orthogonal 

directions.  Six accelerometers, oriented horizontally in the East-West direction, were 

located on the East wall of Specimen 2 (Figure 2.40). 

Strain gages and rosettes were located at several sections along each column 

and rafter.  At critical sections, five strain gages were distributed over the flanges to 
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detect local or lateral buckling.  Strain gage sections were distributed over the frames 

to both recover an accurate moment diagram and to provide redundancy in the case of 

damaged or malfunctioned gages.   

Displacement transducers were used to measure slip, rotation, and uplift of the 

column bases, slip of the base frame, and shear deformations in the panel zones.  They 

were also used to measure the opening of the bolted end plate connections.  Figure 

2.24 shows a typically instrumented panel zone.  Figure 2.22(b) shows a typically 

instrumented column base.  String potentiometers were used to measure the absolute 

displacement of each frame at the roof level.   

 
2.3.3 Material Properties 

Grade 55 steel was specified for all parts of the rafters and columns.  The 

specified grades and material properties based on tensile coupon test results are 

summarized in Table 2.2.  Tensile test results in the form of stress-strain curves are 

shown in Figure 2.42.  All materials satisfied ASTM requirements except the column 

flange coupon from Specimen 2.  A325 high-strength bolts were specified for the end-

plate moment connections and the flange brace connections. 

 
2.3.4 Testing Protocol 

The test buildings were subjected to a variety of ground motions with the shake 

table.  Five ground motion records were chosen from motions used in FEMA P695 

(ATC 2009); 1979 Imperial Valley (IV), 1989 Loma Prieta (LP), 1992 Landers (LD), 

1994 Northridge (NR), and 1999 Chi-Chi (CC).   
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Table 2.2 lists each earthquake record data as stored in the PEER NGA 

Database (PEER 2006). A white noise motion and a short duration impulse type 

motion were used to assess the dynamic characteristics (natural periods and equivalent 

viscous damping) of the specimen intermittently between seismic record tests to detect 

and track accumulating damage.  Figure 2.43 shows the acceleration time history of 

the impulse motion and a short sample of the 5 minute white noise motion.  Figure 

2.44 shows a ground acceleration time history and a pseudo-acceleration response 

spectrum for 5% damping for each earthquake record prior to scaling for shake table 

testing.   

Each ground motion record was scaled such that its 5% damped pseudo-

acceleration response spectrum value, at the measured fundamental period, was some 

percentage of the value of the elastic (R = 1) DBE design spectrum per ASCE-7 

(Figure 1.4) at that same period.  Tests were named using initials based on the 

particular ground motion record and a number representing the percentage of DBE to 

which it was scaled (i.e., IV150 for the IV motion scaled to 150% DBE).   

The general test sequence for each specimen started with white noise and 

impulse motions, followed by each ground motion record scaled to a low percentage 

of DBE.  The IV motion was used for all high-level tests for consistency and ease of 

results comparison.  After the low-level tests, IV tests were performed at increasing 

scale factors until limiting circumstances prevented further testing.  Test results for 

selected motions are described Section 2.4. 
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2.3.5 Base Shear Calculation 

Prior to describing the testing, it will be beneficial to describe how base shears 

were calculated for discussion purposes.  The base shear, for use in seismic design, is 

the total horizontal force resisted by the building structural elements.  Two methods 

were used to derive the seismic base shear from the instrumentation.  Portions of mass, 

mi, were considered tributary to certain accelerometers, ai, and the first estimation of 

base shear was calculated as: 

 ( ) ( )a i i
i

V t m a t   (2.11)

In theory, Equation (2.11) should lead to a large estimate of the base shear because ai 

measures the absolute acceleration.  Rearranging Equation (1.1) as: 

  ( ) ( ) ( ) ( ) ( ) ( ) ( )a g D SV t t u t t t f t f t      m u cu ku    (2.12)

shows that the base shear estimate of Equation (2.11) for a linear system overestimates 

the actual base shear, fS, by the damping force fD.  It will be shown that the damping of 

these systems is quite low such that fD is small compared to fS.  Therefore, Equation 

(2.11) should provide a close estimate of the base shear with appropriate tributary 

mass assignments and good quality accelerometer data.  Figure 2.45 demonstrates this 

process for Specimen 1. 

The second method of calculating the base shear was to use the strain gages 

along each column.  Each column had three cross-sections instrumented with strain 

gages such that bending moment could be calculated at those locations.  Using beam 

theory, the inner flange strain, εi, and outer flange strain, εo, were used to calculate 

bending moment as: 
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where Si and So are the elastic section moduli for the inner and outer flanges, 

respectively.  Recognizing that shear is the slope of the bending moment function, the 

top two strain gage cross-sections were used to calculate the shear in each column, Vi. 

(Figure 2.46).  The base shear, Vm, was approximated as: 

 
4

1

( ) ( )m i
i

V t V t


  (2.14)

Because this is an estimate of fS directly and does not include damping forces, it is 

expected to be smaller and more accurate than Equation (2.12).  This method is only 

reliable and valid when the section remains elastic. 

Both methods were applied to each specimen for every test.  It was found that 

both methods resulted in close base shear estimates with Va always slightly larger than 

Vm.  Because Vm was found to result in a smoother curve (less “noisy”) and its 

theoretical advantage over Va, Equation (2.14) was used as the primary method of base 

shear determination for presentation and discussion in this research.  Figure 2.47 

shows both Va and Vm for the Specimen 1 IV100 test to demonstrate their agreement. 

 
2.4 Results for Specimen 1 

Testing of Specimen 1 began with both a white noise and an impulse motion to 

ascertain rough estimates of the fundamental period of vibration of the test building, 

T1.  A value of 0.39 sec was obtained by plotting the Fourier spectrum of the story 

drift, taken as D21-D33 (Figure 2.35), and locating the peak of the plot and the 

corresponding frequency (Figure 2.48).  Scaling factors were chosen for the remaining 
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test motions based on this period.  Scaling factors on the original record for all tests 

are shown in Table 2.4.  Following these initial tests, the 5 selected ground motions 

were simulated at approximately 25% DBE.  An impulse test was performed following 

each 25% motion to observe any unforeseen problems with the test setup or specimen.  

The period remained approximately constant so larger testing commenced. 

Global response plots for the IV50 through IV300 tests are shown in Figure 

2.49.  The story displacement was measured by the average of as many as four string 

potentiometers at 237.4 in. above the base.  For some tests, some of the string 

potentiometers malfunctioned and they were not used in the calculation of story 

displacement.  Because the string potentiometers at the roof level measured absolute 

displacement, the average of D33 and D35, string potentiometers at the base, was 

subtracted from the roof displacements to yield relative story displacements.  The 

story drift ratio is the ratio of relative roof displacement to the height of the 

measurement (237.4 in).  The base shear ratio is explained in the next chapter. 

The IV test was simulated at progressively larger scale factors, with 

intermittent impulse tests, until the IV150 test.  No damage was observed.  During the 

IV150 test, the anchor rods connecting the southeast column to the base frame sheared 

off at their base.  Though the response of the structure to the motion was altered due to 

the change in structural stiffness, no damage was observed elsewhere in the frame.  

Extensive welding was performed around the base plates at each column to prevent 

like failures during subsequent tests.  Efforts were made to reduce artificial stiffening 

of the base plate-to-base frame connection; however, some stiffening was inevitable.  

Figure 2.50 and Figure 2.51 show the damaged and repaired base plate.   
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After repair of the base plates, an impulse test was performed and further tests 

with the IV motion.  No damage was observed during the IV200 test.  During the 

IV250 test, the north rafter at the east pinch point showed visible signs of lateral 

buckling along the bottom flange [Figure 2.52(a)].  The transverse buckling 

deformations were toward the inside of the building.  It was also observed that the 

mass plate connector, just east of the ridge on the north frame had become separated 

from its base such that the mass plates were no longer supported by the rafter at that 

location (Figure 2.53).  Following testing, it was observed that FLB had occurred at 

the pinch point along the bottom flange, which was near mid-way along the buckled 

segment [Figure 2.52(a)].  Finally, the purlin supporting the flange brace at the east 

end of the buckled rafter segment (at Section G in Figure 2.31) was damaged locally 

from large bracing forces (Figure 2.54). 

Post-test analysis of measured data showed two possible indicators of 

buckling, one at the northeast rafter pinch point and one at the northwest pinch point.  

Figure 2.55(a) shows strain measurements from the gaged section nearest the pinch 

point on the northeast rafter piece.  S98 and S99 were located on the bottom surface of 

the same flange.  The sharp deviation from gage agreement (indicated by the green 

dotted line) suggested buckling beginning to occur at a recorded time of 39.79 sec and 

a recorded base shear of 49.2 kips.  This same location showed further evidence of 

buckling at a recorded time of 52.43 sec [Figure 2.55(b)] with a recorded base shear of 

53.7 kips.  More evidence at 52.43 sec was seen in the gaged section adjacent to the 

pinch point, toward the knee [Figure 2.55(c)]. 
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In addition to the northeast pinch point, strain gages near the northwest pinch 

point suggest occurrence of buckling at a recorded time of 52.19 sec [Figure 2.55(d)] 

and a recorded base shear of -61.9 kips.  However, no visible evidence of buckling at 

this location was observed. 

Minor cracks were observed at the welds which were placed around the base 

plates following the IV150 test.  These welds were repaired and impulse tests were 

performed before and after to assess the significance of stiffening.  Following the 

repairs, the final test, IV300, was simulated.  In addition to larger lateral deformations 

at the northeast rafter (Figure 2.56), two other locations, the southwest (Figure 2.57) 

and southeast (Figure 2.58) pinch points, also showed signs of lateral buckling toward 

the inside of the building and FLB at the pinch points.   

Strain gages at the southwest pinch point [Figure 2.55(e)] and the southeast 

pinch point [Figure 2.55(f)] showed evidence of buckling at recorded times and base 

shears of 52.25 sec with -71.9 kips and 56.03 sec with 53.8 kips, respectively. 

The south end of the purlin damaged during the IV250 test was further 

damaged (Figure 2.59) by large bracing forces at the same flange brace for the 

southeast rafter (brace “C” in Figure 2.30).  The damaged purlin at the northeast 

showed small tears at the locations of local damage (Figure 2.59).  Finally, the FLB at 

the segment which buckled during the IV250 test ruptured with a transverse crack 

running through the flange and into the web (Figure 2.60).  The crack extended to the 

north flange edge which had undergone several cycles of large plastic deformation due 

to the curvature at the FLB.  The crack did not extend to the south edge where FLB 

local damage was less. 
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Testing was ceased after the IV300 test due to the uncertainty of how the 

rupture in the flange would propagate.  The highest base shear observed during testing 

was 72.3 kips and the largest story drift was 8.04 in.  The test building did not 

collapse.  No damage was observed at the bolted end-plate moment connections and 

the displacement transducers indicated no opening of the connections.  The 

connections did not appear to be challenged through this testing.   

Figure 2.62 shows the combined testing hysteresis over all test motions.  Each 

marker symbol in the figure corresponds to the same symbols in Figure 2.55, 

indicating buckling as evidenced by strain gage data. 

 
2.5 Results for Specimen 2 

Global response plots for the IV50 through IV150 tests are shown in Figure 

2.62.  The story displacement and drift was measured and defined as for Specimen 1.  

Testing of Specimen 2 began with both a white noise and an impulse motion to 

ascertain rough estimates of the fundamental period of vibration of the test building, 

T1.  A value of 0.48 sec was obtained by plotting the Fourier spectrum of the story 

drift, as for Specimen 1.  Scaling factors were chosen for the remaining test motions 

based on this period.  Scaling factors on the original record for all tests are shown in 

Table 2.5.  Following these initial tests, the 5 selected ground motions were simulated 

at approximately 10% DBE.  An impulse test was performed following the 10% DBE 

motions to observe any unforeseen problems with the test setup or specimen.  The 

period remained approximately constant so larger testing commenced. 
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The IV test was simulated at progressively larger scale factors, with 

intermittent impulse and white noise tests, through the IV50 test.  No damage was 

observed.  During the IV100 test, the north and south rafters at the east pinch points 

showed visible signs of lateral buckling along the bottom flange.  The northeast rafter 

buckled in toward the building (Figure 2.63), while the southeast rafter buckled out 

away from the building (Figure 2.64).  FLBs formed at the inner flange near the pinch 

points toward the mid-length of the lateral buckles.  The flange brace angle west of the 

northeast pinch point was damaged due to large bracing force demands (Figure 2.65). 

Post-test analysis of measured data showed three possible indicators of 

buckling, two at the east pinch points where buckling was visible and one at the 

northwest pinch point.  Figure 2.66(a) shows strain measurements from the gaged 

section nearest the pinch point on the northwest rafter piece.  The sharp deviation from 

gage agreement (indicated by the green dotted line) suggested buckling beginning to 

occur at a recorded time of 25.08 sec and a recorded base shear of -70.6 kips.  There 

were no visible indications of buckling observed at this location.  Figure 2.66(b) 

shows that the southeast rafter started buckling at a time of 25.35 sec, with a 

corresponding measured base shear of 71.8 kips.  The northeast rafter started buckling 

at a time of 25.39 sec [Figure 2.66(c)] with a corresponding measured base shear of 

82.1 kips.   

The final test, IV150, was simulated.  In addition to larger lateral deformations 

at the northeast rafter, the damaged flange brace detached from the purlin [Figure 

2.67(a)] and the FLB near that pinch point developed a transverse crack [Figure 

2.67(b)].  All four rafters exhibited lateral buckling near the pinch points.  Figure 2.68 
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shows the laterally buckled segments near the southeast and northwest rafters.  FLBs 

formed along the bottom flanges near each pinch point.  In addition, FLBs formed 

toward the knee region from all four pinch points due to the large out-of-plane 

bending of the inner flanges.  Figure 2.69 shows the two FLB along the southwest 

buckled segment 

Strain gages at the northwest pinch point [Figure 2.66(d)] and the southeast 

pinch point [Figure 2.66(e)] showed evidence of buckling at recorded times and base 

shears of 7.91 sec with -88.2 kips and 7.83 sec with -58.1 kips, respectively. 

Testing was ceased after the IV150 test due to the uncertainty of how the 

rupture in the northeast flange would propagate.  The highest base shear observed 

during testing was 88.2 kips and the largest story drift was 8.18 in.  The test building 

did not collapse.  No damage was observed at the bolted end-plate moment 

connections and the displacement transducers indicated no opening of the connections.  

The connections did not appear to be challenged through this testing.   

Figure 2.70 shows the combined testing hysteresis over all test motions.  Each 

marker symbol in the figure corresponds to the same symbols in Figure 2.66, 

indicating buckling as evidenced by strain gage data. 

 
2.6 Column Base Response 

The column base plates used for these test specimens consisted of 3/8 in steel 

plates with four anchor bolts located between the flanges (Figure 2.5).  The edges of 

the base plates under the column flanges were free to lift up from the base frame due 

to large column base rotation demands.  Because the base plates were relatively thin, 
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plastic deformations developed early in cyclic loadings, resulting in a dished base 

plate.   

Column base moments were extrapolated from the strain gage sections used to 

measure base shear.  Displacement transducers attached to each column flange [Figure 

2.22(b)] were used to calculate a rotation of the column base.  Figure 2.71(a) through 

Figure 2.71(d) show the as measured moment rotation response from the IV25 test of 

Specimen 1.  Each base plate exhibited a fairly linear behavior.  Figure 2.71(e) 

through Figure 2.71(h) show the same plots for the IV250 test.  It can be seen that at 

low rotation demands, the column bases had deformed so that both flanges were lifted 

away from the base frame, into a dish shape, resulting in zero rotational stiffness for 

all practical purposes.  As the rotation demands increased, the flange came into contact 

with the base frame and the base became stiffer.  For each larger motion, the 

accumulated permanent deformations of the base plate exacerbated this nonlinear 

behavior.  This same behavior was observed in the base plates of Specimen 2.   

 

2.7 Rafter Flange Bracing 

During the testing of both Specimens 1 and 2, flange brace damage occurred 

near unbraced segments buckling laterally.  These flange braces were strain gaged 

such that the bracing forces could be measured.  Each brace had three strain gages 

located at mid-length of the brace, distributed as shown in Figure 2.30 and Figure 2.31 

for Specimen 1 and Figure 2.36 and Figure 2.37 for Specimen 2.  Each gage was 

located at 0.5 in from the angle tip.   
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Using elastic beam theory, the following set of equations can be solved for the 

axial force, Pbr, in the equal-leg angle braces from the three measured strains, εi: 
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 (2.15)

where Mz and My are bending moment about axes parallel to the angle legs, yi, and zi 

are distances of strain gage i from the centoid, A is the area of the angle, and I is the 

moment of inertia about either the y-axis or z-axis. 

 Figure 2.72 shows the measured forces in braces “C” and “G” for Specimen 1, 

those which showed purlin damage.  Brace “C” and “G” resisted maximum forces of 

1.6 kips and 1.7 kips of compression, respectively.  Figure 2.73 shows the measured 

forces in brace “I” for Specimen 2.  The forces, as measured, acted parallel to the axes 

of the brace.  Implications of these measured forces are presented in Chapter 3. 
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Table 2.1. Measured Plate Thicknesses 

Spec. 1 
Plate 

Width (in) 

Nominal 
Thickness 

(in) 

Mean 
Measured 
Thickness 

(in) 

Spec. 2  
Plate Width 

(in) 

Nominal 
Thickness 

(in) 

Mean 
Measured 
Thickness 

(in) 

5 0.25 0.254 8 0.250 0.248 

5 0.3125 0.316 8 0.3125 0.315 

6 0.250 0.256 6 0.25 0.252 

Web 0.134 - Web 0.150 - 

Web 0.150 0.150 Web 0.179 0.201 

Web 0.1875 0.216 Web 0.250 0.260 

 
 

Table 2.2. Material Coupon Tensile Test Results 

Member              
(Nominal Size) 

Material/ 
Measured 
Thickness Fy (ksi) Fu (ksi) 

2” Gage 
Length Elong. 

(%) 

Spec. 1 Column 
Flange  (5/16” x 5”) 

A529 Gr. 55  
0.316” Thick 

56.3 (62.1) 80.5 (81.0) 30 

Spec. 1 Column Web   
(0.150” Thickness) 

A1011 Gr. 55 
0.150” Thick 

58.4 (64.2) 84.7 (91.3) 25 

Spec. 1 Rafter Flange   
(1/4" x 6”) 

A529 Gr. 55   
0.255” Thick 

61.6 (61.9) 83.3 (83.9) 28 

Spec. 1 Rafter Web     
(0.188” Thickness) 

A1011 Gr. 55    

0.216” Thick 
56.3 (59.3) 82.2 (87.9) 29 

Spec. 2 Column 
Flange   (5/16” x 8”) 

A529 Gr. 55  
0.314” Thick 

53.0 (57.9) 76.5 (78.5) 30 

Spec. 2 Column Web   
(0.178” Thickness) 

A1011 Gr. 55 
0.193” Thick 

71.9 (68.9) 84.8 (91.4) 20 

Spec. 2 Rafter Flange   
(1/4" x 6”) 

A529 Gr. 55  
0.260” Thick 

55.3 (58.0) 74.3 (77.0) 31 

Spec. 2 Rafter Web     
(0.178” Thickness) 

A1011 Gr. 55 
0.192” Thick 

57.5 (68.9) 72.5 (91.4) 30 
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Table 2.3. Ground Motions for Testing 

Year Event Name 
Recording 

Station Station Owner 
PEER NGA File 

Name Magnitude 

1979 
Imperial Valley 

(IV) 
Delta UNAMUCSD 

IMPVALL/ H-
DLT352 

6.5 

1989 
Loma Prieta 

(LP) 
Capitola CDMG 

LOMAP/ 
CAP000 

6.9 

1992 
Landers        

(LD) 
Yermo Fire 

Station 
CDMG 

LANDERS/ 
YER270 

7.3 

1994 
Northridge    

(NR) 
Canyon 

County-WLC 
USC 

NORTHR/ 
LOS000 

6.7 

1999 
Chi-Chi        

(CC) 
TCU084 CWB 

CHICHI/ 
TCU084_001 

7.6 

 

 

Table 2.4. Specimen 1 Ground Motion Scaling Factors 

Motion % DBE Scale Factor 

Loma Prieta (CAP000) 25 0.158 

Landers (YER270) 25 0.565 

Chi-Chi (TCU084-01) 25 0.223 

Northridge (LOS000) 25 0.258 

Imperial Valley(H-DLT352) 25 0.485 

Imperial Valley(H-DLT352) 50 0.97 

Imperial Valley(H-DLT352) 100 1.94 

Imperial Valley(H-DLT352) 150 2.91 

Imperial Valley(H-DLT352) 200 3.88 

Imperial Valley(H-DLT352) 250 4.85 

Imperial Valley(H-DLT352) 300 5.82 
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Table 2.5. Specimen 2 Ground Motion Scaling Factors 

Motion % DBE Scale Factor 

Loma Prieta (CAP000) 10 0.107 

Landers (YER270) 10 0.210 

Chi-Chi (TCU084-01) 10 0.108 

Northridge (LOS000) 10 0.095 

Imperial Valley(H-DLT352) 10 0.161 

Imperial Valley(H-DLT352) 20 0.321 

Imperial Valley(H-DLT352) 50 0.803 

Imperial Valley(H-DLT352) 100 1.605 

Imperial Valley(H-DLT352) 150 2.408 
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Figure 2.2. Specimen 1 Column Details 
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Figure 2.5. Specimen 1 Connection Plate Details 
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Figure 2.6. Specimen 1 Typical Flange Brace Detail 

 
 
 
 

 
 

Figure 2.7. Specimen 1 Governing Load Combination for Frame Design 
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Figure 2.8. Specimen 1 DCR for Governing Load Combination (D+C+S) 

 

 

 

 

Figure 2.9. Specimen 1 DCR for Load Combination D+C+0.7E 
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Figure 2.11. Specimen 2 Column Details 



67 

 

 

F
ig

u
re

 2
.1

2.
 S

p
ec

im
en

 2
 R

af
te

r 
D

et
ai

ls
 

 

 



68 

 

 

F
ig

u
re

 2
.1

3.
 S

p
ec

im
en

 2
 S

id
ew

al
l a

n
d

 R
oo

f 
D

et
ai

ls
 



69 

 

 

Figure 2.14. Specimen 2 Connection Plate Details 
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Figure 2.15. Specimen 2 Typical Flange Brace Detail 
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Figure 2.16. Specimen 2 Governing Load Combination 

 

 

 

Figure 2.17. Specimen 2 Member Shear DCR for Load Combination D+C+S 
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Figure 2.18. Specimen 2 Member Axial-Flexure Interaction DCR for Load 

Combination D+C+0.7E 
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(a) Elevation View 

 

 

(b) Plan View 

Figure 2.19. Shake Table Test Setup with Cantilever Base Frame 

 

MASS CONNECTOR, TYP. 



74 

 

 
Figure 2.20. Specimen 1 Assembled on Shake Table 

 
Figure 2.21. Specimen 2 Assembled on Shake Table 
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(a) Threaded Rod Connectors 

(Specimen 1) 

(b) Bolts 

(Specimen 2) 

 
Figure 2.22. Column Base Connection to Base Frame 

 

 

Figure 2.23. Rafter Ridge Connection and Mass Plate Connectors 
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Figure 2.24. End Plate Connection and Panel Zone Instrumentation (Specimen 1) 

 
 

 
 

Figure 2.25. Diagonal Flange Braces at Rafter (Specimen 1) 
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Figure 2.26. Purlin Clip and Flange Brace (Specimen 1) 

 

  

(a) Wall Saddles (b) Wall in Place 

Figure 2.27. Wall Base Connection (Specimen 2) 
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(a) Elevation Detail (b) Section A-A 

 
 

(c) Spandrel  Beam (d) Embed Plate 

Figure 2.28. Wall Top Connection (Specimen 2) 
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Figure 2.29. Roof Mass Plates (Specimen 1) 
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Figure 2.35. Specimen 1 String Potentiometer Layout 

 

(b) North Frame 

(a) South Frame 
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Figure 2.40. Specimen 2 East Wall Accelerometer Layout (Westward Elevation) 
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Figure 2.42. Material Coupon Stress Strain Curves 
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Figure 2.43. Sample Impulse and White Noise Excitation Time Histories 
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Figure 2.44. Ground Motion Records for Testing 
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Figure 2.45. Base Shear Calculated from Accelerations (Specimen 1) 

 
 
 
 

 
 

Figure 2.46. Base Shear from Strain Gages 
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Figure 2.47. Base Shear Method Comparison 

 

 
Figure 2.48. Specimen 1 FFT (Initial White Noise) 
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(a) IV50 (b) IV100 

  
(c) IV150 (d) IV200 

  
(e) IV250 (f) IV300 

 
Figure 2.49. Specimen 1 Global Response Plots 
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 (a) Column Base (b) Ruptured Weld 

Figure 2.50. Specimen 1 SE Column Anchor Rod Damage (IV150) 

 

  
(a) at SE Column 

 

  
(b) at Other Columns 

 
Figure 2.51. Specimen 1 Column Base Repair Welding 
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(a) Lateral Beam Buckling 

 

 
(b) Flange Local Buckling at Mid-Segment 

 
Figure 2.52. Specimen 1 Buckling at Northeast Rafter Pinch Point (IV250) 

 

(b) 
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Figure 2.53. Specimen 1 Rupture of Mass Plate Connector (IV250) 

 
 
 

 
 

Figure 2.54. Specimen 1 Purlin Damage at Flange Brace (IV250) 

 

LTB 
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(a) NE Rafter Pinch (IV250) (b)  NE Rafter Pinch (IV250) 

  
(c) NE Rafter (IV250) (d) NW Pinch (IV250) 

  
(e) SW Pinch (IV300) (f) SE Pinch (IV300) 

 
Figure 2.55. Specimen 1 Buckling Indications from Strain Gages 
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Figure 2.56. Specimen 1 Lateral Buckling at NE Pinch Point (IV300) 
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(a) LTB (Westward View) 

 

 
(b) FLB (Northward View) 

 
Figure 2.57. Specimen 1 Lateral Buckling at SW Pinch Point (IV300) 

(b) 
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(a) Lateral Beam Buckling (Eastward View) 

 

 
(a) FLB (Northward View) 

 
Figure 2.58. Specimen 1 Lateral Buckling at SE Pinch Point (IV300) 
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 (a) NE Rafter (b) SE Rafter 
 

Figure 2.59. Specimen 1 Purlin Damage at East Buckled Segments (IV300) 

 

 
(a) from Above (Southward View) 

 

 
(b) from Below 

 
Figure 2.60. Specimen 1 Flange Rupture at NE Pinch Point (IV300) 
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Figure 2.61. Specimen 1 Total Global Response 
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(a) IV50 

  
(b) IV100 (c) IV150 

 
Figure 2.62. Specimen 2 Global Response Plots 
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(a) LTB 

 

 
(b) FLB 

Figure 2.63. Specimen 2 Buckling around the Northeast Pinch Point (IV100) 
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(a) LTB 

 

 
(b) FLB 

 
Figure 2.64. Specimen 2 Buckling around the Southeast Pinch Point (IV100) 

 

(b) 
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Figure 2.65. Specimen 2 Flange Brace “I” Damage near NE Buckle (IV100) 

 
 
 

  
(a) NW Rafter (IV100) (b) SE Rafter (IV100) 

Figure 2.66. Specimen 2 Buckling Indications from Strain Gages 
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(c) NE Rafter (IV100) (d) NW Rafter (IV150) 

 
(e) SW Rafter (IV150) 

Figure 2.66. Specimen 2 Buckling Indications from Strain Gages (continued) 
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(a) LTB and Flange Brace Damage 
 

 

(b) Cracking at Pinch Point FLB 
 

Figure 2.67. Specimen 2 Buckling near Northeast Pinch Point (IV150) 
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 (a) SE Rafter (b) NW Rafter 

Figure 2.68. Specimen 2 Rafter Lateral Buckling (IV150) 

 
 

 

Figure 2.69. Specimen 2 FLBs at SW Rafter (IV150) 
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Figure 2.70. Specimen 2 Total Global Response 

 
 
 

  
(a) NW (IV25) (b) NE (IV25) 

Figure 2.71. Specimen 1 Column Base Moment-Rotation 
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(c) SW (IV25) (d) SE (IV25) 

  
(e) NW (IV250) (f) NE (IV250) 

  
(g) SW (IV250) (h) SE (IV250) 

Figure 2.71. Specimen 1 Column Base Moment-Rotation (continued) 
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(a) Brace “G” (IV250) (b) Brace “G” (IV300) 

 
(c) Brace “C” (IV300) 

Figure 2.72. Specimen 1 Forces in Flange Braces 

 

  
(a) IV100  (b) IV150 

Figure 2.73. Specimen 2 Forces in Flange Brace “I” 
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3 IMPLICATIONS OF SHAKE TABLE TEST RESULTS 

 
3.1 General Observations 

For the elastic design procedure of Hong and Uang (2007), the seismic lateral 

strength of a frame is defined by the exceedance of the first strength limit state due to 

seismic and gravity force demands.  It was of interest to compare the base shears 

causing initial LTB for each shake table specimen to those from the spectral 

accelerations of ASCE-7 at DBE. 

 
System Overstrength 

The northeast rafter of Specimen 1 buckled near the pinch point at a base shear 

of 49.2 kips and resisted a maximum of 72.3 kips during the testing. The effective 

seismic weight, W, of the test building was recalculated based on the actual weights of 

the structure and was taken as the full weight of the test building minus the bottom 

halves of the columns, wall panels, and wall rod bracing.  The revised estimate of W 

was 16.98 kips.  The elastic base shear demand per ASCE-7 is SDSW or 17.5 kips at 

DBE.  The elastic MCE demand is 50% larger at a base shear of 26.3 kips.   

A base shear ratio is defined here as the ratio of measured base shear to W.  

Figure 2.61 and Figure 2.70 show the base shear ratio response of Specimen 1 and 

Specimen 2, respectively.  Specimen 1 showed lateral buckling at a base shear ratio of 

2.90 and resisted a maximum base shear ratio of 4.26.  As shown in Chapter 2, the 

specimen frames were designed for a total design base shear, V, of 6.52 kips, a base 

shear ratio of 0.373, slightly higher than the Cs value of 0.344 intended.  This was
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due to the decreased seismic effective weight of the specimen compared with the 

design.  If initial buckling is considered to be the strength of the frame, then Specimen 

1 had a system overstrength of 7.55 (= 49.2/6.52).  This overstrength was partly due to 

nonseismic design loads and partly due to strengthening of the frame from the roof 

mass plates as shown later in this chapter.  A seismic safety factor against DBE can be 

calculated as 2.81 (= 49.2/17.5), suggesting this test building would survive either 

DBE or MCE events, remaining elastic.  The high levels of the overstrength were in 

agreement with the findings of Hong and Uang (2007) for light metal buildings. 

Specimen 2 showed lateral buckling at 71.8 kips in the southeast rafter near the 

pinch point.  The highest base shear resisted by the building was 88.2 kips.  Similar to 

Specimen 1, a revised W was calculated as 84.8 kips.  The design base shear was 25.4 

kips, resulting in a base shear ratio of 0.300.  Considering initial buckling as the 

strength of the frame, the overstrength was 2.83, much lower than that of Specimen 1.  

The lower overstrength was in agreement with that reported in Hong and Uang (2007) 

for heavy metal buildings.  The elastic base shear demand for DBE was 87.4 kips.  A 

seismic safety factor against DBE is 0.822 (= 71.8/87.4), showing that this specimen 

did not remain elastic and undamaged until the DBE demand.  However, the 

maximum resisted base shear is 1.01 times the DBE demand, and the building did not 

collapse from a motion scaled to be 50% stronger than DBE.  While the inherent 

overstrength due to nonseismic design loads was less for this heavy building, it 

appears that some energy was dissipated due to lateral-torsional buckling of the 

rafters. 
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Inelastic Mechanism 

Both specimens exhibited lateral buckling of the rafters near pinch points.  It is 

interesting to consider the behavior of the buckled segments.  When the inner flange of 

a buckled segment was in compression, the segment would buckle laterally.  However, 

upon load reversal the buckle would straighten out as the inner flange was placed into 

tension.  It was very noticeable in Specimen 2 that at any given time, only one end of 

the rafter showed lateral buckling.  The buckled segments would alternate between 

buckling and straightening, never forming more than one buckle at a time.  This is 

very similar to the behavior of steel Special Concentric Brace Frames (SCBF).  In an 

SCBF, some of the braces are in tension and some buckling in compression.  Those 

braces alternate tension and buckling such that at no time are all the braces are 

buckled.   

A structural portal frame, with pinned bases, is an indeterminate structure to 

one degree.  This means that two independent internal force releases, or hinges, are 

required to cause the structure to become unstable. Recognizing that only one segment 

in a frame was buckling at any given time, and considering a lateral buckle a single 

hinge, the post-buckled frames were still determinate and not unstable.  This helps 

explain why the structures did not collapse.  It is worth considering why a second 

hinge did not form in either specimen.   

All lateral buckling occurred along the inner flange at locations where a flange 

brace angle was omitted, resulting in a longer unbraced length of the inner flange than 

the outer.  This condition is common in metal buildings as flange brace angles are 

placed as needed for strength of the members, while purlins are located to support roof 
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decking.  The outer flange, with shorter unbraced lengths, is more difficult to buckle 

laterally.  Also, as Figure 2.70 suggests, the frame strength and stiffness drop after 

buckling, releasing some of the internal forces and requiring increasingly large 

displacements to increase internal force demand.  Combining the post-buckled 

stiffness of the frame with the increased resistance of the outer flange to lateral 

buckling, it is understandable why a second hinge did not form during testing.  It is 

also likely that these conditions exist in many practical MB frames designed using 

current practice. 

The cyclic behavior of rafter LTB appeared to be fairly ductile throughout the 

large cycling of the imposed ground motions.  In all cases, FLB formed near the mid-

length of the buckled inner flanges.  Specimen 2 also had FLB form at the deeper ends 

of the buckled inner flanges revealing large out-of-plane bending curvatures 

associated with the laterally buckled shape.  The FLB in the northeast rafter of both 

Specimen 1 and Specimen 2 showed transverse cracking of the inner flange during the 

next motion following formation of LTB.  These were low-cycle fatigue cracks due to 

the intense local curvature demands.  If LTB were to be used for inelastic hinges in a 

new SFRS, low-cycle fatigue considerations would need to be explored through 

laboratory testing. 

 
3.2 Dynamic Properties 

In order to understand the dynamic responses of MB frames better, system 

identification procedures were applied to both Specimen 1 and Specimen 2 shake table 
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test results.  Using Equations (1.3) and (1.5) a state-space model of the linear 

dynamical system was defined as (Mathworks 2012): 
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  1 1g n nk n 
 D ψ ψ 1  (3.11)

and n is the number of dynamic modes considered, y(t) are the relative accelerations at 

the considered accelerometer locations, at(t) is the table acceleration, and k is the 

number of accelerometers considered.  The parameters of the state space model were 

the circular natural frequencies, ωn, the modal equivalent viscous damping ratios, ζn, 

and the mode shapes ψn.  MATLAB (MathWorks 2012) was used to fit the parametric 

model to given input, at(t), and outputs ai(t), where ai(t) were the derived relative 

accelerations at a number of accelerometers.  The MATLAB fitting routine used the 

prediction error minimization algorithm to fit. 

 State-space models were fit to each white noise and impulse test throughout 

testing for both specimens using several accelerometers and only a single vibration 

mode, corresponding to T1.  Table 3.1 shows the extracted period and equivalent 

viscous damping ratio for each Specimen 1 test.  Table 3.2 shows the same for 

Specimen 2.  It can be seen that the period elongates throughout testing, especially 

after formation of LTB.  The damping ratios do not, however, show an increasing 

trend due to damage.  Equivalent viscous damping ratios all were in the range of 1.5% 

to 3%.  The average damping ratio over all tests was 2.0%. 

 It was of interest to see if the amplitude of motion affected the damping ratios.  

The state-space model was fit to the IV200 test of Specimen 1.  IV200 was selected 

because it was the largest motion without buckling.  The state space model chosen 

describes a linear dynamical system and lateral buckling during the test would violate 

the linearity assumption.  It should be noted that a ground motion has nonuniform 



123 

 

spectral energy, meaning it would have a tendency to excite certain vibrational 

frequencies over others.  This is undesirable for robust system identification.  

However, a comparison can be made between two similar motions.  The state space 

model was also fit to the IV25 test of Specimen 1.  The fundamental periods and 

damping ratios were found to be 0.389 sec and 1.8% for IV25, similar to those from 

the impulse test, and 0.439 sec and 4.3% for IV200.  It is clear that the displacement 

amplitudes affect the equivalent damping ratios.  Based on the observations it is 

believed that an equivalent viscous damping ratio of 2 to 3% should be used for design 

of MB moment frames. 

  
3.3 Frame Modeling and Lateral Stiffness Correlation to Test Frame 

It was desired to determine the best analysis modeling procedures for metal 

building frames for use with other aspects of this research.  SAP2000 (CSI 2012) was 

used to simulate beam-column models of Specimen 1.  Appendix A describes the final 

modeling process in detail, however there were several parameters which were 

investigated to validate that process.  Three important modeling considerations of the 

shake table specimen models were: 

 Panel zone stiffness 

 Column base rotational stiffness 

 Roof mass plate stiffness 

It was important to model each of these correctly for the conditions on the shake table 

testing such that deviations from the shake table conditions could be extrapolated (e.g., 

the absence of mass plates).   
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 The proposed panel zone modeling process of Appendix A is believed to have 

kinematics which better match those of a real specimen.  Combined with the rigorous 

determination of a spring constant, this panel zone model was the only model 

considered for analysis.   

A beam-column model of a single frame from Specimen 1 was first composed 

following the processes of Appendix A for 2D planar frame modeling.  The model had 

pinned bases.  Based on Section A.2.4, the rotational spring stiffness of the panel zone 

was found to be 1.15×106 kip-in/rad.  The tributary gravity load for each purlin was 

located 8 in. above the outer flange of the rafter.  Rigid elements were placed between 

the centroidal axis and the outer flanges at purlin locations.  For this model purlins 

were modeled as rigid.  The total summation of the gravity reactions was 8.95 kips.  

Accounting for the bottom half of the walls, columns, and wall bracing, a single frame 

had a total tributary weight of 9.07 kips tallied from the shipping logs.  This was 

sufficiently close.  The fundamental period of the model was found to be 0.52 sec.  

The initial period found from system identification techniques was about 0.39 sec.  

The fundamental mass participation factor for this model was 91.2%. 

It was clear that the mass plates may act compositely with the rafters in 

flexure.  Therefore, the next model considered was identical to the first but simply 

added the 3 in. × 8 in. mass plates, in the form of continuous 3 in. × 8 in. steel beam-

columns, attached to W8×28 connector plate elements at appropriate locations.  The 

distance from the rafter centroids to the outer rafter flange at the W8×28 connectors 

was modeled as rigid.  Full member axial, shear, and flexural stiffnesses were assigned 

to the mass plate elements and the connectors.  The period of the model was found to 
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be 0.37 sec, very close to the initial measured fundamental period of the actual frame.  

The fundamental mass participation factor for this model was 94.5%. 

It was of interest to determine if the internal forces were adequately 

represented by the SAP2000 model.  The IV100 test was considered.  Because of the 

high levels of mass participation of the first mode, it was assumed that the 

fundamental mode shape would be an acceptable deformed shape for the model to 

represent the peak drifts of the IV100 test.  The peak mean roof displacement during 

that test was 2.54 in. at a base shear of 12.3 kips per frame.  Application of the first 

mode shape such that the roof displacement reached 2.54 in. required 16.2 kips of base 

shear for the model, indicating that the model was too stiff.   

The moment and axial load at the gaged sections of the southeast rafter at 35 

in. and 110 in. from the end plate were extracted from the data corresponding to the 

peak displacement.  The moments calculated from strain measurements at those 

sections were -667 kip-in and -446 kip-in while the axial loads measured were -21.6 

kips and -17.6 kips in compression, respectively.  It was clear that if the mass plates 

acted compositely with the rafter members, the axial load would be large.  Indeed, the 

model gave axial loads of -60 kips at both gage sections.  The moments from the 

model were -464 kip-in and -198 kip-in.  It was decided that the mass plates must be 

connected to the frame with substantially less stiffness than the model suggested.   

It was clear that if the connections of the roof mass plates to the rafter were 

altered, the model period would diverge from the measured period.  The effect of the 

base plates was also not fully incorporated.  Based on the dishing behavior of the base 

plates (Chapter 2), the column base stiffness was nearly zero for low roof 
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displacements following the IV100 test.  Because of this observation, the pin-based 

model was calibrated such that the fundamental period matched that (0.437 sec) found 

from the white noise test following IV100.  It was assumed the most likely source of 

flexibility between the rafters and mass plates would be the W8×28 connectors and 

their bolts.   

To attempt to represent this flexibility, horizontal shear springs were placed 

between the tops of the W8×28 connectors and the mass plates.  The spring stiffness 

was varied uniformly over the frame until the fundamental period matched that from 

the white noise test.  It should be noted that the mass plate which was observed to be 

broken following the IV250 test may have broken at any time previously.  However, 

for this test-model correlation, it was assumed that all mass connectors were 

undamaged.  Shear spring constants of 300 kips/in. were found to result in the 

measured fundamental period of 0.437 sec.   

With the model updated by the roof mass connector springs, the base shear 

associated with a roof displacement of 2.54 in was 11.3 kips.  The axial loads at the 

gage section locations of consideration were found to be -24.5 kips and -24.1 kips with 

moments at those locations of -703 kip-in and -450 kip-in.  These were deemed to be 

accurate enough considering the complexity of the full test specimen. 

The model-correlation described above indicated that the beam-column 

elements and panel zone elements are appropriate for use for similar types of frames.  

This is the basis for the modeling procedures described in Appendix A. 
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3.4 LTB Flexural Strength Correlation 

It was of interest to compare the LTB strength observed with that predicted by 

design strength equations.  The unbraced segments near the northeast rafter pinch 

point for Specimen 1 and near the southeast rafter pinch point for Specimen 2 were 

considered for this comparison.   

Right before buckling, the experimentally calculated moments in the unbraced 

length for Specimen 1 are shown in Figure 3.1(a); the moment diagram in Figure 

3.1(a) was extrapolated from the measured moments.  It was verified that no strain 

gages showed strains indicating yielding.  Thus, classic beam theory was used to 

determine the moments.  A recommended modification to the Design Guide 25 

procedures for determining LTB strength is presented in Chapter 5.  This modification 

involves the use of a finite element model (Appendix A) of the unbraced segment 

expected to buckle and its adjacent segments using 3D beam-column elements which 

consider torsional warping (Chapter 5).  The finite element model is used to estimate 

the elastic critical buckling strength and the Design Guide 25 Method 1 is used to 

determine the LTB strength.  The actual plate thicknesses and measured yield stresses 

were used for strength equation calculations. 

Since strain gages recorded only the seismic component of the response, a 

SAP2000 model was used to estimate the gravity moment diagram. The summation 

[Figure 3.1(b)] of the gravity moments with those measured was used as the combined 

loading effect and the demand-to-capacity ratio (DCR) for LTB was found to be 

0.870.  The DCR for compression flange local buckling (FLB) was 0.914 at the inner 

flange under the mass plate connector.  The axial load was also estimated from strain 
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gages and SAP2000.  The DCR for a constant axial compression of 23 kips over the 

segment, controlled by Constrained-Axis Torsional Buckling (Design Guide 25), was 

0.181.  The axial-flexural interaction equations of Chapter H in AISC-360 give a 

combined DCR of 1.005 for FLB.  It is possible that the bottom flange started to 

buckle and resulted in a premature formation of LTB. 

Following the same process for Specimen 2, the measured moments at 

buckling of the rafter are shown along with the extrapolated moment diagram in 

Figure 3.2(a).  A SAP2000 model was used to estimate the gravity moments and their 

summation with the measured was used as an applied loading [Figure 3.2(b)].  The 

recommended strength equations give a controlling DCR of 0.762 for FLB combined 

with axial loads at the pinch point.  This suggests the structure buckled much earlier 

than would have been predicted.  However, inconsistencies in the derived axial forces 

from the strain gages suggest the moments derived from the strain gages in this region 

may not be highly reliable.    

It was of interest to determine the effect of the mass plates on the strengths of 

the specimens.  It was already shown that the stiffness was affected because of the 

difference in fundamental period with (0.44 sec) and without (0.52 sec) mass plates.  

Using the SAP2000 models of the shake table specimens, the same gravity load and 

mass was maintained, but the mass plate element stiffness was removed.  The 

fundamental mode shape was used as an applied seismic displacement load with the 

amplitude varied such that the DCR for the frame would give 1.0 for the controlling 

limit state.  For Specimen 1, the base shear at this condition was 23.4 kips per frame 

with strength controlled by FLB at the pinch point.  Axial-LTB interaction at this level 
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of base shear gave a DCR of 0.96.  For Specimen 2 the base shear was 28.6 kips per 

frame.  It was also controlled by FLB at the pinch point.  The DCR for axial-LTB 

interaction was 0.97.  These are 95% and 80% of the base shears observed at buckling 

of the tests for Specimen 1 and Specimen 2, respectively.   

It is clear that the mass plates had stiffening and strengthening effects on the 

test buildings.  The SAP2000 models suggest that buckling would have occurred at 

base shear ratios of 2.76 and 0.67 for Specimen 1 and Specimen 2, respectively.  The 

period of Specimen 1 without mass plates is such that the elastic DBE base shear 

demand is not changed from that previously calculated.  However, the period of 

Specimen 2 without mass plates is 0.69 sec.  This corresponds to a Sa value in Figure 

1.4 of 0.86 g given the SDS and SD1 values used in the design of the test building.  The 

base shears of Specimen 1 and Specimen 2 at buckling are respectively 267% and 

78% of the elastic DBE demand when mass plates are not included in the models.  For 

Specimen 1, it is unlikely that the strengthening from the roof mass plates prevented 

the full collapse of the building.  However, it is not certain whether the absence of the 

roof plates would have allowed the collapse of Specimen 2, though buckling would 

have likely occurred at lower base shears. 

 
3.5 Lateral Bracing Forces 

Based on the Specimen 1 moment diagrams shown in Figure 3.1, the moment 

in the rafter at brace “G” was 1167 kip-in.  If flange braces are designed as nodal 

bracing according to Appendix 6 of AISC-360, then they must have a strength not less 

than 20% of the maximum compressive flange force (Chapter 5).  The distance 
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between flange centroids at this cross-section is 20.48 in.  Considering the moment as 

a force couple with forces located at the centroids of each flange, the flange force 

implied is 57.0 kips.  Figure 2.72 shows that brace “G” resisted a maximum of 1.7 

kips of compression.  That force acted parallel to the angle such that 1.33 kips acted 

transversely to the flange.  That corresponds to 2.3% of the flange force at buckling. 

Based on the Specimen 2 moment diagrams shown in Figure 3.2, the moment 

in the rafter at brace “L” was 916 kip-in.  Assuming this moment is approximately 

equal at the same location on the north rafter, the moment in the rafter at brace “I” 

should be the same.  With the moment considered a force couple acting around a 

moment arm of 19.75 in, the force in the flange was 46.4 kips.  A force in brace “I” of 

approximately 1.5 kips (Figure 2.73) had a horizontal component of 1.18 kips.  This 

corresponds to 2.5% of the flange force at buckling.  Neither value suggests a problem 

with bracing strength.  However, the fact that both braces showed failure at their 

connections implies that braces near LTB should be carefully considered. 

 
3.6 Implications and Design Recommendations 

Neither Specimen 1 nor Specimen 2 collapsed on the shake table.  However, 

much can still be discerned from the test results.  The system overstrength of each 

specimen corresponded well to the previous findings of Hong and Uang (2007).  The 

light metal building showed a large overstrength resisting forces many times the 

elastic DBE demand before buckling.  The heavy metal building buckled prior to 

reaching the elastic DBE demand.  It is reasonable that the elastic design method 

proposed by Hong and Uang may be applicable to light buildings.  But applying such 
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design procedures to heavy buildings is likely to produce less efficient and economical 

designs.  Specimen 2 would have had to be much heavier with stronger members to 

resist the elastic DBE demand without buckling. 

Both specimens exhibited inelastic hinging in the form of LTB.  This LTB 

hinging behaved in a relatively ductile manner, only developing low-cycle fatigue 

cracks after a larger seismic motion than at the formation of the LTB.  It was 

mentioned that two inelastic hinges are required for an inelastic mechanism to form in 

a clear span MB frame with pinned bases.  Perhaps allowing a heavy MB frame to 

exhibit LTB at one location during a large seismic drift is acceptable.  As long as a 

second inelastic hinge does not form, the frame should not collapse. 

The observations above led to two concepts for new SFRS for MB frames.  

The first is an elastic-only system for light MB frames, with a low R factor, designed 

such that no strength limit state is exceeded at the elastic spectral demands per the 

building code.  The current requirements for a FEMA P695 (ATC 2009) study for all 

new SFRS should be noted.  The methodology of P695 is such that an acceptable 

collapse safety margin is shown compared with MCE, not DBE.  In addition, the 

methodology suggests that a 10% probability of collapse at MCE should be the target, 

implying most buildings must be capable of withstanding a seismic motion much 

larger than an MCE-level event.  That methodology may result in an exceptionally low 

R factor, much less than 1.0, for a building required to remain completely undamaged 

throughout such an intense seismic excitation.  Height and weight restrictions for the 

new system would be developed from the P695 results. 
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The second is a system for heavy MB frames which uses LTB in the rafter as 

an inelastic hinge for energy dissipation, but explicitly prevents formation of a full 

inelastic mechanism.  To develop such a system, high quality experimental data was 

required for the cyclic behavior of LTB, specifically of web-tapered I-beams.  

Chapters 4 and 5 present the experiments performed to provide this data.  Chapter 8 

outlines the concepts for a new design procedure for this new SFRS based on the 

findings of the shake table testing and the cyclic LTB testing. 
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Table 3.1. Specimen 1 Measured Fundamental Periods and Equivalent Viscous 

Damping Ratios 

Test T1 (sec) ζ1 (%) 

Impulse (Initial) 0.395 2.2 

White Noise 
(Initial) 

0.388 1.9 

Impulse        
(after 25%  Tests) 

0.384 1.6 

Impulse        
(after IV50) 

0.390 1.7 

Impulse        
(after IV100) 

0.432 1.8 

White Noise 
(after IV100) 

0.437 2.1 

Impulse        
(after IV150) 

0.438 2.4 

Impulse        
(after IV200) 

0.480 2.5 

Impulse        
(after IV250)1 

0.502 2.1 

Impulse         
(after IV250)2 

0.464 2.1 

Impulse        
(after IV300) 

0.532 1.9 

 1 Prior to base plate weld repairs 
 2 After base plate weld repairs 
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Table 3.2. Specimen 2 Measured Fundamental Periods and Equivalent Viscous 

Damping Ratios 

Test T1 (sec) ζ1 (%) 

Impulse 
(Initial) 

0.481 1.4 

Impulse 
(after IV20) 

0.481 1.4 

Impulse 
(after IV50) 

0.502 1.9 

White Noise 
(after IV50) 

0.519 2.5 

Impulse 
(after IV100) 

0.612 2.2 

White Noise 
(after IV100) 

0.607 1.7 

Impulse 
(after IV150) 

0.707 2.2 

White Noise 
(after IV150) 

0.702 1.4 
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Figure 3.1. Specimen 1 Bending Moment Diagrams 

 

 

Figure 3.2. Specimen 2 Bending Moment Diagrams 

 

(a) Measured Moments (kip-in) 

(b) Combined Gravity and Measured Moments (kip-in) 

(a) Measured Moments (kip-in) 

(b) Combined Gravity and Measured Moments (kip-in) 
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4 CYCLIC LTB TESTING OF TAPERED I-BEAMS 

4.1 Problem Statement and Background 

Based on observations from shake table testing of  Specimen 1 and Specimen 2 

as well as previous MB frame cyclic testing (Hong and Uang 2006), it was desired to 

understand the cyclic behavior of a beam buckling laterally.  It was envisioned that a 

new seismic force resisting system (SFRS) could be developed, taking advantage of 

lateral-torsional buckling (LTB), for MB frames with some level of ductility capacity.  

When this ductility is built into the system, a lower level of system overstrength will 

be needed. 

As mentioned in Chapter 1, there is little post-lateral beam buckling data 

available in the literature.  Therefore, to provide experimental data for the 

development of a new SFRS, a series of ten tapered-web I-beams were tested 

cyclically.  This chapter will describe these experiments and their results.  More 

detailed information regarding these tests is given in Smith et al. (2013).  

Interpretation of results and implications are presented in Chapter 5. 

 
4.2 Testing Program 

4.2.1 General 

The setup used in this test program is shown in Figure 4.1 and Figure 4.2.  The 

setup was constructed at the Charles Lee Powell Structures Laboratory at the 

University of California, San Diego.  The purpose of the experiments was to study 

cyclic lateral-torsional buckling behavior of built-up, tapered-web I-section rafters.  

The regions of the specimens expected to experience lateral-torsional buckling were
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called the Controlling Segments (CS).  Ten rafters and a re-useable column were 

fabricated by Metal Building Manufacturers Association (MBMA) member 

companies.  They were bolted together using an end-plate moment connection.  The 

actuator, column, reaction supports, and lateral bracing system remained in-place 

throughout the duration of testing, while rafters were exchanged for each experiment.   

 
4.2.2 Test Setup 

The test configuration resembled a metal building moment frame subassembly 

comprised of a portion of a rafter and a column that was inverted for testing purposes 

so that the column “base” was oriented upwards and the outside flange of the rafter 

faced the ground.  The column, located at the north end of the test setup, was attached 

to a pin support [Figure 4.3(a)] which was pre-tensioned to the reaction floor.  The 

south end of the rafter was attached to a roller support [Figure 4.3(b)] which was pre-

tensioned to the reaction floor 240 in. southward from the pin to complete a 

determinate structural system. 

A single 50-kip hydraulic actuator, located 146.75 in. above the pin support, 

loaded the specimen under displacement control for 9 of 10 tests.  One specimen, CF1, 

had a strength which exceeded the capacity of a single actuator, so a second identical 

actuator was attached 32.5 in. below the original.  The secondary actuator was slaved 

to the primary such that each actuator would apply equal forces to the column.     

The column (Figure 4.4) served as a moment arm throughout all tests.  It was 

designed to have more strength than each of the rafters and remained fully elastic 

throughout testing.  The column and rafter were bolted together using a 3/4 in.×8 in. 
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end-plate moment connection (Figure 4.5) with eight 7/8 in. diameter pre-tensioned 

A325 bolts. 

The column was laterally braced by two pairs of W12×26 rails in contact with 

the column flange tips and greased to reduce friction (Figure 4.6).  The rafters were 

laterally braced on both east and west sides with two sets of six 1.5 in. diameter, 72 in. 

long grade 50 steel rods referred to as Watt’s braces shown in Figure 4.7 (Yarimci et 

al. 1966).  The Watt’s braces provided east-west restraint at brace points, allowing 

translation within a plane parallel to the rafter web.  Watt’s braces were connected to 

rafter flanges via welded or bolted clips (Figure 4.8).  Each rafter specimen had its CS 

designed to be along the inner flange and the lateral bracing was located to achieve the 

desired buckling modes. 

A truss-like structure (Figure 4.9) was attached to all specimens, except PF1 

and CS4, at locations having both inner and outer flange bracing to resist relative 

rotation of the flanges about the centerline of the Watt’s center-link.  This was 

believed to adequately represent actual conditions found on real metal building rafters.   

PF1 was tested prior to the decision to include the trusses on the rafters.  Full-depth 

web stiffeners distributed along the controlling segment of CS4 constrained the top 

and bottom flanges so that the truss-constraints were not needed. 

Two specimens were tested with constant axial compression along the length 

of the rafter.  Two 3/4 in. diameter rods spanning the length of the rafters, one along 

the west and the other along the east (Figure 4.10), were passed through jacks which 

reacted against stiff tubes at the north and south ends of the specimen setup.  The axial 

force was provided by two 10-ton hollow core hydraulic jacks.  The jacks maintained 
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a nearly constant pressure, and thus force, throughout each test.  It was intended that 

the axial forces be applied along the centroidal axis of the rafters.  The locations of the 

applied loadings are presented with the results from both specimens. 

 
4.2.3 Test Matrix 

Ten rafter specimens were tested in order to observe behaviors of several 

different physical features.  Detailed drawings of the specimens can be seen in Figure 

4.11 through Figure 4.18.  The specimens were all built-up from three plates: inner 

flange, outer flange, and web (Figure 4.19).  To reflect common practice, flange plates 

were connected to the webs with fillet welds along a single side of the joints.  CF1 had 

fillet welds on both sides of the flange-to-web joint along the entire controlling 

segment to investigate any differences in behavior between single- and double-sided 

welded rafters.   

Some of the specimens (PF1, PF2, CS2, CS3, CS4) included flange or web 

splices along their length.  At some of the splices (PF2, CS3, CS4), plate thicknesses 

or taper angle changed.  Two specimens (CF2, CF2-A) had slots in the web at the mid-

length of the CS to represent typical horizontal rod-bracing connection details in 

rafters.  Watt’s bracing was attached to the flanges through purlin clips either bolted 

(CS1, CS1-A, CS2) or welded (others) to the flanges.  The various splices, slots, and 

clip details were included to investigate realistic discontinuous details for any potential 

problems due to cyclic loadings.   

One specimen (CS4) had full-depth web stiffeners densely distributed over the 

CS.  This was primarily to investigate any problems with the stiffener details due to 



140 

 

cyclic loadings.  A secondary purpose of the stiffeners was to constrain the flanges to 

remain perpendicular to the web throughout buckling so that cross-sections remained 

rigid within their own planes.  In other words the stiffeners would keep the flanges 

perpendicular to the plane of the web throughout buckling.  Any effects of these 

constraints on the post-buckling strength and cyclic performance were to be 

investigated. 

Two specimens (CF2-A, CS1-A) were tested with an axial load in the rafter to 

investigate the effect of axial loads on cyclic flexure.  The CS was located either 

adjacent to the endplate (CF1, CF2, CF2-A, PF1, PF2) or as the second unbraced 

segment away from the endplate (CS1, CS1-A, CS2, CS3, CS4) to include CS with 

both rigid and elastic torsional end-conditions.   

The order in which each specimen was named and presented was based on 

these particular descriptions so that the reader can more easily compare test results 

from similar experiments.  The naming convention includes two characters, a number, 

and a possible fourth character that each represent the following parameters: 

a.   C/P: Constant/Piecewise linearly tapered web 

b.   F/S: CS as First/Second unbraced length from the end-plate connection 

c.   #: Series specimen number 

d.   A: Axial load (omitted if axial load not included in test) 

For example, CF2 indicates the second specimen tested with a constant taper 

and the CS adjacent to the end-plate.  CF2-A is the same specimen but tested with 

axial compressive load present. 

A relative comparison of specimen parameters can be found in Table 4.1.  
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Listed for each specimen is the taper angle and the slenderness of the flange and web 

plates in the CS according to Chapter B of AISC-360 (AISC 2010a). 

 
4.2.4 Material Properties 

Grade 55 steel was specified for all specimen materials.  The material 

properties based on tensile coupon test results are summarized in Table 4.2.  ASTM 

E8 (ASTM 2011) was used to test for these properties.  The 0.2% offset method was 

used to determine the yield stress.  All materials had measured yield stresses larger 

than the nominal values, except coupon E which was used for the flanges of CS4.  

Stress-strain curves derived from the tensile coupon tests are plotted in Figure 4.20.  

The materials which belong to each rafter specimen are indexed in Table 4.3.  Where 

two flange (or web) materials are given in Table 4.3, material 1 refers to the material 

on the column side of the splice and material 2 refers to the material on the roller 

support side. 

 
4.2.5 Measured Specimen Dimensions 

Extensive measurements were taken on each specimen, prior to testing.  All 

dimensional measurements matched the nominal values indicated on the design details 

except plate thickness.  Measured plate thicknesses are shown in Table 4.2.  Several 

other initial imperfection measurements were taken and are reported in Smith and 

Uang (2013). 

 
4.2.6 Instrumentation 

A combination of displacement transducers, inclinometers, and uniaxial 
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electrical resistance strain gauges were used to measure global and local responses.  

Instrumentation plans for each specimen are described and presented in Appendix B.   

The displacement channel D1 measured the horizontal displacement of top of 

the column at the (topmost) actuator (Figure 4.2).  To account for support movements, 

rigid body translations and rotations were removed using other displacement 

transducer measurements at the supports.  The channel D1 was corrected for these 

support movements.  The correction is described in Appendix B. 

All but the two Watt’s braces at the narrow end of the rafter were gaged to 

measure axial forces in the braces using four strain gages configured in a full-bridge 

circuit.  An average rod diameter of 1.384 in. was found from two orthogonal diameter 

measurements at each bridge location on each rod.  The average cross-sectional area, 

A, using this diameter, was calculated to be 1.504 in2.  The force in a bracing rod was 

calculated as  

 (4.1) 

where εw is the axial strain output from the bridge and E is the modulus of elasticity, 

taken as 29,000 ksi.  After specimen testing, the Watt’s braces were calibrated using 

an MTS 801 110-kip universal testing machine in order to derive a direct correlation 

between the bracing force readings during testing and the actual force in the brace.  

Actual bracing force was found to be approximately 6% larger than the measured 

signal value.  However, the uncorrected brace forces, as measured, are presented in 

Section 4.3.  For interpretation, a multiplier of 1.057 is recommended. 

Applied load was measured through an internal load cell in the actuator.  

Pressure in the two 10-ton jacks, which were used in the two tests with axial 

B wF EA
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compression, was measured using an external pressure sensor.  The forces applied by 

each jack were easily computed as the product of the pressure and the jack piston area 

(2.76 in2).  The jacks were later calibrated using the same testing machine as the 

Watt’s braces in order to derive a direct correlation between recorded pressure and 

actual force.  The calibration results indicate that the forces as calculated from the 

measured pressures are accurate within 2%.   

 
4.2.7 Cyclic Loading 

The test program consisted of cyclic loading up to and beyond buckling and 

often to rupture or tearing of the rafter by generally following the loading sequence in 

Section K2.4b of AISC-341 (AISC 2010b) as a base template (Figure 4.21).  Each test 

began with a series of introductory loading cycles categorized by the displacement 

ratio (Figure 4.2): 

 D1DR
120 in.


  (4.2)

where ΔD1 was the displacement measurement of D1.  The beginning portion of the 

loading protocol consisted of: 

 6 cycles at ±0.375% DR,  

 6 cycles at ±0.5% DR 

 6 cycles at ±0.75% DR 

 4 cycles at ±1.0% DR 

 2 cycles at ±1.5% DR   

The loading protocol beyond 1.5% DR was slightly, but necessarily, modified for each 

rafter.  Further loading details are presented for each specimen individually. 
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4.3 Test Results 

4.3.1 General 

Although the AISC standard loading protocol presented in Figure 4.21 was 

used as the basis, the actual loading protocol used for each test is presented herein.  

Test results reported include the critical buckling loads, load-deformation response, 

lateral bracing forces, and failure mode. 

The displacement ratio, DR, was used as the target quantity for the 

displacement-controlled testing procedure. However, those target values were not 

necessarily obtained.  The test setup had an unavoidable amount of slip which reduced 

the effective DR experienced by the specimens.  All setup slip was measured and 

recorded using displacement transducers.  For all graphical plots, the actual DR, 

corrected for any free-slip of the setup (Appendix B), is used.  For discussion, 

however, the nominal (i.e., target) value of the DR is used.   

Extensive analysis of measured data was performed to assess the presence of 

friction and the effects of non-ideal hinge and roller boundary conditions.  Internal 

moments based on the ideal determinate structural system were compared with those 

derived from strain gauges.  It was determined that there existed minimal friction in 

the test setup and that the boundary conditions performed adequately to represent the 

intended behavior for all specimens.  Therefore, all internal moments presented in this 

report were directly calculated through the static equilibrium of the ideally supported 

determinate system and the actuator load (Figure 4.22). 
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4.3.2 Specimen CF1 

CF1 is shown in Figure 4.23.  It had its CS adjacent to the end-plate moment 

connection to the column (Figure 4.11).  The width-to-thickness ratios of the plates 

within the CS resulted in the flanges and web being categorized as compact and 

slender, respectively, according to AISC-360.  This method of categorizing plate 

slenderness was used for all specimens.  One purpose of this specimen was to 

investigate any effects from double-sided flange-to-web fillet welding along the CS 

compression flange.  Outside of the CS, the flange-to-web welds were placed on the 

west side of the web.  This specimen was also the only specimen with a singly-

symmetric cross-section throughout the full length of the CS.  The lateral braces were 

attached to the flanges through welded purlin clips (Figure 4.8). 

This specimen was the strongest of the rafter specimens.  Therefore, a second 

actuator was used for this test as described above.  The effective actuator loadat a 

distance of 146.75 in above the pin support is the combination of the two applied 

loads: 

 (4.3)  

where Ptop and Pbot are the top and bottom actuator forces, respectively.  

The CF1 test followed the standard loading protocol (Figure 4.21) until the      

-4% DR cycles (Figure 4.24).  Due to bolt rupture at the end-plate moment connection, 

the negative cycles following 4% DR were curtailed to -2% DR for the remainder of 

the test.   

 
 
 

0.7785eff top botP P P 
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Global Response 

The recorded load-deflection response of the specimen is shown in Figure 

4.25.  Figure 4.26 shows the buckled specimen at the largest buckling deformations 

and Figure 4.27 shows flange local buckling (FLB) at locations along the rafter.   

Initial lateral-torsional buckling (LTB) of the inner flange occurred within the 

CS during the first positive cycle of 3% DR with a moment at the end-plate of 5,606 

kip-in.  The buckled flange straightened out upon load reversals each time, though 

each time retaining an increasing amount of permanent out-of-straightness.   

A flange local buckle became visually noticeable during the first +4% DR 

cycle.  The FLB was located approximately mid-length of the CS inner flange [Figure 

4.27(b)].  During the first -4% DR excursion the upper four bolts connecting the rafter 

end-plate to the column ruptured in tension (Figure 4.28 and Figure 4.29).  The 

moment at the end-plate, when rupture occurred, was 6,269 kip-in.  They were 

replaced with new fully pretensioned bolts and the test continued.   

A second FLB was observed immediately adjacent to the end-plate in the inner 

flange during the second +4% DR cycle [Figure 4.27 (c)].  During the second 

excursion to -4% DR the same bolts ruptured again.  The moment (6,271 kip-in) at the 

end-plate during the second rupture was very similar to that at the previous instance of 

bolt rupture.  The ruptures and subsequent replacement bolt tightening are graphically 

represented in the global response plots, Figure 4.25(a) and (b), by dotted lines.  The 

bolts were replaced again, though only snug-tight, and the test continued.  Negative 

excursions were no longer tested beyond 2% DR to avoid further bolt rupture.   

Within the CS, two-sided fillet welds were used to connect the flange to the 
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web (Figure 4.19).  Throughout the testing, no separation of the flange from the web 

due to weld fracture along the inner flange of the CS was observed.   

It can be seen from Figure 4.27 that FLBs were located at the end-plate, mid-

length of the CS, and one forming just outside of the brace point at the small end of 

the CS [Figure 4.27(d)].   

 
Lateral Bracing Forces 

The axial forces in each lateral bracing rod were measured.  Figure 4.30 reports 

the forces throughout the test as the absolute value of a combination of the two rods 

contributing to the bracing at each brace point.  Also shown is the percentage of the 

flange force.  The force in the flange, Ff, was derived using elastic beam theory as: 

 (5.4) 

where M is the bending moment at the brace location, Af is the flange area, and Sz is 

the elastic section modulus with respect to the braced flange.  The flange force used to 

normalize the bracing force was the maximum flange force, over only positive cycles, 

at the location of the corresponding brace point.  This same flange force normalization 

was performed for all specimens and their bracing forces are reported in the same 

manner.   

The reason the maximum positive cycle moment was chosen to normalize the 

bracing forces is that it corresponds to the required moment of the member, which is 

generally used by design specifications as part of the required strength equations for 

beam bracing (AISC 2010a).  Only the positive cycle maximum moments were 

considered such that bracing demands would correspond to LTB.   
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For the CF1 specimen, no brace saw more than 0.5% of its associated 

maximum flange force until LTB was experienced by the inner flange.  At the peak of 

the first +3% DR cycle, WB2, adjacent to the CS, resisted 2.2% of the maximum 

flange force, while WB4, one brace point away from the CS, resisted 2.4% flange 

force.  Upon the reversal of loading, bracing demands dropped to nearly zero.  

Throughout the remainder of the testing, on positive portions of the cycling, WB2 and 

WB4 resisted increasingly larger forces until the first +4% DR cycle.  The maximum 

forces resisted at that peak were 4.4% for WB2 and 4.0% for WB4.  Each positive 

cycle, thereafter, reduced the bracing demand a little but WB2 did not resist less than 

4% at positive peaks and WB4 did not resist less than 2%.  It is worth noting that 

though bracing demands decreased as compression in the inner flange was lessened, 

after the first bolt rupture, WB2 and WB4 also resisted significant forces at the 

negative cycle peaks.  WB4 resisted as much as 2.7%, while WB4 resisted as much as 

2.2% at negative peaks.  No other brace resisted more than 0.55% at any time during 

testing.  Figure 4.31 shows the inner flange braces, WB2 and WB4 retaining their 

direction (numerical sign).  They are out-of-phase throughout the cycles following 

LTB. 

 
4.3.3 Specimen CF2 

CF2 is shown in Figure 4.32.  It had its CS adjacent to the end-plate moment 

connection to the column (Figure 4.12), with compact flanges and a slender web.  The 

lateral bracing was attached to the flanges through welded purlin clips (Figure 4.8).  

This specimen was identical in geometry to CF1 with the following exceptions: 
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 A thinner outer flange (3/8 in.) was used in CF2 as compared to that (1/2 in.) 

of CF1. 

 CF2 flange-to-web fillet welds were single-sided, on the east side of the web, 

as compared to the double-sided fillet welds used along the inner flange-to-

web joint in the CS of CF1. 

 CF2 had a slot in the web sized for diagonal rod bracing commonly used in 

metal building roof construction to investigate any potential problems due to 

cyclic loading. 

CF2 followed the standard loading protocol until the first excursion to +3% 

DR (Figure 4.33).  At that point, the specimen was pushed beyond +3% DR in order to 

initiate buckling prior to continuing with the remaining cycles listed in the protocol.  

This was done to ensure that LTB occurred in the inner flange prior to any significant 

outer flange yielding or other limit states which may have precluded clean LTB data 

from being collected.  The negative cycle amplitudes were modified from the standard 

protocol to prevent damage to the lateral bracing mechanisms from the locally buckled 

outer flange. 

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.34.  Figure 4.35 shows the maximum deformations of the specimen due to lateral 

buckling.  Figure 4.36 shows FLBs which formed over the inner flange during testing.   

Initial LTB of the inner flange of the CS occurred on the first positive cycle of 

4% DR with a moment at the end-plate of 5,658 kip-in.  Simultaneously with the LTB, 
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two FLBs formed; one at the mid-length of the CS [Figure 4.36(c)] and one at the end-

plate [Figure 4.36(d)].  On the first negative cycle of 3% DR, FLB of the outer flange 

occurred at the first brace point (Figure 4.37) with a peak moment at the end-plate of 

5,702 kip-in.  FLB, like LTB, caused a significant degradation of flexural strength.   

On the fourth cycle of -2% DR (first cycle after negative limit imposed), the 

inner flange separated from the web at the center of the CS near the local buckle in the 

CS.  A vertical tear was initiated in the web at the center of this longitudinal separation 

(Figure 4.38).   

During the first cycle of -4% DR, the locally buckled outer flange came into 

contact with the bracing rod and started to deform it.  It was decided that no further 

negative cycles beyond -2% DR would be performed to prevent brace damage.  On the 

second cycle of +5% DR the inner flange separated from the end-plate on the east side 

at the weld (Figure 4.39) due to the out-of-plane bending of the CS inner flange.  

During the first +6% DR cycle, an FLB formed at the small end of the CS on the inner 

flange, as shown in Figure 4.36(b).  No cracks were observed around the slot in the 

web. 

 
Lateral Bracing Forces 

Figure 4.40 reports the forces throughout the test.  The braces WB2 and WB4 

resisted more than 3% flange force immediately after LTB formation.  In the 

following cycles, WB2 and WB4 reached maximums of 4.3% and 3.4% of the 

maximum flange force, respectively.  Prior to formation of the LTB, these two brace 

points resisted no more than 0.5% flange force. 
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Interestingly, the braces along the outer flange resisted large forces as well.  

Following the formation of the outer flange FLB during the first -3% DR cycle, WB3 

and WB5 had a large increase in bracing force demand.  The bracing forces rose to 

nearly 2% maximum flange force for each.  The brace demand increased again for all 

three outer flange braces during the next cycle (first -4% DR) leading to maximum 

observed bracing demands of 3.3%, 2.1%, and 3.6% of flange force for WB1, WB3, 

and WB5, respectively.  Negative cycles afterward were limited to -2% DR which did 

not increase the bracing demands further for the outer flange braces. 

 
4.3.4 Specimen CF2-A 

CF2-A is shown in Figure 4.41.  It was identical in geometry to CF2 with its 

CS adjacent to the end-plate moment connection to the column (Figure 4.12), compact 

flanges, and a slender web.  As in CF2, a rod brace slot was placed through the web 

near the mid-length of the CS close to the outer flange.  All flange-to-web fillet welds 

were placed on the east side of the web.  Lateral braces were attached to the flanges 

through welded purlin clips (Figure 4.8). 

This test included an axial force as described in Section 4.2.2.  The 

compressive forces were applied at locations identified in Figure 4.42.  The 

compressive axial load was to correspond to approximately 10% of the nominal pure 

axial strength as calculated per Design Guide 25.  Calculations of the axial strength 

and a comparison of test results from CF2 and CF2-A are presented later in this 

chapter.  The loading history can be seen in Figure 4.43.   
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Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.44.  Figure 4.45 shows the final deformations from this test.  Initial LTB of the inner 

flange of the CS occurred on the first positive cycle of 3% DR with a moment at the 

end-plate of 5,416 kip-in.  Two FLBs formed in the CS along with LTB: one at the 

end-plate and one at mid-length of the CS.  On the first negative cycle of 3% DR, 

outer flange FLB occurred near the end-plate with a moment at the end-plate of 5,302 

kip-in.   

On the first cycle of -4% DR, the outer flange tore away from the web at the 

point of FLB (Figure 4.45).  The increasingly large lateral deformations combined 

with the large outer flange separation reduced the axial strength of the member such 

that the specimen could no longer resist the axial load.  This resulted in the full loss of 

axial capacity.  This culminated on the second cycle of -4% DR.  No cracks were 

observed at the web slot. 

 
Lateral Bracing Forces 

Figure 4.46 reports the lateral bracing forces throughout the test as a 

combination of the two rods contributing to the bracing at each brace point.  The brace 

points on the inner flange, WB2 and WB4 resisted larger forces after the formation of 

LTB.  With each successive positive cycle, up to the first +4% DR cycle, their bracing 

demands increased.  At that cycle, WB2 and WB4 resisted 4.6% and 2.8% of the 

maximum flange force, respectively.  The negative cycles caused little bracing 
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demand for the inner flange brace points.  The outer flange brace points resisted little 

force.   

 
Axial Compressive Force 

Figure 4.47 shows the axial load applied to the specimen from the two jacks.  

An average of 28.4 kips was applied throughout testing.   

 
4.3.5 Specimen PF1 

PF1 is shown in Figure 4.48.  It had its CS adjacent to the end-plate connection 

to the column (Figure 4.13), with compact flanges and a slender web.  It also had a 

change of taper over its length such that the CS was tapered but the rest of the 

member, south of the CS, was prismatic.  This type of change in taper is sometimes 

called a pinch point.  Fillet welds were placed on both sides of the flange-to-web joint 

in the vicinity of the pinch point.  Elsewhere, flange-to-web fillet welds were placed 

on the west side of the web.  Both the web and inner flange plates were spliced, using 

CJP welds, at the pinch point (Figure 4.13).  Lateral braces were attached to the 

flanges through welded purlin clips (Figure 4.8).  The loading history can be seen in 

Figure 4.49. 

PF1 was tested prior to all other specimens.  Preliminary finite element 

modeling indicated that the Watt’s bracing mechanisms, as implemented, may not 

provide a realistic representation of the boundary conditions at the rafter flanges as 

they exist in an actual metal building rafter.  Flange brace conditions on actual 

buildings offer significant restraint against relative rotation of one flange with respect 

to the opposite flange.  A first attempt at modifying the lateral bracing boundary 
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conditions to rectify this problem was made on this specimen.  Small lengths of angle 

were placed above and below the flanges, at brace points, and connected with small 

threaded rods run through holes in the angle legs (Figure 4.48).  It was hoped that the 

small amount of restraint afforded by this setup would prevent the inner and outer 

flange from freely rotating with respect to one another.  Testing showed that this 

solution was unsuccessful and led to the more elaborate and successful truss apparatus 

describe in Section 4.2.2. 

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.50.  Figure 4.51 shows the inner flange LTB deformations while Figure 4.52 shows 

FLB of the outer flange.  Initial LTB of the inner flange of the CS occurred while 

approaching the first positive cycle of 4% DR with a moment at the end-plate of 4,222 

kip-in.  Due to the inadequate boundary conditions at the brace points, as described 

above, the inner flange was able to translate transversely by rotating around the brace 

geometry (Figure 4.53).  The potential for transverse translation of the flange allowed 

the lateral buckle to bypass that brace point at the pinch point, as though it were 

unbraced, and extend to the next brace beyond (Figure 4.51). This resulted in a 

buckled length of approximately 138 in. instead of the intended 96.5 in.  The flange 

rotation combined with the typical post-LTB deformations caused an FLB at the pinch 

point on the inner flange [Figure 4.51(b)].   

FLB occurred in the outer flange beginning on the first negative cycle of 4% 

DR at two locations: just north of the pinch point and just south; the moment at the 
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end-plate was 4,621 kip-in.  The inner flange buckle and outer flange buckles 

increased in severity through cycling.  There was no rupture, tearing, or separation 

near the splice welds.  No separations of the flange from the web were observed. 

 
Lateral Bracing Forces 

Figure 4.54 reports the measured lateral bracing forces throughout the test.  

The inner flange brace point at the pinch point, WB2, resisted large forces (3.1% of 

the maximum flange force) just after the formation of LTB.  Upon each subsequent 

positive cycle, WB2 resisted more force, finally resisting 7.6% flange force at the 

second +4% DR cycle.  Both WB1 and WB5, on the outer flange resisted 

approximately 3.2% flange force during the second -4% DR cycle. 

 
4.3.6 Specimen PF2 

PF2 is shown in Figure 4.55.  It had its CS adjacent to the end-plate connection 

to the column (Figure 4.14).  It contained a pinch point, though unlike PF1, it was at 

the midpoint of the CS.   The specimen was tapered from the end-plate to the pinch 

point and prismatic for the remaining length southward.  The tapered portion of the CS 

was singly-symmetric with a thicker inner flange than the outer.  As in PF1, fillet 

welds were placed on both sides of the flange-to-web joint in the vicinity of the pinch 

point and on the west side of the web elsewhere.   

Both the web and inner flange plates were spliced, using CJP welds, at the 

pinch point.  The web and inner flange plate thicknesses were reduced on the prismatic 

side of the splices.   The web was slender in the CS.  The thicker (5/16 in.) flange over 

the tapered portion of the CS was compact; but the thinner (1/4 in.) flange over the 
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prismatic portion was non-compact. Lateral braces were attached to the flanges 

through welded purlin clips (Figure 4.8).   

The standard loading protocol was followed until after the 6% DR cycles.  

Three more cycles at ±5% DR were imposed in order to propagate a fracture.  The 

loading history can be seen in Figure 4.56. 

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.57.  Figure 4.58 and Figure 4.59 show the inner flange and outer flange buckling 

deformations, respectively.  Initial LTB of the inner flange of the CS occurred on the 

first positive cycle of 2% DR with a moment at the end-plate of 1,663 kip-in.  

Simultaneously, a FLB formed at the inner flange of the pinch point.  Outer flange 

FLB started to occur on the first negative cycle of 3% DR with a moment at the end-

plate of 2,560 kip-in.   

A transverse crack of the inner flange along the flange splice CJP weld at the 

pinch point was initiated on the second negative cycle of 5% DR.  In order to 

propagate this crack and induce full fracture, three full cycles of 5% DR were applied 

following the two full 6% DR cycles.  The inner flange ruptured at the splice CJP weld 

during the fifth -5% DR cycle (Figure 4.60).  No separations of the flange from the 

web were observed. 

 
Lateral Bracing Forces 

Figure 4.61 shows the measured lateral bracing forces.  All five brace points 

resisted more than 3% flange force at some point during the test.  The inner flange 
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braces, WB2 and WB4 both resisted large forces during positive cycles.  WB2 resisted 

a maximum of 5.6% flange force during the second +4% DR cycle.  WB4 resisted a 

maximum of 6.6% flange force during the first +5% DR cycle.  The outer flange 

braces resisted larger loads during the negative cycles with WB1 and WB5 resisting 

very large forces.  WB1 and WB5 resisted a maximum of 6.5% and 6.8% flange force, 

respectively, during the first -6% DR cycle.  WB3 only reached 3% flange force but 

resisted similar force magnitudes as WB5. 

 
4.3.7 Specimen CS1 

CS1 is shown in Figure 4.62.  CS1 had a 24 in. unbraced segment between the 

end-plate and the beginning of the controlling segment (Figure 4.15). Both the flanges 

and web were non-compact within the CS.  This specimen, and CS1-A, had a larger 

taper angle than all other specimens except those with a pinch point.  The lateral 

braces were attached to the specimen through bolts in the flanges (Figure 4.8).  All 

flange-to-web fillet welds were placed on the east side of the web.   

The standard loading protocol was followed up through the 5% DR cycles and 

then halted due to weld fracture.  The loading history can be seen in Figure 4.63. 

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.64.  Figure 4.65 shows the inner flange LTB deformations while Figure 4.66 shows 

FLB deformations.  Initial LTB of the inner flange of the CS occurred on the first 

positive cycle of 3% DR with a moment at the end-plate of 4,204 kip-in.  FLBs 

formed with the LTB at the north brace point of the CS [Figure 4.66(b)] and the mid-
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length of the CS [Figure 4.66(c)].  

Combined web local buckling (WLB) and outer flange FLB was initiated at the 

northernmost brace point on the first negative cycle of 4% DR [Figure 4.66(a)] with a 

moment at the end-plate of 4,652 kip-in.  On the second negative cycle of 4% the 

inner flange separated from the web at the midpoint of the CS.  On the first negative 

cycle of 5% DR the outer flange suddenly separated from the web at the point of FLB 

[Figure 4.67(a)], with the rupture through the flange material.  Also, the previous inner 

flange crack propagated through the flange thickness forming a longitudinal rupture on 

the flange surface [Figure 4.67(b)].   

 
Lateral Bracing Forces 

Figure 4.68 reports the measured lateral bracing forces throughout the test.  

The inner flange brace points, WB1 and WB4 had increased bracing demands after 

formation of LTB.  WB1 reached a maximum brace force of 3.1% flange force at the 

first +3% DR cycle and decreased on each subsequent positive DR cycle.  WB4 

reached 2.4% flange force during the first +3% DR cycle, after LTB, and increased on 

each subsequent positive DR cycle up to 3.9% flange force during the second +5% DR 

cycle.  Except for WB2, the outer flange braces resisted less than 2.0% flange force 

during the test.  WB2 had increased bracing demands after formation the inner flange 

LTB, resisting 1.9% flange force during the first +3% DR cycle.  The bracing demand 

on WB2 increased on subsequent positive cycles until the second +4% DR cycle with 

a maximum resistance of 3.2% flange force. 
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4.3.8 Specimen CS1-A 

CS1-A is shown in Figure 4.69.  It was identical in geometry to CS1 with a 24 

in. unbraced segment between the end-plate and the CS (Figure 4.15).  It had non-

compact flanges and web within the CS and a larger taper angle than other singly 

tapered specimens.  All flange-to-web fillet welds were placed on the east side of the 

web.  The lateral braces were attached to the flanges with bolts (Figure 4.8).   

This test included axial force as described in Section 4.2.2.  Axial load was 

applied in locations identified in Figure 4.70.  The compressive axial load was to 

correspond to approximately 20% of the nominal axial strength of the rafter specimen 

as calculated per Design Guide 25.  Calculations of the axial strength and a 

comparison of test results from CS1 and CS1-A are found later in this chapter.  The 

loading history can be seen in Figure 4.71.   

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.72.  Figure 4.73 shows the final buckled shape of the specimen.  Figure 4.74 shows 

the outer flange deformations.  Initial LTB of the inner flange of the CS occurred on 

the first positive cycle of 3% DR with a moment at the end-plate of 4,261 kip-in. On 

the end-plate side of the northernmost inner flange brace, a FLB formed with the LTB.  

On the first negative cycle of 3% DR, an outer flange LTB formed [Figure 

4.74(a)] between the first and second brace points away from the end-plate with a 

moment at the end-plate of 3,773 kip-in.  Similar to the inner flange, two FLBs formed 

simultaneously with outer flange LTB; on the end-plate side of the northernmost outer 
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flange brace and midway along the LTB.  During the first negative cycle of 4% DR 

the outer flange suddenly ruptured at the south end of the LTB [Figure 4.74(b)].   

The increasingly large lateral deformations of both flanges reduced the axial 

strength of the member such that the specimen could no longer resist the axial load.  

This resulted in an out-of-plane Euler-like flexural buckling failure (Figure 4.73). This 

culminated on the second cycle of +4% DR.  

 
Lateral Bracing Forces 

Figure 4.75 reports the bracing forces throughout the test at each brace point.  

The inner flange braces, WB1 and WB4 had an increase in bracing force just after 

formation of LTB in the first positive 3% DR cycle.  However, the forces demands 

were not as high as in some other specimens.  WB1 only reached a 4.0% of maximum 

flange force, while WB2 only reached 3.0% of flange force.  Because of the LTB 

which formed on the outer flange, WB2 and WB3 were at the ends of a buckled 

segment, while WB5 was away from that buckle.  WB2 had very large force demands, 

reaching 8.3% of flange force.  WB3 reached 4.2% of flange force.  WB5 did not 

exceed 2% flange force throughout the testing. 

 
Axial Compressive Force 

Figure 4.76 shows the axial load applied to the specimen from the two jacks.  

The level of axial load was well maintained, with an average of 41.7 kips applied 

throughout testing.   
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4.3.9 Specimen CS2 

CS2 is shown in Figure 4.77.  It had a 16 in. unbraced segment between the 

end-plate and the beginning of the controlling segment (Figure 4.16).  The flanges and 

web within the CS were non-compact and slender, respectively.  The lateral braces 

were attached to the specimen through bolts in the flanges (Figure 4.8).   

This specimen had an inner flange splice located at mid-length of the CS which 

used a CJP weld.  The flange-to-web weld in the vicinity of this splice was reinforced 

with fillet welds on both sides of the web (Figure 4.16) and was placed only on the 

west side elsewhere.   

The standard loading protocol was followed up through the 3% DR cycles.  To 

ensure cyclic buckling in the inner flange could be observed, the 3% DR cycles were 

modified by limiting the negative DR to 2% on the first cycle.  The second 3% DR 

cycle was completed as typical.  Due to severe flange distortion near a bracing point, 

the first +4% DR was followed with a -3% DR.  The distortion became large enough 

such that the flange came into contact with the Watt’s braces.  To prevent damage to 

the braces, the negative portions of all remaining test cycles were limited to 2% DR.  

The loading history can be seen in Figure 4.78. 

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.79.  Figure 4.80 shows the inner flange LTB deformations.  Initial LTB of the inner 

flange of the CS occurred on the first positive cycle of 3% DR with a moment at the 

end-plate of 3,175 kip-in.  A FLB formed on the inner flange at the mid-length of the 
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CS on the second positive 3% DR cycle (Figure 4.81).  On the first negative cycle of 

3% DR combined WLB and FLB occurred in the outer flange at the second brace 

point (Figure 4.82) with a moment at the end-plate of 3,741 kip-in.  During the second 

negative 4% DR cycle, the outer flange FLB caused the bracing angle bracket to 

contact and bend the bracing rod.  Thereafter, negative cycles were limited to 2% DR 

to prevent bracing rod damage.   

 
Lateral Bracing Forces 

Figure 4.83 reports the forces throughout the test at each brace point.  The 

braces on the inner flange, WB1 and WB4, both saw large increases in bracing force 

after LTB of the CS.  The force on WB1 decreased as cycling continued while WB4 

saw progressively larger bracing demand.  WB1 and WB4 resisted maximums of 3.1% 

and 5.4% of the flange force, respectively. 

The outer flange braces, WB2 and WB3 resisted large forces following the 

outer flange FLB.  On the two -4% DR cycles, WB3, located at the FLB, resisted 5.3% 

and 6.5% flange force.  Thereafter, WB3 resisted nearly 3.5% flange force on each 

positive and negative cycle.  WB2 had a persistent force demand present after the FLB 

resisting between 1% and 4% flange force, in the same direction, throughout the 

remaining cycles.  WB5 saw just over 2% flange force during the testing. 

 
4.3.10 Specimen CS3 

CS3 is shown in Figure 4.84.  CS3 had a 36 in. unbraced segment between the 

end-plate and the beginning of the controlling segment.  It had flange splices on both 

inner and outer flanges at mid-length of the CS (Figure 4.17).  These flange splices 
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included a change of thickness from 3/8 in. to 5/16 in. and used CJP welds.  The 

flange-to-web welds in the vicinity of the flange splices were reinforced with fillet 

welds on both sides of the web and were placed only on the west side of the web 

elsewhere. Lateral braces were attached to the flanges through welded purlin clips 

(Figure 4.8).   

The loading protocol was followed exactly, with one exception.  Just prior to 

the first 3% DR cycle, an excursion to +3.5% DR was made followed by a negative 

excursion of 2% DR .  This was to ensure the formation of inner flange LTB prior to 

any outer flange limit states being reached.  The loading history can be seen in Figure 

4.85. 

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.86.  Figure 4.87 shows the lateral buckling deformations of the CS.  Figure 4.88 

shows FLBs along the inner flange while Figure 4.89 shows FLBs along the outer 

flange.  Initial LTB of the inner flange of the CS occurred on the positive excursion to 

3.5% DR with a moment at the end-plate of 5,657 kip-in.  The inner flange began to 

deform into FLBs in two locations on the inner flange when LTB occurred; at the mid-

length of the CS, and between the northernmost brace point and the end-plate.   

During the first negative cycle of 4% DR, FLB occurred in the outer flange 

between the CS and the end-plate with a moment at the end-plate of 5,871 kip-in.  No 

separations of the flange from the web were observed. 
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Lateral Bracing Forces 

Figure 4.90 reports the forces throughout the test at each brace point.  The 

inner flange braces, WB1 and WB4, had increased bracing demands following 

formation of LTB in the CS with WB1 resisting nearly 4% flange force and WB4 

about 1.5%.  The demand on WB1 varied over the positive cycles but reached a 

maximum of 4.7% of the maximum flange force on the first +4% DR cycle.  

Thereafter, the demand on WB1 decreased in the positive cycles, though it increased 

in each negative cycle.  The demand on WB4 increased each positive cycle until it 

reached a maximum of 3.7% on the second +6% DR cycle.  The outer flange braces 

never resisted more than 2% flange force. 

 
4.3.11 Specimen CS4 

CS4 is shown in Figure 4.91.  CS4 had a 24 in. unbraced segment between the 

end-plate and the beginning of the controlling segment (Figure 4.18).  The purpose of 

this specimen was two-fold: to investigate any problems with web stiffener details due 

to cyclic loading, and to investigate effects on the post-buckling strength arising from 

keeping the flanges perpendicular to the web throughout buckling.  To provide for the 

later purpose, web stiffeners were densely distributed over the CS, much more densely 

so than would be found on a real metal building rafter.   

Seven full-depth web stiffener plates were distributed along both sides of the 

web, spaced at 20 in. on-center.  These stiffeners were detailed such that they provided 

rotational restrain to the inner and outer flanges at the brace points.  Thus, this 

specimen did not need to use the truss apparatus described used on other specimens.   
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This specimen had a web splice (Figure 4.18) at the larger (northern) end of the 

CS, which joined a 0.1875 in. web plate (north of the splice) with a 0.1644 in. web 

plate (south of the splice).  All flange-to-web welds were placed on the east side of the 

web.  Lateral braces were attached to the flanges through welded purlin clips (Figure 

4.8).   

The typical loading protocol was modified to ensure that a LTB was reached in 

the inner flange prior to the outer flange. First, in place of the positive 2% DR cycles, 

the specimen was displaced in the positive direction until the CS just buckled in LTB.  

The positive cycle on which this occurred was terminated at +2.92% DR.  The 

negative DR cycles were kept to smaller magnitudes of displacement than the positive 

cycles for each increment, so -2% DR cycles followed.  A single +3% DR followed 

and then +4%, +5%, and +6% DR cycles.  The negative cycles remained 1% smaller 

in magnitude throughout the remainder of the test.  The loading history can be seen in 

Figure 4.92. 

 
Global Response 

The recorded load-deflection behavior of the specimen is shown in Figure 

4.93.  Figure 5.94 shows the inner flange buckling deformations.  Figure 5.95 shows 

the outer flange FLB.  Initial LTB at the inner flange of the CS occurred during the 

+2.92% DR cycle with a moment at the end-plate of 4,093 kip-in.  An inner flange 

FLB formed just south of brace point on the north end of the CS.  During the next 

cycle, which pushed to +3% DR, an inner flange FLB occurred at the mid-length of 

the CS (Figure 4.94).  During the first negative cycle of 3% DR, outer flange FLB 
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occurred near the northernmost brace point (Figure 4.95) with a moment at the end-

plate of 4,352 kip-in.   

At the mid-CS FLB, during the second cycle of -4% DR, a longitudinal crack 

formed at the weld toe at the inner flange and propagated into the flange material 

causing a rupture and separating the inner flange from the web (Figure 4.96).   A 

vertical web crack was initiated under the longitudinal weld fracture. 

 
Lateral Bracing Forces 

Figure 4.97 reports the forces throughout the test at each brace point.  The 

inner flange braces, WB1 and WB4, had increased bracing demands during positive 

cycles after formation of LTB in the CS.  WB4 resisted nearly 3% of the maximum 

flange force just after the buckle and its demand increased each cycle.  The highest 

demand on WB4 throughout the test was 4.6% flange force during the final positive 

cycle.  WB1 never resisted more than 2% flange force. 

The only outer flange brace to have substantial demands was WB2, the 

northernmost brace point.  The demand on WB2 increased sharply after the FLB on 

the outer flange formed, jumping to nearly 3.5% flange force.  The demands increased 

each negative cycle up to a maximum observed demand of 5.0% of the maximum 

flange force. 
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Table 4.1. Cyclic Test Matrix 

 
CSa,b 

Specimen 
Taper 
Angle Flange Web 

Notes:  

CF1 4.60° C S constant taper, no transitions, full CS 2-sided weld, 
CS = 1st unbraced length, welded brace clips 

CF2 4.60° C S 
constant taper, no transitions, CS = 1st unbraced 
length,   welded brace clips, slot in web 

CF2-A 4.60° C S 
constant taper, no transitions, axial load, CS = 1st 
unbraced length, welded brace clips, slot in web 

PF1 9.59° C S 
pinch point at end of CS, CS = 1st unbraced length, 
welded brace clips 

PF2 14.48° C/N S 
pinch point within CS, CS = 1st unbraced length, 
welded brace clips 

CS1 5.62° N N 
constant taper, no transitions, CS = 2nd unbraced 
length, bolted brace clips 

CS1-A 5.62° N N 
constant taper, no transitions, axial load, CS = 2nd 
unbraced length, bolted brace clips 

CS2 4.60° N S 
constant taper, flange splice, CS = 2nd unbraced 
length, bolted brace clips 

CS3 4.60° C/N S 
constant taper, flange splice and thickness change,   
CS = 2nd unbraced length, welded brace clips 

CS4 4.60° N S 
constant taper, shear stiffeners, CS = 2nd unbraced 
length, welded brace clips 

a CS = Controlling Segment 
b C = Compact, N = Non-Compact, S = Slender 
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Table 4.2. Mechanical Characteristics of Steel 

Coupon 
ID 

Specification Thickness (in.) Fy (ksi) Fu (ksi) 
Elong. 

(%) 

A A529 Gr. 55 0.498 (0.500)a 60.0 (62.5)b 87.3 (87.3) 31.5c 

B A529 Gr. 55 0.318 (0.313) 69.7 (72.4) 94.4 (94.3) 27.4 

C A529 Gr. 55 0.257 (0.250) 69.8 (75.0) 98.3 (97.8) 23.4 

D A529 Gr. 55 0.370 (0.375) 57.6 (62.7) 86.0 (84.9) 29.0 

E A1018 HSLAS Gr. 55 0.307 (0.313) 54.5 (60.0) 80.8 (75.9) 30.4 

F A529 Gr. 55 0.254 (0.250) 61.6 (66.2) 87.8 (86.0) 27.7 

G A529 Gr. 55 0.318 (0.313) 67.0 (72.4) 95.4 (94.3) 26.1 

H A529 Gr. 55 0.244 (0.250) 67.9 (70.6) 95.1 (91.7) 23.3 

I A529 Gr. 55 0.310 (0.313) 55.6 (59.3) 83.6 (91.6) 28.0 

J A529 Gr. 55 0.369 (0.375) 62.5 (64.0) 88.9 (85.0) 28.6 

K A1011SS Gr. 55 0.186 (0.188) 71.9 (58.2) 80.7 (87.0) 26.8 

N A1011SS Gr. 55 0.185 (0.188) 61.9 (59.5) 87.8 (89.5) 24.8 

M Not Specified 0.166 (0.164) 66.7 81.2 24.8 

N A1011SS Gr. 55 0.150 (0.150) 58.1 (59.0) 85.0 (87.8) 23.3 

O A572 /A1018 HSLAS Gr. 55 0.245 (0.250) 62.1 (62.7) 73.4 (76.0) 31.2 

P A1011SS Gr. 55 0.184 (0.188) 57.4 (62.4) 85.9 (91.0) 25.5 

a Values in parentheses are nominal plate thicknesses from design drawings 
b Values in parentheses are based on mill certified test reports. 
c Elongation values are based on test results of coupons with 2 in. gage length. 

 

Table 4.3. Rafter Material Index 

Rafter 
ID 

Inner  
Flange 1 

Inner  
Flange 2 

Outer 
Flange 1 

Outer 
Flange 2 Web 1 Web 2 

CF1 J - A - L - 

CF2 D - D - K - 

CF2-A D - D - K - 

PF1 J - J - L - 

PF2 I H H - P N 

CS1 F - F - O - 

CS1-A F - F - O - 

CS2 C - C - L - 

CS3 J B J G L - 

CS4 E - E - K M 
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(a) Pin Support at Column 
 

 

(b) Roller Support at Rafter End 

Figure 4.3. Cyclic Specimen Support Conditions 
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Figure 4.4. Cyclic Column Piece Drawing Details 
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Figure 4.5. Cyclic Specimen Bolted End-Plate Moment Connection 

 

 

Figure 4.6. Cyclic Specimen Column Bracing 
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(a) with Welded Clip 

 

 

(b) with Bolted Clip 

 
Figure 4.8. Watt’s Brace to Rafter Connection Region 

 

1.5”ϕ×72” Gr. 50 Rod 

Welded Clip 
w/ (2) 5/8” 
A325 Bolts L3×3×1/4 w/ 

5/8” A490 
Bolt Rafter Flange 

High 
Strength 
Spherical 
Bearing 

Connection 
w/ 5/8” 

A325 Bolt   
(Both Ends 

of Rod) 

8” Center Link 
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 (a) Truss on Specimen 
 

 

(b) Detail Drawing 
 

Figure 4.9. Flange Constraint Truss 

 
 

Watt’s Brace 

L3×2×1/2 
Typ. 

Rafter 

Brace 
Conn. 

Plate/Angle 

5/8” A490 
Bolts, Typ. 
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Figure 4.10. Tension Rods for Axial Load 

 

 

Figure 4.11. Specimen Elevation: CF1 

 

 

Figure 4.12. Specimen Elevation: CF2 & CF2-A 
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Figure 4.13. Specimen Elevation: PF1 

 

 

 

Figure 4.14. Specimen Elevation: PF2 

 

 

 

Figure 4.15. Specimen Elevation: CS1 & CS1-A 
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Figure 4.16. Specimen Elevation: CS2 

 

 

 

Figure 4.17. Specimen Elevation: CS3 

 

 

Figure 4.18. Specimen Elevation: CS4 
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Figure 4.19. Cross-Section of a Built-Up Rafter 
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Figure 4.20. Material Coupon Stress-Strain Curves 
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Figure 4.20. Material Coupon Stress-Strain Curves (continued) 
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Figure 4.21. Cyclic Loading Template 

 

 

Figure 4.22. Internal Moment Calculation 

 

R
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Figure 4.23. Specimen CF1 

 

 

Figure 4.24. CF1 Displacement Loading History 

 

CS 
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(a) through First Bolt Rupture and Repair 

 

(b) through Second Bolt Rupture and Repair 

 

Figure 4.25. CF1 Global Response  
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(c) Total Test Duration 

Figure 4.25. CF1 Global Response (continued) 

 

 
 

Figure 4.26. CF1 Inner Flange LTB (+6%, 1st Cycle) 

 



187 

 

 
(a) Aerial View of LTB in CS 

 

 
(b) FLB at Mid-Length of CS  

 
(c) FLB at End-Plate 

Figure 4.27. CF1 Inner Flange Local Buckling (+6%, 2nd Cycle) 

 

North 

(d)

(b)

(c)
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(d) FLB at Small End of CS (Northward View) 

Figure 4.27. CF1 Inner Flange Local Buckling (+6%, 2nd Cycle) (continued) 

 

 

Figure 4.28. CF1 End-Plate Connection after Bolt Rupture 

 

 

Figure 4.29. Ruptured Bolts from CF1 

Column 

Rafter 
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Figure 4.31. CF1 Inner Flange Brace Forces 

 

 

Figure 4.32. Specimen CF2 

 

3% 4% 5% 6% (DR)

CS 

Web 
Slot
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Figure 4.33. CF2 Displacement Loading History 

 

 

 

Figure 4.34. CF2 Global Response 
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Figure 4.35. CF2 Inner Flange LTB (+6%, 2nd Cycle) 

 

 

(a) Aerial View 

Figure 4.36. CF2 Inner Flange FLBs 

(d) 

(c)

(b)
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(b) at Small End of CS (Southward View) 
 

 

(c) at Mid-Length of CS (Eastward View) 
 

 

(d) at End-Plate (Westward View) 

Figure 4.36. CF2 Inner Flange FLBs (continued) 
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Figure 4.37. CF2 Flange Local Buckle at Outer Flange 
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(a) Westward View 

 

 
(b) Eastward View 

Figure 4.38. CF2 Flange-to-Web Separation (+5%, 2nd Cycle) 

 

   

Figure 4.39. CF2 Flange-to-Connection Rupture (+5%, 2nd Cycle) 

 

D6 C-Clamp 
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Figure 4.41. Specimen CF2-A 

 
 
 

 

 

Figure 4.42. CF2-A Axial Load Application Locations 

 

Web 
Slot 

CS 
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Figure 4.43. CF2-A Displacement Loading History 

 

 

 

Figure 4.44. CF2-A Global Response  

 
 

FLB 
Rupture 
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(a) Axial Failure 

 

 

(b) Flange-Web Separation 

Figure 4.45. CF2-A Final Deformations 

 

 

 

 

North 
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Figure 4.47. CF2-A Applied Axial Force 

 

 

Figure 4.48. Specimen PF1 

 

 

3% 4% (DR) 

CS 

Pinch Point 
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Figure 4.49. PF1 Displacement Loading History 

 

 

Figure 4.50. PF1 Global Response 
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(a) LTB 

 

 

(b) FLB at Pinch Point 

Figure 4.51. PF1 Inner Flange Buckling  
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Figure 4.52. PF1 Eastward View of Outer Flange Buckling (-5%, 2nd Cycle) 

 
 

 

 

Figure 4.53. Flange Rotation/Translation about Brace Point 

TRANSVERSE 
TRANSLATION 

WEB 

UNDEFORMED 
SECTION 

FLANGE 

WATT’S 
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SECTION 
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Figure 4.55. Specimen PF2 

 

Figure 4.56. PF2 Displacement Loading History 

 

CS 

Pinch Point 
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Figure 4.57. PF2 Global Response 

 
 

 

Figure 4.58. PF2 Inner Flange LTB (+6%, 2nd Cycle) 
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Figure 4.59. PF2 Outer Flange FLB (-6%, 2nd Cycle) 

 
 

 

Figure 4.60. PF2 Inner Flange Splice Rupture (-5%, 5th Cycle) 

 

 

 

North 

Pinch Point 

North 
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Figure 4.62. Specimen CS1 

 

 

Figure 4.63. CS1 Displacement Loading History 

 

CS 
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Figure 4.64. CS1 Global Response 

 

   

Figure 4.65. CS1 Inner Flange LTB (+5%, 2nd Cycle) 

FLB 
Rupture 
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(a) Aerial View 
 

   

(b) FLB at Deep End of CS           (c) FLB at Mid-Length of CS 

Figure 4.66. CS1 Flange Local Buckling 

 
 

Outer 
FLB 

(b) 

(c) 
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(a) Inner Flange at Mid-Length of CS (Northward View) 
 

 

(b) at Outer Flange FLB (Eastward View) 

Figure 4.67. CS1 Flange Ruptures 

 

End-Plate 
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Figure 4.69. Specimen CS1-A 

 

 

 

 

 

Figure 4.70. CS1-A Axial Load Application Locations 

 

CS 
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Figure 4.71. CS1-A Displacement Loading History 

 

 

Figure 4.72. CS1-A Global Response 

 

FLB 
Rupture 
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Figure 4.73. CS1-A Euler-like Flexural Buckling Failure (+4%, 2nd Cycle) 

 

 
(a) LTB of Outer Flange (Southeastward View) 

 

 
(b) Rupture through Flange-to-Web Fillet Weld 

Figure 4.74. CS1-A Outer Flange Deformations 

 

Weld Rupture 
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Figure 4.76. CS1-A Applied Axial Force 

 
 

 

Figure 4.77. Specimen CS2 

 

3% 4% (DR)

CS 
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Figure 4.78. CS2 Displacement Loading History 

 

 

Figure 4.79. CS2 Global Response 
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Figure 4.80. CS2 Inner Flange LTB (+6%, 2nd Cycle) 

 

 

Figure 4.81. CS2 FLB (Eastward View) at Mid-length of CS (+3%, 2nd Cycle) 

 



222 

 

 

Figure 4.82. CS2 Outer Flange FLB (-3%, 1st Cycle) 
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Figure 4.84. Specimen CS3 

 

 

Figure 4.85. CS3 Displacement Loading History 

 

CS 
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Figure 4.86. CS3 Global Response 

 

 

Figure 4.87. CS3 Inner Flange LTB (+6%, 2nd Cycle) 
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(a) FLB at Mid-Length of CS (Eastward View) 

 

 
(b) Flange Deformations near Northernmost Brace Point 

Figure 4.88. CS3 Inner Flange Local Buckling (+6%, 2nd Cycle) 

 
 

 
(a) Eastward View 

 

 
(b) Westward View 

Figure 4.89. CS3 Outer Flange Local Buckling (-6%, 2nd Cycle) 
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(a) Aerial View of CS4 and Testing Assembly 
 

 

(b) Eastward View 

Figure 4.91. Specimen CS4 

 

CS 
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Figure 4.92. CS4 Displacement Loading History 

 

 

Figure 4.93. CS4 Global Response 
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(a) LTB of CS 
 

 

(b) FLB at Mid-Length of CS (Eastward View) 

Figure 4.94. CS4 Inner Flange Buckling (+6% Cycle) 

 

(b) 
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(a) Westward View 

 

 
(b) at 1st Brace Point 

Figure 4.95. CS4 Outer Flange FLB (-5%, 1st Cycle) 

 

 

Figure 4.96. CS4 Rupture at Mid-CS FLB (-5%, 1st Cycle) 

Drain Hole

North

(b) 

End-Plate 



232 

 

F
ig

u
re

 4
.9

7.
 C

S
4 

L
at

er
al

 B
ra

ci
n

g 
F

or
ce

s 

4%
 

5%
 

6%
 (

D
R

) 

(f
) 

B
ra

ce
 P

oi
nt

 ID
 



 

233 

5 RESULTS AND IMPLICATIONS FROM CYCLIC TESTING OF WEB-

TAPERED MEMBERS 

5.1 General 

One important use of the experimental observations from the cyclic buckling 

tests (Chapter 4) is the assessment of design equations for member strength.  This 

section will present the calculated strengths of each specimen for the limit state of 

LTB.  The axial capacities of CF2-A and CS1-A as well as the AISC-360 required 

strengths for lateral bracing for each specimen will be calculated.  Local strength limit 

states associated with a change in taper (pinch point) will be investigated for PF1 and 

PF2.  Finally, the bolt strength of the end-plate moment connection will be assessed. 

 
5.2 Flexural Strength Based on the Lateral-Torsional Buckling Limit State 

5.2.1 General 

Because the cyclic testing was focused on LTB, it is of interest to briefly 

review the methods for predicting LTB strength, Mn, outlined in Design Guide 25 and 

their restrictions.  It is useful to begin with discussion of strength predictions for 

simple tapered beams, which are herein defined as I-beams with a single unbraced 

segment, a single taper angle over its length, and no other changes in geometry, which 

is simply supported for torsion.  The torsional boundary conditions for simple tapered 

beams prevent twist about the longitudinal axis of the beam and translation normal to 

the web but leave the beam free to warp at each end (Ziemian 2010).   

The general premise behind the calculation of LTB strength for a simple 

tapered beam follows a three-step process, though the order of the steps differs 
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depending on which method is followed.  The three steps are: 

 Determine elastic critical buckling strength 

 Correct for partial section yielding, and 

 Correct for bending moment gradient. 

Two methods are presented in Design Guide 25 using those three steps.  The 

first method (Method 1), called the General Procedure, involves correction for bending 

moment gradient prior to correction for partial section yielding.  Method 1 [Figure 5.1 

(a)] is for use with an I-beam possessing any number of changes in taper or other 

geometry over its unbraced length, as well as for members with multiple brace points 

along their length.  The second method (Method 2), called the Procedure for Single 

Linear Tapered Members, corrects for partial section yielding prior to correcting for 

bending moment gradient.  Method 2 [Figure 5.1(b)] is used in AISC-360 for 

prismatic members.  Method 2 has been shown to be adequate for single tapered 

beams (Kim 2010).  While the two methods share the same three steps, the order of 

the steps makes a significant difference on the resulting strength predictions, Mn.  

Figure 5.1 shows strength curves for these two methods to demonstrate their 

difference. 

The first step in both methods is determining the elastic critical buckling 

strength.  This involves calculating the magnitude of applied flexural loads which 

cause instability of the member being designed.  This calculation is quite complex and 

depends on the member geometry, the applied load distribution, and the boundary 

conditions. 
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For simple tapered beams, Design Guide 25 presents a simple method of 

estimating the extreme fiber compressive stress at elastic lateral buckling.  The elastic 

critical buckling stress, FeLTB, of an equivalent prismatic beam under uniform bending 

moment is found using the equation from AISC-360: 

 22

2 1 0.078 b
eLTB

xc o tb

t

LE J
F

S h rL

r

  
   
   
 
 

 
(5.1)

where E is the modulus of elasticity, J is the section torsion constant, Sxc is the elastic 

section modulus referred to the compression flange, ho is the distance between flange 

centroids and Lb is the unbraced length and rt is a specialized radius of gyration of the 

compression flange defined in Design Guide 25.  The cross-section dimensions of the 

equivalent prismatic member are those of the tapered member at mid-length.  Per 

Design Guide 25, whenever the web is classified as slender per AISC-360 anywhere 

along the unbraced segment, J is taken as 0.  This approximation for simple tapered 

beams using Equation (5.1) has been shown to be quite accurate (Kim 2010).  It is 

worth noting that in Design Guide 25 the elastic critical buckling stress, FeLTB, is 

converted to a buckling strength multiplier γeLTB as: 

 eLTB
eLTB

r

F

f
   (5.2)

where fr is the maximum compressive flexural stress along the unbraced length due to 

the applied loads. 

To account for the effects of non-uniform bending moments, a factor, Cb, has 

been developed (Ziemian 2010) which estimates the ratio of the elastic critical 

buckling strength of a beam under a given loading to that of the same beam under a 
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baseline loading.  Typically the baseline loading is a uniform bending moment.  

However, Design Guide 25 presents a Cb equation which uses a baseline loading of 

uniform compressive stress over one flange of the unbraced length.  It should be noted 

that for prismatic members these baseline loadings are equivalent.  For a wide variety 

of conditions considered by Kim (2010), the Cb equation in Design Guide 25 is quite 

accurate.  But the conditions considered by Kim did not include tapered beams with 

higher compressive stresses at the smaller ends nor members with multiple taper 

angles or other changes in geometry along their lengths.    

The Cb equation within Design Guide 25 is calculated for a flange as follows: 

 2

1 1

2 2

1.75 1.05 0.3 2.3b

f f
C

f f

 
    

 
 (5.3)

where f2 is the absolute value of the largest compressive flexural stress at either end of 

the unbraced length (Figure 5.2).  If the stress is zero or tensile at both ends of the 

flange, f2 is taken as 0.  The value of f1 is calculated as: 

 
0 2

1 0

0 2
1 2 0

For ,  
2

For ,  2
2

mid

mid mid

f f
f f f

f f
f f f f f


 


   

 (5.4)

where f0 is the flexural stress in the same flange and at the opposite end of the 

unbraced length from f2, and fmid is the flexural stress at the middle of the unbraced 

length, both taken as positive for compression and negative for tension (Figure 5.2).  It 

should also be noted that Cb is taken as 1.0 for cantilever beams and where fmid / f2 > 1. 

 To correct the elastic critical buckling strength for partial section yielding, a 

mapping process is followed.  The equations defining the strength curve are given in 
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Design Guide 25.  The ratio of the elastic critical buckling stress, FeLTB, to the nominal 

yield stress, Fy, is used to determine which of three regions on the flexural strength 

curve (Figure 5.1) is applicable.  In essence the elastic critical buckling strength is 

mapped into the flexural strength curve.  This process of mapping inherently makes 

the assumption that all cross-sections along the member have the same degree of 

yielding as the most severe cross-section.  For most design situations, this assumption 

is conservative (Timoshenko and Gere 1961).  The mapping process follows. 

  If a member is very slender (elastic region), it may buckle laterally under 

applied loads prior to yielding anywhere within a cross-section.  The strength of these 

members is set by Design Guide 25 as equal to the elastic critical buckling strength.   

 As a member becomes less slender (inelastic region), portions of the cross-

section may yield prior to LTB due to the existence of initial residual stresses in the 

member from fabrication (Ziemian 2010).  These portions of the cross-section which 

have yielded cannot contribute to the LTB resistance and effectively reduce the 

buckling strength to less than the elastic critical buckling strength level.  Design Guide 

25 uses FLSxc as the moment where residual stresses start to diminish the LTB 

capacity, dividing the elastic and inelastic regions on the strength curve.  FL is equal to 

70% of Fy in most cases.   

 The full cross-section of a very stocky member (plastic region) will yield prior 

to LTB.  The strength of members in this region (and all other regions as well) is 

limited to the plastic moment capacity of its cross-sections accounting for effects of 

web slenderness (Kaehler et al. 2011). 
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Method 1 

 Calculation of the LTB strength by Method 1 for simple tapered members 

follows these steps: 

 
Step 1: Use Equation (5.1) with mid-length section geometry to find the elastic 

 critical buckling stress, FeLTB, under uniform flexural stress. 

Step 2: Use Equation (5.3) to calculate the moment gradient factor, Cb.  

Step 3: Map b eLTB r yC f F  into the strength curve at several locations along the 

 unbraced length, taking the worst DCRLTB for any cross-section as applying to 

 the full segment.  The value of DCRLTB is calculated as: 

 r
LTB

n

M
DCR

M
  (5.5)

 where Mr is the applied bending moment at a cross-section, and Mn is the 

 mapped LTB strength at the same cross-section.  Equation (5.5) is modified 

 further for reliability considerations using either an Allowable Strength 

 Design (ASD) or Load and Resistance Factor Design (LRFD) method per 

 Design Guide 25. 

 
Method 1 has the benefit of using Cb in the conditions of its derivation.  The 

equations for Cb are developed to accurately predict elastic critical buckling strengths.  

This method accurately predicts the elastic critical buckling strength prior to mapping 

for partial yielding effects.  However, research shows that this method produces 

unacceptably conservative results when compared with experimental data (Kim 2010).  
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Therefore, AISC-360 and Design Guide 25 adopt Method 2 where it has been shown 

acceptable. 

 
Method 2 

 Calculation of the LTB strength by Method 2 follows these steps: 

Step 1:  Use Equation (5.1) with mid-length section geometry to find the elastic 

 critical buckling stress, FeLTB, under uniform flexural stress 

Step 2:  Map eLTB r yf F  into the strength curve at several locations along the unbraced 

 length to find Mn(Cb=1)  

Step 3:  Use Equation (5.3) to calculate Cb and take the worst DCRLTB for any cross-

 section as applying to the full segment.  The value of DCRLTB is calculated as: 

 

( 1)

r
LTB

b n Cb

M
DCR

C M 

  (5.6)

 Method 2 has been shown to match experimental data better than Method 1 for 

prismatic members and simple tapered beams (Kim 2010).  This is because Cb, when 

applied after mapping, serves to offset some of the conservatism from the assumption 

that the most extreme partial yielding occurs throughout the full length of the member.  

The increase in strength of Method 2 over Method 1 can be seen in Figure 5.1(b).  

Note that this increase is generally only in the inelastic region where partial yielding 

of the section exists.   

For beams with multiple taper angles or other changes in geometry over their 

lengths or beams with boundary conditions differing from torsionally-simply 

supported, no closed form equations are available in the literature for determining the 
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elastic critical buckling strength.  Also, the Design Guide 25 equation for Cb may 

become quite inaccurate due to discontinuous stress states across changes in geometry.  

Design Guide 25 is silent on design procedures for these types of beams.   

In order to make use of the strength curve (Figure 5.1), the elastic critical 

buckling strength is needed which considers the bending moment gradient along the 

beam.  The buckling strength modifier γeLTB is a scale factor for the actual applied 

loading such that when the loads are scaled by γeLTB the member buckles laterally.  

Once γeLTB is available, the subsequent procedures in Design Guide 25 may be used to 

determine LTB strength.  It is clear that numerical procedures are required.  There are 

a few numerical procedures available in the literature for determining elastic critical 

loads, including finite difference (Jimenez Lopez 1998), the method of successive 

approximations (Stussi, 1935), and finite element analysis (Chang 2006, McGuire et 

al. 2000).   

If a numerical procedure is used, including the actual flexural loads on the 

member, an accurate prediction of the elastic critical buckling strength is determined 

for all locations along the beam and Steps 1 and 2 of Method 1 are bypassed requiring 

only the mapping for partial yielding into the strength curve.  Step (3) of Method 1 can 

be performed using γeLTB determined from the numerical procedure in place of CbγeLTB.  

The use of Method 1 is likely to produce conservative strength estimates in the 

inelastic region.  However, because an independent correction for moment gradient 

(Cb) is not considered, it is not possible to use Method 2 in conjunction with numerical 

procedures for the elastic critical buckling load. 
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Adjacent Segment Effects 

It is common practice for metal building designers to determine LTB strengths 

for each unbraced segment along a member independently.  In fact, Design Guide 25 

and AISC-360 both present design strength equations only for unbraced segments 

which are simply supported for torsion.  This practice ignores any stabilization (or 

destabilization) from unbraced segments adjacent to the segment of interest.  This is 

thought to be conservative in most cases (Salvadori 1951).  It was of interest to 

investigate the effects of this practice on LTB strength predictions.   

 
Nominal Strengths of Component Test Specimens 

Both Design Guide Method 1 and Method 2 using Equations (5.1) and (5.3) 

were used to predict the strengths of all specimens except PF2 and CS3, which had 

plate thickness changes mid-CS; Design Guide 25 does not give guidance for the 

determination of the elastic critical buckling strengths of members with plate thickness 

changes.  Method 1 was also employed, for all specimens, using beam-column finite 

element models (FEM), described briefly in Appendix A, to calculate the elastic 

critical buckling strengths. For each specimen, two FEM were used; one of only the 

torsionally simply-supported CS (FEMSS) and one of the entire rafter specimen 

(FEMFull).  The use of FEMFull allowed strength predictions which included stiffening 

effects from unbraced segments adjacent to the CS.   

The FEMFull model was simply supported for torsion at the roller connection 

and fully fixed for torsion (warping, twist, and lateral translation restrained) at the end-

plate moment connection.  Locations along the rafter with flange braces at both 
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flanges were restrained against twist (about the longitudinal beam axis) and lateral 

translation (normal to the web plate) while locations with only the outer flange braced 

were constrained to rotate about a point 4 inches below the flange (Figure 5.3), 

corresponding approximately to the center of the Watt's brace. 

For all methods of predicting strength for the cyclic test specimens, the 

measured plate thicknesses (Table 4.2) were used in all geometric calculations.  The 

nominal plate widths, depths, and lengths were sufficiently accurate for use in 

calculations.  Instead of the nominal yield stress, Fy, the measured yield stresses of the 

CS compression flange from coupon testing (Table 4.2 and Table 4.3) were used in 

calculations.  Where multiple materials were used along the CS compression flange, 

the yield stress used corresponded to the location of the cross-section checked in the 

strength mapping step. 

Table 5.1 shows the Cb values calculated for each CS using Equation (5.3).  

Also shown are FeLTB per Equation (5.1), the ratio CbγeLTB, from Design Guide 25 

equations, and the γeLTB values found from the finite element models of the individual 

simply-supported CS (FEMSS) and the full rafter (FEMFull).  For calculation of the 

γeLTB values, a linear moment diagram with a unit positive bending moment at the face 

of the end-plate was used for the applied loading (Figure 5.4).  The implications of 

Table 5.1 are presented in Section 5.7.2 

Table 5.2 shows the calculated moment capacity at the controlling cross-

section for each specimen for each of the four calculation methods: Design Guide 25 

Methods 1 and 2, FEMSS and FEMFull.  In all but two cases, the controlling cross-

section (with the most yielding) was at the deepest end of the CS.  Specimen PF1 was 
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controlled by the cross-section at the small end of the CS while Specimen PF2 was 

controlled by the cross-section on the thin-web side of the pinch point splice at mid-

CS.  Moment strength estimates are not given for PF2 or CS3 using Design Guide 25 

Methods 1 or 2 because there are no equations provided to estimate the elastic critical 

buckling strengths of those specimens due to their geometry.  The implications of 

Table 5.2 are presented in Section 5.7.2  

 
5.3 Axial Strength 

Specimens CF2-A and CS1-A were subjected to constant axial loads during 

cyclic testing.  The applied axial loads were intended to be approximately 10% and 

20% of the nominal axial strengths, Pn, of the CS for CF2-A and CS1-A, respectively.  

It was of interest to verify the actual percentages for data interpretation purposes.   

It can be shown that both CS in Specimens CF2-A and CS1-A are controlled 

by the axial limit state of Constrained-Axis Torsional Buckling (CAT).  This buckling 

mode is similar in behavior to LTB and arises when only one flange is braced at a 

point along a segment (Figure 5.5).  Design Guide 25 presents a method to determine 

the design strength for this axial buckling mode. 

As in the calculation of LTB strength, Design Guide 25 uses a mapping 

process to derive an axial strength, considering partial section yielding, from the 

theoretical elastic buckling strength.  Flange and web slenderness effects are included 

in the same manner as in AISC-360 through the use of a slenderness reduction factor, 

Q, which serves to reduce the effective squash (or full yield) strength, Py, of a given 

cross-section.  The steps of the procedure are as follows: 
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Step 1 Calculate the elastic critical buckling load, PeCAT, per Design Guide 25 as: 

  2
2

2 2 2 2
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 (5.7)

 where E is the modulus of elasticity, G is the shear modulus, ac is the distance 

from centroid of girt or purlin to the centroid of the section (Figure 5.6), as is 

the distance from the centroid of girt or purlin to the shear center of the 

segment, rx and ry are the radii of gyration about the section strong and weak 

axis, respectively, J is the section torsional constant, Iy is the weak-axis 

moment of inertia, Lb is the length of the unbraced (inner) flange (Figure 5.5), 

and Cw is the warping constant.  Section properties are all calculated as in the 

SSRC Guide (SSRC 2010).  Use the mid-length cross-section dimensions in 

Equations (5.7) to determine PeCAT. 

Step 2 Determine the slenderness reduction factor, Q, per AISC-360 at various 

locations along the segment.  Follow recommendations in Design Guide 25 for 

these calculations. 

Step 3 Calculate the nominal strength, Pn, for CAT at the cross-section with the 

smallest ratio of QPy/PeCAT using the strength curves from Chapter E in AISC-

360. 

 
This procedure was followed for Specimens CF2-A and CS1-A to find Pn.  Table 5.3 

shows the values of PeCAT, Py, and Pn for the critical cross-section for each specimen, 

which were the small ends of each CS.  Table 5.3. Axial Strength Calculations also 

shows the average applied axial load and the percentage of Pn attained.  The applied 
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loads of 10.3% and 22.7% for Specimens CF2-A and CS1-A, are reasonably close to 

the intended levels. 

 
5.4 Lateral Bracing Force 

Design requirements for lateral bracing of beams are presented in Appendix 6 

of AISC-360.  Bracing, such that the beam can develop its LTB design strength, must 

be designed with adequate stiffness and strength.  Bracing stiffness was not measured 

in this testing.  It can be surmised that the Watt's braces used possessed adequate 

stiffness in light of the accuracy with which the strengths may be predicted, shown 

below.   

AISC-360 presents the following equation for the required bracing strength for 

nodal lateral beam braces: 

  0.02 r
rb

o
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P

h
  (5.8)

where Mr is the bending moment demand and ho is the perpendicular distance between 

flange centroids, both at the location along the beam to be braced.  The moment at the 

brace location can be treated as a force-couple with the forces equal and opposite in 

each flange, with a moment-arm of ho (Figure 5.8).  Equation (5.8) dictates that lateral 

brace must have a strength not less than 2% of the magnitude of the flange force.  A 

similar approach was made in Chapter 4 for presenting the measured bracing forces as 

a percentage of flange force. 

 To use Equation (5.8), it is necessary to know values of Mr.  If the lateral 

braces are to be designed such that the full strength of a beam in LTB can be attained, 

then Mr should correspond to the LTB strength of the beam.  Two sets of bracing 
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strength calculations were performed; one using the measured bending moments at 

LTB during testing, Mu, and another using Design Guide 25 Method 2 to predict the 

moments, Mn, at the CS LTB capacity.  Design Guide 25 Method 2 was chosen 

because, in current practice, it is the most likely method chosen for design use by MB 

frame designers of those presented herein.  For PF2 and CS3, the elastic critical 

flexural buckling strength was calculated through a FEMSS model (Section 5.2.1) with 

Method 1 from Design Guide 25 since Method 2 is inapplicable for those specimens. 

 Table 5.4 presents the required bracing strengths for each set of Mr values at 

inner flange brace locations.  For specimens with the CS adjacent to the end-plate, 

brace 1 is at the small end of the CS and brace 2 is the next brace to the south (Figure 

5.7).  For specimens with the CS one unbraced segment away from the end-plate, 

brace 1 is at the large end of the CS while brace 2 is at the small end.  The 

implications of the data presented in Table 5.4 are presented in Section 5.7.4. 

 
5.5 Pinch Point Strength 

Specimen PF2 exhibited an ultimate flexural strength significantly lower than 

predicted (Section 5.2.1), deviating from the good accuracy seen in all other 

specimens.  It is suspected that the large change in taper angle, 0.245 radians, resulted 

in local strength limit states violated near the pinch point.  To confirm this, an 

effective transverse concentrated force, Pv, at the pinch point inner flange was 

calculated as (Figure 5.8): 

  1307 kip-in
tan(0.245) 0.25 17.9 kips

18.244 in.
u

v
o

M
P

h
    (5.9)

where Mu is the ultimate flexural demand at the pinch point, and ho is the distance 
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between flange centroids, taken for the prismatic section in this case. 

Chapter J in AISC-360 presents several design strength equations for limit 

states associated with concentrated loads at a flange.  The first strength limit state 

considered is web local yielding (WLY).  The nominal strength, Rn, of WLY is found 

as the yielding strength of a portion of the web shown in Figure 5.9.  The strength can 

be calculated as: 

    1 1 1 2 2 22.5 0.5 2.5 0.5n yw w fi b yw w fi bR F t t l F t t l     (5.10)

where Fyn, twn, and tfin are the yield stress, web thickness, and inner flange thickness of 

the nth portion of the web around the pinch point, and lb is the length of bearing, taken 

as the thickness of the inner flange of the prismatic segment.  With appropriate 

measured values in Equation (5.10), Rn was found to be: 

       
      
57.4 ksi 0.184 in 2.5 0.310 in 0.5 0.244 in

       58.1 ksi 0.15 in 2.5 0.244 in 0.5 0.244 in

    15.8 kips

nR     
  



 (5.11)

which results in a DCRWLY of: 

 17.9
1.13

15.8WLYDCR    (5.12)

It can be shown that WLY controls over web local crippling and web sidesway 

buckling for this pinch point when the same values are used for variables in their 

design strength equations.  The value of DCRWLY suggests that significant yielding 

may have been occurring in the web in the vicinity of the pinch point.  While it is not 

conclusive that that limit state was fully formed, the presence of such yielding surely 

reduced the effective lateral buckling resistance of the specimen in the same way 

partial section yielding would.  It is suspected that if the web had been stiffened 
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locally near the pinch point, as in the Shake Table Specimen 2 (Figure 2.64), this 

specimen would have attained a substantially higher ultimate strength which was 

better predicted by the methods of Section 5.2.1. 

 
5.6 Bolted End-Plate Moment Connection 

Specimen CF1 exhibited bolt rupture twice during cyclic testing.  The first 

rupture occurred due to a moment at the end-plate of 6,269 kip-in and the second at 

6,271 kip-in.  It was of interest to compare these rupture moments with the design 

strength of the bolts.  Design Guide 16 presents design methods for bolted end-plate 

moment connections including bolt strength equations.  For determination of the 

required bolt diameter, db,reqd, in such a connection, Design Guide 16 gives: 
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 (5.13)

where Mu is the moment demand on the plane between the end-plates, ϕ is a resistance 

factor, Ft is the bolt nominal tensile strength per AISC-360, 90 ksi for A325 bolts, and 

dn is the distance from the centerline of the nth tension bolt row to the center of the 

compression flange.  Figure 5.10 shows the end-plate of CF1 with important variables 

denoted.  When comparing test observations to nominal strengths, ϕ is set to 1.0.  

Using 6,270 kip-in for the moment demand on the outer face of the rafter end-plate, 

the moment demand, Mu, between the end-plates, 0.75 in. further from the roller 

support, is: 

  224.5 in. 0.75 in.
6270 kip-in 6291 kip-in

224.5 in.uM


   (5.14)

Solving Equation (5.13) for db,reqd: 
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   ,

2 6291 kip-in
0.856 in.

1.0 90 ksi 32.5 in. 28.25 in.b reqdd


 


 (5.15)

and comparing that with the actual bolt diameter of 0.875 in., the DCR for bolt tension 

is found as: 

 0.856 in.
0.978

0.875 in.BoltDCR    (5.16)

It is seen that the bolts failed in tension rupture very near their nominal strength, albeit 

slightly lower. 

 
5.7 Implications and Design Recommendations 

5.7.1 General Observations of Cyclic Performance 

A global assessment of the cyclic test results reveals a few trends which are 

valuable for the future development of an SFRS that leverages LTB as an inelastic 

hinge (Chapter 8).  In addition, some trends are important for the development of 

numerical models which can simulate an LTB inelastic hinge for dynamic analyses, 

required by a FEMA P695 study.  This section will discuss some of these trends.  The 

outer flange local buckling will not be discussed as the purpose of this research was to 

investigate the LTB of the CS. 

Without exception, every specimen developed a lateral buckle along the inner 

flange designated as the CS.  As could be expected, shortly following LTB, the 

compression flanges developed local buckles at two to three locations along the CS.  

These were typically somewhere near the mid-length (e.g., Figure 4.94) and at one or 

both ends (e.g., Figure 4.36).  If only one end developed an FLB, it was usually the 

larger (more highly stressed) end.  
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Post-Buckling Hysteresis Response 

The LTB of the CS shared many traits with a compression brace of an steel 

special concentric brace frame (SCBF).  The load-deformation relationships are very 

similar, as seen in comparing any of the figures from Chapter 4, (e.g., Figure 4.93), 

with Figure 5.11.  With each positive cycle, the CS buckled in compression, at a lower 

load each time.  Then on the negative excursion, the CS flange straightened, gaining 

stiffness, until it carried tension, often at a higher value of negative moment than the 

previous positive moment.  SCBF braces are also stronger in tension than in 

compression, especially after buckling. 

Each load-deformation response plot demonstrates that significant member 

strength is lost after initial buckling.  In fact, the level of strength observed in the 

member at initial buckling was never recovered for positive bending with a degraded 

maximum strength upon each subsequent cycle.  The flexural strengths in later cycles 

became more stable than those cycles shortly after buckling.  The strengths seem to 

decay at a diminishing rate.  For instance, CF2 buckled just before +3% DR at an 

applied load of around 40 kips.  By the end of that cycle, at a DR of around +3.5%, the 

strength had dropped to approximately 28 kips.  The following negative cycle caused 

outer flange buckling at more than 40 kips of applied load, demonstrating that though 

the CS flange had buckled in compression, it was still capable of carrying large tensile 

stresses.  Upon returning to the next positive cycle, the CS buckled again at +2% DR 

at a load of about 27 kips, dropping to nearly 22 kips at +3.5% DR.  This trend 

continued but stabilized such that the nominal +5% DR cycles showed nearly the same 
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strength on each cycle and the nominal +6% DR cycles showed a strength very nearly 

that of the +5% DR cycles.  These same trends can be observed for each specimen, 

though with different percentages of DR and strength losses. 

FLBs form in the CS due to the out-of-plane bending of the compression 

flange following LTB.  If one considers that the lateral bending of the flange induces 

curvatures about the strong axis of the flange, it is obvious that large compression 

stresses in the flange tips on the concave side of the buckle, near the mid-CS are 

quickly developed (Figure 5.12).  At the CS ends, the adjacent segments, or the end-

plates were restraining out-of-plane rotations, so the flange tips on the convex  side of 

the buckle developed large compressive stresses.  These large compressive stresses, 

combined with the stresses required for equilibrium with the applied loads, act to 

cause buckling of the flanges.   

FLBs usually developed in the same loading cycle or the very next positive 

excursion as the initial lateral buckling of the CS.  After formation, they underwent 

similar buckling-straightening cycles as the overall CS segment.  It is suspected that 

the post-buckling load-deformation relationship is primarily a function of the inelastic 

mechanism forming with two or formed by three FLBs along the CS (Figure 5.12).  

No FLBs showed transverse flange cracking as those of the shake table specimens. 

 
 
 

Effect of Flange Slenderness 

The specimens were organized into trial groups using various parameters (e.g., 

web slenderness, strength curve region (Section 5.2.1), taper angle, splices, flange 
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slenderness, etc.).  The only parameter used for grouping which seemed to have a 

definite effect on the cyclic behavior of the specimens was the flange slenderness.  

Specimens without axial load were divided into two groups: specimens with compact 

flanges and specimens with non-compact flanges (Table 4.1) as defined in AISC-360.  

Specimen PF2 was not included in the grouping because of its early buckling load due 

to a pinch point.  Specimen CS3 had both compact and non-compact flanges along the 

CS, so it was included in assessment but not part of the other two groups.   

Figure 5.13 shows the load-displacement responses plotted together for all 

seven specimens.  Each response was normalized by its initial buckling strength.  

Values of DR were not normalized as they were thought to be more important than a 

normalization based on the buckling displacements.  The dashed-line group had 

compact flanges.  A dashed outline in the first quadrant of the graph shows the 

envelope of the normalized response for the compact group.  The solid-line group had 

non-compact flanges.  A solid outline shows the envelope for the non-compact group.  

Finally, CS3 is plotted with a dotted outline for its envelope. A qualitative observation 

can be made concerning the post-buckling behavior of CS with different flange 

slenderness.  Compact flanges seem to, in general, provide an increased post-buckling 

strength throughout cycling, over that provided by non-compact flanges.  Further 

supporting this observation, CS3, with both compact and non-compact flanges along 

the CS shows a post-buckling envelope between the envelopes for the other two 

groups.  As no slender flanges were tested, no observation can be made for those.  

However, slender flanges are not as common in MB frame design.  The apparent 

improved post-buckling strength is desirable for ductile seismic behavior.  Therefore, 
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it is recommended that flanges designed to remain ductile during cyclic LTB be 

compact per AISC-360, but not necessarily seismically-compact per AISC-341.  No 

tests included seismically-compact flanges. 

 
5.7.2 Flexural Design Strength Equations 

 Observing Table 5.1, it can be seen that use of Equation (5.1) with the mid-CS 

cross-section geometry and Equation (5.3) for Cb produces estimates of the elastic 

critical buckling loads which closely match those of the FEMSS model.  The ratios of 

the buckling strength modifier from the Design Guide 25 equations to those of the 

FEMSS models have a mean of 1.006 and a coefficient of variation (COV) of 0.018.  

The Design Guide 25 estimates of the elastic critical buckling strengths for simple 

tapered beams are excellent.   

 Specimen PF1 had its largest compressive stress at the smaller end, a condition 

not investigated by Kim (2010) in the verification of the Design Guide 25 

methodology.  The error (4%) in that estimate is not large but it is approximately 2.3 

standard deviations from the mean of the group.      

 It is also clear that the elastic critical buckling loads are substantially higher for 

the FEMFull models.  Ratios of the buckling strength modifier from the FEMFull to 

those from the FEMSS models show a mean of 2.611 and COV of 0.088.  In other 

words, on average the specimen was predicted by a full rafter model to buckle 

elastically at 2.61 times the elastic critical buckling load predicted by a torsionally 

simply-supported model.  This is an indication of the very significant increases in 

strength predictions which are possible through inclusion of adjacent segment effects. 
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 Table 5.2 shows the predicted flexural strengths, and the buckling moment 

observed in testing.  The table shows the ratio of strength predictions using Design 

Guide Method 1 with a FEMSS model to those of Method 1 using Equations (5.1) and 

(5.3).  It can be seen the procedures in Design Guide 25 for simple tapered beams 

agree strongly with the more rigorous solutions offered by the finite element models 

for simple tapered beams. 

 Table 5.2 also shows ratios of experimental to predicted strengths for each 

method.  It is clear that Method 2 is only slightly more accurate than Method 1 using 

Equations (5.1) and (5.3), having mean ratios of 1.271 and 1.319, respectively.  

Method 2 results in increased strength predictions with an average of 4.1% over those 

of Method 1.  Use of simply-supported finite element models does not significantly 

improve the predictions for Method 1, although solutions become available for PF2 

and CS3.  CS3 had a ratio of 1.256, very similar to the other specimens.  PF2 had a 

ratio of 0.928, quite different than the trend.  It is believed that PF2 was weakened by 

local yielding effects around the pinch point (Section 5.5) and is not included in 

calculation of the mean and COV.   

 In contrast to the methods considering only the CS, strength predictions which 

included adjacent unbraced segments through the use of a finite element model of the 

full rafter (FEMFull) showed a considerably improved accuracy with a mean ratio of 

observed to predicted strengths of 1.039 and a COV of 0.077.  It is likely that most 

practicing metal building designers may be attracted to Method 2 when applicable for 

its ease of practical implementation.  Therefore, Table 5.2 shows the ratio of predicted 

strengths accounting for adjacent segments to those considering only the CS.   With a 
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mean of 1.157 (ignoring PF2 and CS2), this data suggests substantial material savings 

may be possible for members controlled by their LTB strengths.  

 
5.7.3 Required Bracing Forces 

Required bracing strengths were calculated in Section 5.4 for each test 

specimen.  Table 5.4 shows the required bracing strengths using both the 

experimentally calculated bending moments at buckling and predicted buckling 

moments using Design Guide Method 2 for determining LTB strengths.  Table 5.5 

shows the maximum bracing forces at the inner flange Watt's braces corresponding to 

brace 1 and brace 2 in Figure 5.7.  Note the values in Table 5.5 have been corrected by 

a factor of 1.057 over the values plotted in Chapter 4 based on the results from 

calibration tests for the Watt's brace load cell instrumentation.   

Table 5.5 also presents ratios of the observed maximum bracing forces with the 

predictions from AISC-360.  It is clear that the Watt's braces were subjected to 

substantially higher force demands than suggested by Equation (5.8).  On average a 

Watt's brace was required to resist 68% higher forces at some time during the test than 

the bracing strength equations suggest.  The results of Table 5.5, along with the 

bracing force plots of Chapter 4, suggest that lateral braces which restrain a CS 

segment expected to undergo several cycles of LTB should be designed to resist a 

much higher force demand than Equation (5.8) provides.  It should be noted that the 

mean values in Table 5.5 do not include specimen PF1 because it is suspected the lack 

of proper flange rotation restraint (Figure 4.53) may have caused unusually large 

bracing forces. 
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Another important observation is that required bracing forces calculated using 

buckling moment from Design Guide 25 Method 2 are even smaller than those 

considering the actual ultimate moments of the rafters.  This is to be expected since 

Method 2 ignores the effects of adjacent unbraced segments on the buckling strength 

predictions for the CS (Section 5.2.1).  However, it is clear that if adequate bracing 

strengths are to be provided, underestimation of the flexural demand is 

unconservative. 

For unbraced segments expected remain ductile through several large cycles of 

LTB, the following new equation for the required bracing strength is recommended: 

 
,
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where Mne is the moment at a brace location corresponding to the expected formation 

of LTB in the unbraced segment, meaning material overstrength, moment gradient, 

and adjacent segment effects are considered.  The two brace points adjacent to the end 

(up to 4, see Figure 5.14) of any flange expected to buckle cyclically should satisfy 

Equation (5.16) for its available strength.  Though bracing forces as high as 10% of 

the flange force at buckling were not generally observed during this testing, it is likely 

that rafter geometry and bracing configurations could be conceived with substantially 

higher bracing strength demands.  Until further studies are performed, which provide a 

broader basis, 10% of the flange force at buckling should be adequate.   

5.7.4 Effect of Axial Load 

The two specimens tested with constant axial loads, CF2-A and CS1-A, 

exhibited substantial cyclic strength degradation such that after only a few cycles, each 
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specimen had essentially no flexural strength.  This causes some concern because 

rafters in clear span gable frames can have significant axial force demands due to 

gravity loading alone.  Certainly, these observations warrant the prohibition of LTB 

inelastic hinges from being located in columns.  MB moment frames are also the 

primary gravity load carrying system and inelastic action during a large seismic event 

should not remove the ability of the frame to support those loads. 

It was observed that during a seismic excitation, a significant portion of the 

axial load in a rafter would be cyclic, with tension and compression components 

varying with the seismically induced bending moment.  Only constant loads would 

create constant axial compression during cycling.  Also, both CF2-A and CS1-A were 

allowed to develop buckling limit states on the outer flanges.  It was questioned 

whether the Euler-like flexural buckling failure (Figure 4.73) would have developed if 

only the inner flange had been allowed to buckle. 

To provide insight, finite element models were developed using Abaqus 

(Simulia 2012) software.  Reduced-integration shell elements with 4 nodes (S4R) were 

used to model the beam and column of Specimen CS1-A.  The nominal material 

thicknesses were used for the shells.  Twenty shell elements were distributed over the 

depth of the webs and eight over the width of the flanges, following procedures 

outlined by Kim (2010).  The spatial locations of the roller and pin connections were 

correctly incorporated with the support nodes rigidly offset from the specimen, 

connected to sufficiently large local areas of the outer flanges that local stresses would 

not influence the global behavior.  The Watt's braces were modeled as rigid restraints, 
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offset 4 in from the flanges and the flange restraint trusses were modeled as truss 

elements.  Figure 5.15 shows an isometric view of one of the undeformed models. 

The same residual stress pattern used by Kim (2010) was applied as initial 

stresses to each element of the rafter.  The column was modeled with a linear material 

model with a zero initial stress state.  The measured yield stress and tensile strength 

(Table 4.2 and Table 4.3) were incorporated into the material model used for the 

rafter. 

To initiate buckling, the first mode shape from a linear eigenvalue buckling 

analysis was imposed as an initial displaced shape (unstressed).  The primary 

deformation of the first mode shape was local web buckling (Figure 5.15).  The 

magnitude of the largest displacement was set based on initial imperfection 

measurements made of the specimens.  More information concerning this model and 

the measured initial imperfections is available in Smith et al. (2013).  After the 

application of residual stresses and the initial displacements, an equilibrium analysis 

step followed, allowing the initial residual stresses to redistribute.  Cyclic 

displacements were imposed at the location of the actuator at the top of the column 

piece.  Nonlinear static analysis was performed, including large rotations, by a 

Newton-Raphson iterative solution procedure with adaptive load stepping.  

Stabilization of the solution near bifurcation points was provided by a numerical 

damping technique within Abaqus (Simulia 2012).  Five total cases were analyzed. 
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Case A No axial load was applied and supports were spatially located to match the 

pin and roller locations of the actual test setup.  The cyclic displacements were 

imposed as in the test of Specimen CS1. 

Case B A constant axial load was applied to web nodes at the small end of the rafter 

and the north face of the column such that 41.7 kips of compression, oriented as in 

Figure 4.70, was distributed over approximately the same area as the square tube 

members used in the actual test (Figure 4.10).  The cyclic displacements were imposed 

as in the test of Specimen CS1-A. 

Case C The roller and pin support nodes were relocated to the mid-depth of the rafter 

web and panel zone, respectively.  This was because of some boundary condition 

problems observed in Cases D and E.  No axial load was imposed.  The cyclic 

displacements were imposed using only the positive cycles from Figure 4.21.  After 

each positive excursion, the specimen was pulled back to zero displacement (Figure 

5.16).  This was to prevent any buckling of the outer flange. 

Case D The roller and pin supports were located as in Case C and axial load of 35.5 

kips (19.3% of Pn) was applied as in Case B.  The same cyclic displacements were 

imposed as in Case C. 

Case E The roller and pin supports were located as in Case C, however the boundary 

conditions were swapped such that the rafter end was pinned and the column sat on a 

roller support.  This resulted in the applied actuator forces flowing through the rafter 

as an axial force which was resisted by the pin support at the end.  This caused an 

axial loading which cycled with the bending moment as would be expected in a CS 

along the inner rafter flange near the knee in an actual MB frame.  In addition, to 
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represent some constant loads from gravity, 17.8 kips (9.7% of Pn) of constant axial 

compression was applied as in Case B. 

 Figure 5.17 shows the predicted load-displacement responses compared with 

the measured load-displacement of the corresponding test specimens, CS1 and CS1-A.  

While not perfect, the agreement between the model and the test specimen responses 

is remarkably similar.  No effort was made to include all initial deformations nor the 

exact residual stress patterns in the finite element model nor to include any of the 

support slippage or other non-ideal boundary condition effects.  The underpredicted 

buckling loads were expected, based on observations by Kim (2010), suggesting the 

residual stress pattern imposed was too severe.  The most important observation is the 

general agreement in post-buckling and cyclic load reversal behavior of Case A and, 

more importantly, Case B.  The level of agreement observed suggests that the 

modeling techniques employed are adequate to extrapolate to other loading conditions 

on the same model. 

 Figure 5.18 shows the load-displacement response of Cases C, D, and E.  It is 

clear that the cyclic behavior is improved when the outer flange is not buckled.  Cases 

C, D, and E exhibited loses of 63%, 80%, and 71% of their strength at buckling by 6% 

DR. Neither Case D nor Case E have responses matching the post-buckling strength of 

Case C, however neither exhibited unacceptable cyclic behavior either.   

 Comparing Cases C and D, a significant degradation of post-buckling strength 

occurs due to the large constant axial compression, on the order of about 50% at 6% 

DR.  However, when only a portion of the axial load is constant, the loss of strength is 

on the order of 30% of Case C at 6% DR, a significant improvement.  It is worth 
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noting that common design practice for SCBF design assumes the compression brace 

carries only 30% of its buckling capacity (AISC 2010b).  Both Cases D and E retain at 

least 20% strength at even 6% DR.  However, the additional 43% in the strength of 

Case E over Case D is substantial.   

 It appears from these cases that a constant axial DCR of around 10% or less 

may not result in an unacceptably degraded cyclic behavior of an unbraced segment.  

Therefore, while it is important to limit axial demands on a segment expected to 

remain ductile during cyclic LTB, only the axial demands associated with non-cyclic 

loadings need to be limited.  Of course, the acceptable performance is also contingent 

on the prevention of buckling along the opposite flange from that which should 

buckle. 

  The buckling loads observed for Cases D and E were close, with values of 

29.0 kips and 28.4 kips, respectively.  In the model for Case E, 28.4 kips was 

delivered as axial compression through the rafter at the time of lateral buckling.  With 

the constant 17.8 kips, a total of 46.2 kips of axial compression (25.1% of Pn) was in 

the rafter at buckling for Case E, slightly higher than th3 35.5 kips of Case D.  This 

explains the slightly (2%) lower buckling load observed for Case E.  For Case E, after 

buckling, as the lateral strength of the specimen degrades, there is less axial demand 

on the rafter, explaining the marked increase in post-buckling strength over Case D.   

 An interesting observation was made concerning the axial-flexural interaction 

equations from Chapter H in AISC-360.  The interaction equation, defining when a 

combined strength limit state has been violated, for axial DCR greater than 0.2 can be 

interpreted as: 



262 

 

 8
1

9n n

P M
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   (5.17)

where P is the applied axial load, Pn is the member strength under pure axial loading, 

M is the applied bending moment, and Mn is the member strength under pure flexural 

loading.  For Case E, the value of the left-hand side of Equation 5.17 is 1.033 if M/Mn 

is assumed to be the ratio of buckling loads for Case C to Case E.  A similar equation 

is provided for axial DCR less than 0.2 and can be interpreted as: 
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2 n n
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   (5.18)

For Case D, the value of the left-hand side of Equation 5.18 is 0.996.  Though the 

Abaqus models were not thoroughly validated, comparison of the results from Cases C 

through E suggests that the Chapter H interaction equations from AISC-360 are 

applicable to the axial-flexural interaction of CAT and LTB. 

  
5.7.5 Welds 

After formation of LTB of the CS of Specimen CF2, an FLB formed adjacent 

to the end-plate.  The formation of the FLB at the large end of the CS was not unusual, 

however the cyclic deformations of this particular one damaged the connection weld 

of the flange-to-end-plate (Figure 4.39).  The weld of the flange to the end-plate was 

made with fillet welds above and below the flange.  Any segment expected to buckle 

cyclically located adjacent to an end-plate connection, even a mid-rafter connection, 

may cause the same damage if the welding detail is the same.  It is suspected that the 

flange would not have torn away from a high quality CJP weld.  Therefore, it is 
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recommended that CJP welds, denoted as Demand Critical per AISC-341, be used 

wherever a flange expected to buckle cyclically is connected to an end-plate. 

A concerning observation is that in all cases where a single-sided fillet weld 

(Figure 4.19) was used to connect the flange to the web, the flange separated from the 

web with ruptures either through the weld material or through the flange material.  In 

other cases where fillet welds were placed on both sides of the web at the location of a 

post-LTB flange buckle, this rupture was not observed.  This was true for Specimen 

CF1, with 2-sided fillet welds along the full length of the CS as well as for other 

specimens with only a short length of 2-sided fillet weld near a web or flange splice.   

The ruptures are not discernable in the load-deformation response plots.  

Though it is unclear exactly how the ruptures affected the cyclic load-displacement 

behavior, ruptures in the primary gravity load carrying system of a building are 

undesirable.  It appears that large local flange deformations at FLB forming after LTB 

cause the rupturing.  As it is not fully known in design where the FLB may form along 

the CS, it is recommended that 2-sided fillet welds be placed along the flange-to-web 

joint of any flange expected to undergo cyclic LTB. 

 
5.7.6 Effects of Discontinuities 

A surprising observation was made concerning discontinuous geometry and 

other details which should cause stress concentrations.  Special efforts were made in 

the planning of the cyclic testing to include all commonly used details in MB frame 

rafters.  Slots for roof rod bracing, pinch points, web and flange splices, changes in 

plate thickness, bolted and welded flange bracing, and even full-depth shear stiffeners 
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were included in various specimens to determine which details reduced the low-cycle 

fatigue performance of a CS.  Though not an exhaustive series of tests, with a single 

exception, no cracking was observed due to any of the potentially deleterious 

detailing.  The single exception was the inner flange splice for PF2 at the pinch point.  

Cracking initiated during testing but several additional cycles of large displacement 

demand were required, after the completion of the normal cyclic loading protocol, to 

rupture the joint.  It is worth noting that all CJP welds were inspected using an ultra-

sonic testing technique by a certified inspector and all passed the inspection process. 

 
5.7.7 Design Recommendations 

Based on the observations of the cyclic rafter testing, the following design 

recommendations are made for general metal building frame design: 

 
(1) At changes in taper, check strength limit states associated with concentrated 

loads, web local yielding, web crippling, and web sidesway buckling (AISC 

2010a) against the effective concentrated load from the flange angle as 

calculated in Section 5.5.  If required, partial or full depth web stiffeners 

should be added at the change in taper to strengthen the web to prevent local 

concentrated load effects from initiating a premature development of member 

failure modes, such as LTB. 

(2) When calculating LTB strengths, take advantage of the restraints from adjacent 

unbraced segments.  This is accomplished through numerical techniques, such 

as the finite element modeling used in this research, or use of effective length 

factors, Ky and Kz, described in the SSRC Guide (Ziemian 2010).  Substantial 
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material savings are possible for those members controlled by LTB strength. 

(3) For unbraced segments with multiple taper angles or other changes in 

geometry over their lengths, use of a numerical procedure, such as the finite 

element modeling used in this research, for calculation of the elastic critical 

buckling loads will enable a designer to use Design Guide 25 for practically all 

members in a MB moment frame.  Appendix A describes the beam-column 

elements used in this research and there are a number of texts on finite element 

procedures which present simple computer algorithms easily implemented by a 

designer with moderate computing skills.  Other simple methods are the finite 

difference method (Jimenez Lopez 1998) and the method of successive 

approximations (Stussi, 1935).  Without a method available to calculate the 

elastic critical buckling loads, no validated design equations are available in 

the literature for the LTB strengths of general tapered members. 

 
The following design recommendations are made for unbraced segments 

expected to remain ductile through several large cycles of LTB: 

 
(1) To determine the expected buckling strength of the segment for capacity 

design, inclusion of stiffening effects from adjacent segments and/or knee 

connections and expected material yield stress is necessary.  Failure to include 

these effects will likely result in a significant underestimation of segment 

strength, with a commensurate underestimation of required strengths for non-

buckling portions of the frame. 

(2) Use fillet welds on both sides of the compression flange-to-web joint along the 
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full length of the unbraced segment expected to buckle.  Use of a single-sided 

weld will likely result in separation of the flange from the web under cyclic 

loading. 

(3) Use CJP at the compression flange-to-end plate joint where the segment 

expected to buckle is adjacent to an end-plate moment connection.  This should 

prevent weld ruptures such as seen in Figure 4.39 

(4) Changes in taper, CJP flange splices, CJP web splices, changes in plate 

thickness, rod bracing holes, and full-depth web stiffeners are all acceptable 

within the segment expected to buckle.  However, CJP splice welds should be 

considered Demand Critical per AISC-341 (AISC 2010b).  Also, the segment 

should be marked with appropriate paint or signage to dissuade deleterious 

post-design member modifications, such as boring of holes or trimming of 

flanges.  Two flange braces adjacent to each segment end, up to 4 total (Figure 

5.14), should also be clearly marked to deter their removal or modification. 

(5) Use of compact flanges per AISC-360 is recommended in the segment 

expected to buckle.  Though non-compact flanges resulted in acceptable cyclic 

performance, specimens with compact flanges exhibited a more gradual post-

buckling strength degradation following LTB than those with non-compact. 

(6) Critical flange brace points should be designed with a brace strength not less 

than 10% of the flange force, at the cross-section braced, when LTB is 

expected.  This force can be calculated using rational approximations of beam 

theory, such as those used in Section 4.3.2, but should use the moment diagram 

expected to cause LTB (i.e., including material overstrength and adjacent 
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segments), not the nominal strength.  While this level of bracing demand was 

not observed in this testing, it is probably that other rafter configurations and 

loadings may require higher bracing demands than observed herein.  Critical 

flange brace points are the brace points adjacent to the segment on the 

compression flange and the next adjacent brace points on that flange, up to 4 

total per segment (Figure 5.14).  Flange braces and purlins or girts at these 

locations may be either welded or bolted to the appropriate flange. 

(7) Columns should not contain segments expected to buckle. 

(8) Segments expected to buckle should be designed such that the non-cyclic 

portion of axial compression should not exceed 10% of the nominal axial 

design strength, ϕPn for LRFD or Pn/Ω for ASD, per Design Guide 25.  It is 

assumed that seismic load combinations are the only loadings expected to 

cause buckling and, therefore, the non-cyclic portion of axial compression 

should include contribution from the factored dead load, collateral load, live 

load, snow load, vertical seismic load, and any other long-term load as defined 

in all appropriate seismic design load combinations. 

(9) Changes in compression flange width within the segment expected to buckle is 

not recommended due to lack of experimental data.  It is suspected that such a 

condition would cause severe stress concentrations leading to low-cycle fatigue 

ruptures.  It is also suspected that the strength predictions for such a member 

may be highly inaccurate due to the severe discontinuity in the stress 

distribution of the flange. 
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Table 5.1. Elastic Critical Buckling Strengths 

 Design Guide 25 Method 1 FEM γeLTB Ratio 
Spec. Cb FeLTB (ksi) γeLTB CbγeLTB γeLTB(S.S) γeLTB,(FULL) DG25/S.S. Full/S.S. 

CF1 1.050 89.1 8697 9132 9085 24910 0.995 2.742 
CF2/CF2-A 1.051 90.6 8501 8935 8917 24398 0.998 2.736 

PF1 1.169 72.3 4662 5450 5676 17263 1.041 3.041 
PF2 - - - - 2670 6450 - 2.416 

CS1/CS1-A 1.019 40.1 3264 3326 3316 8125 0.997 2.450 
CS2 1.081 26.8 1786 1931 1934 4953 1.002 2.561 
CS3 - - - - 5834 13514 - 2.316 
CS4 1.112 45.1 3687 4100 4114 10785 1.003 2.622 

      Mean 1.006 2.611 
      COV 0.018 0.088 

 

Table 5.2. Cyclic Specimen Moment Strengths 

  DG25 Method 1 DG25 Method 2 FEM S.S. FEM Full   

Spec. 
MTEST 

(kip-in) 
Mn 

(kip-in) 
DCR 

Mn 
(kip-in)

DCR 
Mn 

(kip-in)
DCR 

Mn 
(kip-in)

DCR 
DG25-2/ 
DG25-1 

Full/ 
DG25-2

CF1 5606 4742 1.182 4936 1.136 4737 1.183 5392 1.040 1.041 1.092 
CF2 5658 4309 1.313 4491 1.260 4307 1.314 4862 1.164 1.042 1.083 

CF2-A 5416 4309 1.257 4491 1.206 4307 1.257 4862 1.114 1.042 1.083 
PF1 2407 1984 1.213 2228 1.081 2003 1.202 2406 1.001 1.123 1.080 
PF2 1307 - - - - 1409 0.928 1665 0.785 - 1.182*
CS1 3755 2970 1.264 2970 1.264 2962 1.268 3912 0.960 1.000 1.317 

CS1-A 3805 2970 1.281 2970 1.281 2962 1.285 3912 0.973 1.000 1.317 
CS2 2949 1696 1.738 1696 1.738 1699 1.735 3189 0.925 1.000 1.880 
CS3 4750 - - - - 3782 1.256 4402 1.079 - 1.164*
CS4 3655 2808 1.302 3039 1.203 2810 1.301 3336 1.096 1.082 1.098 

Mean   1.319  1.271  1.311  1.039 1.041 1.157**
COV   0.133  0.158  0.126  0.077 0.042 0.084 

 * PF2 and CS3 Mn values calculated using Method 1 with FEM S.S. 
** CS2 not included in average as possible outlier and PF2 not included due to non-LTB failure mode 

 

Table 5.3. Axial Strength Calculations 

 PeCAT Py Pn PTEST PTEST/Pn 
Specimen (kips) (kips) (kips) (kips) (%) 

CF2-A 626.4 1340.064 277 28.4 10.3 
CS1-A 219 427.5656 183.9 41.7 22.7 
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Table 5.4. Required Bracing Strength Calculations 

 Based on Moments from Testing Based on Design Guide 25 Method 2 
 Mr1 Prb1 Mr2 Prb2 Mn1 Prb1 Mn2 Prb2 

Specimen (kip-in) (kips) (kip-in) (kips) (kip-in) (kips) (kip-in) (kips) 
CF1 3508 2.96 2310 2.33 3089 2.61 2034 2.05 
CF2 3541 3.00 2331 2.36 2811 2.38 1850 1.87 

CF2-A 3390 2.87 2232 2.26 2811 2.38 1850 1.87 
PF1 2407 3.35 1627 2.26 2228 3.10 1506 2.10 
PF2 952 1.04 596 0.65 807* 0.88 505* 0.55 
CS1 3755 2.69 1507 1.87 2970 2.13 1193 1.48 

CS1-A 3805 2.73 1528 1.89 2970 2.13 1193 1.48 
CS2 2949 2.04 1252 1.29 1696 1.17 720 0.74 
CS3 4750 3.46 2028 2.16 3782* 2.75 1595* 1.70 
CS4 3655 2.58 1468 1.56 3039 2.14 1220 1.30 

 * PF2 and CS3 Mn values calculated using Method 1 with FEM S.S. 

 

 

Table 5.5. Code Comparison of Bracing Strengths 

  

Ptest1 Ptest2 

Based on 
Moments from 

Testing 

Based on Design 
Guide 25 Method 2

Specimen (kips) (kips) Ptest/Prb1 Ptest/Prb2 Ptest/Prb1 Ptest/Prb2

CF1 5.15 3.86 1.74 1.66 1.98 1.88 
CF2 5.24 3.43 1.75 1.46 2.20 1.83 

CF2-A 5.44 2.75 1.90 1.22 2.29 1.47 
PF1 11.69 3.07 3.49 1.36 3.77 1.47 
PF2 2.32 1.71 2.22 2.62 2.62 3.09 
CS1 2.52 2.75 0.94 1.47 1.18 1.86 

CS1-A 3.28 2.16 1.20 1.14 1.54 1.46 
CS2 2.11 2.65 1.04 2.05 1.80 3.56 
CS3 6.43 3.30 1.86 1.53 2.34 1.94 
CS4 1.89 3.09 0.73 1.98 0.88 2.38 

Mean   1.49 1.68 1.87 2.16 
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(a) Method 1 

 

 

(b) Method 2 

Figure 5.1. Design Guide 25 Methods for LTB Strength Calculation 
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Figure 5.2. Stresses for Determination of Cb 

 
 
 
 

 
 

Figure 5.3. Constraints for Bracing of Outer Flange Only (Section along Rafter) 
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Figure 5.4. Moment Diagram for Elastic Critical Buckling Strength 

Determination 

 
 
 
 

 

Figure 5.5. Flange Bracing for Constrained-Axis Torsional Buckling 

 

M = 1 

M = 1 

Moment Diagram 

Flange Brace Point 

Outer Flange 

Inner Flange P 
P 

Lb 



273 

 

 

Figure 5.6. Section Variables for CAT Buckling (Kim 2010) 

 
 
 

 

Figure 5.7. Locations for Brace Force Determination 
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Figure 5.8. Effective Concentrated Load at Pinch Point (PF2) 

 

 

Figure 5.9. Web Local Yielding at Pinch Point (PF2) 
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Figure 5.10. Bolted End-Plate Elevation View (CF1) 

 
 

 
 

Figure 5.11. SCBF Brace Simulation (Tremblay 2002) 
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Figure 5.12. FLB along CS (Plan View) 

 
 
 
 

 
 

Figure 5.13. Effects of Flange Compactness 
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Figure 5.14. Critical Brace Locations around CS 

 
 

 
Figure 5.15. Finite Element Model for Axial Case Studies (Isometric View) 

 

 
Figure 5.16. Cyclic Loading Protocol for Cases C, D, and E 
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(a) Case A vs. CS1 

 

 

(b) Case B vs. CS1-A 

Figure 5.17. Correlation of Specimen CS1 and CS1-A Cyclic Responses 
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Figure 5.18. Axial Model Response of Cases C, D, and E 
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6 FUNDAMENTAL PERIOD PARAMETRIC STUDIES 

 
6.1 Statement of Problem  

Almost every metal building designer uses the Equivalent Lateral Force (ELF) 

Procedure as detailed by ASCE-7 for seismic design of MB frames.  This procedure 

involves the definition of a Design Base Shear, V.  It is calculated as: 

 
sV C W  (6.1)

where Cs is the seismic response coefficient determined by dividing Sa from Figure 1.4 

by the response modification coefficient, R, and W is the effective seismic weight.  

The use of the design response spectrum for Sa requires the fundamental period of 

vibration, T, to be known.  It is clearly seen that poor estimates of T can result in either 

conservative or unconservative errors in the calculation of V.  It is important to ensure 

adequate design base shear for life-safety, but too unconservative of an estimate may 

result in an uneconomical frame design.  The metal building industry works on tight 

margins and even small sources of unconservatism can be very impactful to costs.  

Therefore, it is of interest to have accurate estimates of T. 

 In the design process it is difficult to determine loadings which depend on the 

behavior of an as-designed frame, a priori.  Because the fundamental period of an MB 

frame is dependant on both the mass, including the self-weight of the frame, and the 

stiffness of the frame, it is not possible to know what the period will be before the 

frame is designed.  Therefore, equations that approximate T, which do not depend on 

the as-designed frame behavior are necessary, at least for the initial design steps.  

These approximate equations must be functions of variables which are known or can 
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be closely estimated prior to design. 

 Approximate equations for T are given in ASCE-7 for various structure types.  

The equation given for steel moment frames is: 

 0.80.028a nT h  (6.2)

where Ta is the approximate period and hn is the mean roof height, measured in feet, 

for metal building frames.  This equation was developed by Goel and Chopra (1997).  

The equation was based on 53 samples of actual building periods measured during 

several large seismic events, such as the 1989 Loma Prieta and 1994 Northridge 

earthquakes.  The buildings used in the sample were all multi-story steel moment 

frame buildings, varying in height from 41.3 to 843.2 ft. and in number of stories from 

3 to 60 with mean values of 247.6 ft and 19.7 stories, respectively.  A best-fit equation 

for the fundamental periods based on building height was found.   

Equation (6.2) is in fact one standard deviation below the best-fit equation, in 

logspace, to provide a low-estimate for the building period.  A low-estimate should 

provide a conservative design base shear in the ELF procedure.  The factor, herein 

called Cu, relates the low estimate to the mean by: 

 
GC a uT T C  (6.3)

where TGC is the best-fit approximate period equation found by Goel and Chopra 

corresponding to the low period estimate, Ta, for steel moment frame buildings.  Goel 

and Chopra calculated Cu for their equation to be 1.6.  A similar factor is found in 

ASCE-7, but is based on design ground motion parameters rather than statistical 

derivations.  The Cu factor in ASCE-7 is used to set an upper limit of CuTa for the 

period used to determine V.  Its values range from 1.4 to 1.7. 



282 

 

 It is easily recognized that the sample of buildings used for the fit of Equation 

(6.3) and the corresponding Cu factor included buildings very different than low-rise 

MB moment frames.  This raises questions concerning the applicability of the current 

Ta equation in ASCE-7 to MB frames.  While that equation may work well for taller 

structures, Kwon and Kim (2010) have found that the uncertainty of these period 

estimates is large for low-rise structures.  Also, many metal building designers have 

turned to an updated period calculation scheme where the ASCE-7 equation is used 

only on the first design pass.  Afterward, a rationally calculated period is used, which 

is almost always longer than even the upper limit of CuTa.  It appears that the current 

approximate period equations may result in significant conservatism in the 

determination of V.   

 Because of the large uncertainty for low-rise buildings and the potentially large 

conservatism associated with the upper limit for the period in ASCE-7, new 

approximate period equations are needed for MB frames.  A large statistical study was 

performed to generate new equations for use in design.   

 This study also offered an opportunity to investigate the effects of different 

stiffness models for panel zones and beam shear deformations on the fundamental 

period and lateral frame stiffness.  There does not seem to be clear guidance for metal 

building designers in the literature on the inclusion of these flexibilities in analysis 

models.  It is desirable to provide clarity.  This chapter will describe the period study 

in terms of the statistical sample, frame analysis procedure, equation formulation, and 

design recommendations. 
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6.2 Frame Design Statistical Sample 

For the period equation study, a sample of 192 MB frame designs was 

generated.  Each frame was proportioned to satisfy a set of realistic design 

requirements.  Several parameters were varied to densely and broadly represent the 

possible design space.  The relevant parameters fell into the following categories: 

 Geometric dimensions and layout 

 Snow, wind, and seismic loads 

 External cladding construction and seismic drift limits 

All frames were designed using MBS design software (MBS, inc. 2012) by 

engineers at Metal Building Software, Inc.  A flexible roof diaphragm assumption is 

common for MB frame designs, meaning that each frame in the building is assumed to 

be independent from others (Bajwa et al. 2010) and thus may have different 

fundamental periods.  The frames were assumed to be the central frame at the interior 

of a 100 ft long metal building, composed of 5 frames spaced at 25 ft on-center 

(Figure 6.1).  The frames had a 25 ft tributary loading width for load calculations.   

The buildings were designed according to ASCE 7-05 and AISC 360-05.  

Superimposed roof dead loads were set to 8 psf for all frames.  All frames were 

designed for a Seismic Design Category (SDC) C, an importance factor, I, of unity, 

and with seismic performance factors, R = 3, Cd = 3, and Ω = 3.  For base shear 

determination, the period was calculated using Equation (6.2).  This was deemed 

acceptable since the sample space would include both high and low levels of seismic 

base shear. 
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Rigid frame members were designed as built-up, three-plate, tapered-web I-

sections with a nominal yield stress, Fy, of 55 ksi.  Interior columns were all round 

HSS members with Fy of 42 ksi.   

The standard boundary conditions assumed for design were pinned column 

bases and pin-ended interior column tops.  Column bases were fixed for rotation to the 

foundation and the tops of interior columns were rigidly connected to the frame when 

necessary to satisfy design criteria.  Rafters were connected to exterior columns with 

vertical end-plate connections with horizontal web stiffeners at the tops of the columns 

beneath the panel zone webs (Figure 2.24).  Panel zones stiffness at the knee joints 

was modeled by the design program extending the rafter and column to their 

centroidal intersection, herein called the Centroid Method [Figure 6.2(b)].   

Columns and rafters were braced against lateral translations on their outer 

flanges by girts and purlins respectively, except for columns in frames with concrete 

walls.  Columns were designed as unbraced for frames which supported concrete 

walls.  The inner flanges were braced by angle flange braces located at purlins or girts 

where needed for frame strength (Figure 2.25).  Roof purlins were spaced at 5 ft on-

center for all buildings.  Both rafter flanges at the top of interior columns were braced 

by appropriate discrete braces.   

The varying geometric parameters included frame type, lowest eave height 

(Heave), building width (L), roof shape, roof pitch (x:12),and number of interior 

columns (Figure 6.3 and Figure 6.4).  These geometric parameters were varied as 

follows: 
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 Frame Type:  Clear Span (portal frame) or Modular (with interior columns) 

 Clear Span Heave: 15 ft, 30 ft, 45 ft, or 60 ft 

 Clear Span L: 40 ft, 100 ft, and 160 ft 

 Modular Heave: 15 ft, 30 ft, and 45 ft 

 Modular L and # Interior Columns: 80 ft w/ 1 column, 120 ft w/ 1 column 240 

ft w/ 5 columns, or 300 ft w/ 4 columns 

 Roof Shape: Symmetrically Gabled or Monoslope 

 Roof Pitch: 0.5:12, 1:12, or 4:12 

 
Design load were varied as follow: 

 Roof Snow Load: 0 psf or 42 psf 

 Basic Wind Speed: 85 mph or 120 mph 

 Seismic Level: Low (SDS=0.17, SD1=0.07) or High (SDS=1, SD1=0.6) 

 
Buildings were either designed with metal panel or concrete sidewalls.  Metal 

panel sidewalls were assumed a self weight of 3 psf and supported by girts attached 

along the height of the exterior rigid frame columns (Figure 6.4).  The concrete 

sidewalls had a self weight of 75 psf and were supported at the ground and at the 

frame panel zones by a spandrel beam (Figure 6.3) with hinge (pin) connections.  

Also, because metal panels can safely undergo large seismic deformations, no seismic 

drift limits were imposed for those frames.  However, frames supporting concrete 

walls were limited to 2% story drift at the Design Basis Earthquake (DBE) level, per 

ASCE-7. 
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To populate the sample space, parameter values were distributed over the 

designs.  Half of the 192 buildings were clear span and other half were modular.  Half 

of each clear span and modular frames were designed with concrete sidewalls and half 

with metal sidewalls, creating four groups of 48 buildings each.  Within those groups 

of 48 buildings, every combination of building width and lowest eave height was 

represented four times.  Approximately 80% of the buildings were randomly assigned 

a roof slope of 0.5:12, while the remaining buildings were randomly and 

approximately evenly split between 1:12 and 4:12.  Half of each clear span and 

modular frames were randomly made monoslope while the other half were 

symmetrically gabled.   

There were eight possible combinations of snow, wind, and seismic load 

parameters.  The combination of zero snow load, 85 mph wind, and low seismic was 

not included, since there are no locations in the U.S. with all environmental loads that 

low, leaving seven possibilities.  Each building was randomly assigned loads such that 

each combination had approximately equal representation throughout the sample 

space.  The parameters for each sample are reported in Appendix C. 

 
6.3 Modeling, Analysis, and Period Determination 

After the designs were completed, analysis models were formulated to 

accurately represent the mass and stiffness of the frames using MATLAB (Mathworks 

2012).  Model formulation followed the base procedures detailed for planar frame 

modeling described in Appendix A.  Per ASCE-7, 20% of the snow load was included 
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in the formulation of the lumped mass matrix for roof nodes and 8 psf was used for 

roof dead load instead of 5 psf.   

Each frame was analyzed to determine the tangent stiffness matrix, accounting 

for geometric nonlinearity, under the gravity loads (D+0.2S) associated with 

calculation of the effective weight, W, per ASCE-7.  After the initial elastic stiffness, 

ke, and mass, m, matrices were formulated and the appropriate boundary conditions 

were imposed, the vertical components of mass were applied to the structure under the 

acceleration of 1g as nodal point loads to represent the gravity loads.  The “two cycles 

iterative method” (Chen and Lui 1991) was employed such that the initial elastic 

stiffness, ke, was used to find the internal element forces due to gravity loads 

(Equation 6.4).  In the initial load step, the destabilizing effect of the wall weight was 

included by the addition of geometric stiffness terms to the horizontal degrees-of-

freedom at the rafter end nodes.  The internal forces from the initial analysis were used 

to formulate the global geometric stiffness matrix, kg, which was added to the initial 

elastic stiffness to yield the approximate tangent stiffness matrix, k, under gravity 

loads.  Iteration was not used to bring the structure back into equilibrium as the 

internal distribution of gravity load effects was not expected to significantly deviate 

from the linear solution.  This method is thought to be applicable to most practical 

metal building frames (Kaehler et al. 2011). 

Equation (1.2) was solved using k and m to determine the natural periods of 

vibration, their associated mode shapes, and modal mass participation factors for each 

frame design.  With reference to Equation (1.4), the mass vibrating in mode n can be 

calculated as: 
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  * T
n n nM    m  (6.4)

The mass participation factor for mode n can be is found by: 

 *
n

n
TOT

M
M

m
  (6.5)

where mTOT is the total horizontal mass of the system. 

In addition to the rigorous solution for the frame periods, two approximate 

methods were investigated for calculation of the fundamental period.  Both 

approximate methods were applications of Rayleigh’s Method (Chopra 2007).  To 

provide an approximate fundamental mode shape, half-unit horizontal loads were 

applied in the same direction at the end-plate nodes (Figure 6.5).  The displacements 

of the structure were calculated using the same tangent stiffness, k, used for the 

eigenvalue analysis.  A period Tr1, was calculated using these displacements as a trial 

mode shape, 1r  , according to: 
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Equation (6.6) includes kinetic energy (numerator) terms and potential energy 

(denominator) terms associated with all applicable nodal degrees of freedom.  Because 

a designer may not find Equation (6.6) amenable to routine design use, a second 

estimate of the period, Tr2, was found as: 

  
2

g
2πr

lat

W
T

k
  (6.7)

where W/g was the seismic effective mass, and klat was the inverse of the mean 

horizontal end-plate nodal displacement, δ, due to the half-unit loads (Figure 6.5).  klat 
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may be thought of as the frame lateral stiffness.  Equation (6.7) lacks kinetic energy 

associated with mass moving vertically. 

 In addition to the finite element model using the Proposed Model (Chapter 2) 

for panel zones [Figure 6.2(a)], two other panel zone models were considered to assess 

their effect on the fundamental period and lateral stiffness.  The first alternative model 

is called the Centroidal Extension Model and results from extending the top column 

element and rafter end element along their centroidal axes to their intersection [Figure 

6.2(b)].  The elements for the extension are prismatic with the same section properties 

as the top of the column and rafter end.  This is a common panel zone model used by 

MB frame designers to approximate panel zone flexibility.   

 The second model, called the Rigid Model [Figure 6.2(c)] involves simply 

using a rigid connection between the top column and rafter end nodes, effectively 

ignoring all panel zone flexibility.  The Rigid Model is also a common panel zone 

model for MB frame design, though much less common than the Centroidal Extension 

Model.   

 The tangent stiffness of the frame was revised for these panel zone models and 

an eigenvalue analysis performed to determine the fundamental periods associated 

with each.  This process was also repeated using beam-column elements formulated 

without flexibilities due to shear deformations for all three panel zone models. 

For each frame the following data was extracted: 

 The actual fundamental period, T with and without shear deformations in the 

beam-column elements 
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 nM  for the fundamental mode 

 Seismic effective weight, W 

 Frame lateral stiffness klat 

 Rayleigh period estimate Tr1 

 Rayleigh period estimate Tr2 

 Fundamental period for Centroidal Extension Model of panel zone with and 

without shear deformations 

 Fundamental period for Rigid Model of panel zone with and without shear 

deformations 

Appendix C reports these quantities as extracted.   

  
6.4 Data Interpretation and Empirical Period Equation Formulation 

6.4.1 Pre-design Approximate Period Equations 

In order to provide estimates of the fundamental period which may be 

calculated prior to frame design, the frame variables which are known a priori were 

identified.  These consisted of the mean roof height, H, the seismic effective weight, 

W, the width of the frame, and the maximum aspect ratio, α, of all frame bays (Figure 

6.6). The aspect ratio is calculated as: 

  max /i iL H   (6.8)

where Li is the width of bay, i, and Hi is the mean roof height within that bay. 

These variables were the only ones considered as independent variables in 

approximate period equations as they are readily available to the designer before an 

initial frame design is conducted.  Only W will be affected by the design and because 
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the frame self-weight is only a portion of the total W, a reasonable initial estimate 

should be sufficient for initial period determination.  The values of these variables for 

each frame are tabulated in Appendix C. 

With the variables identified, empirical period equations could be formulated.  

However, it was deemed unreasonable to give each frame equal statistical weight.  A 

designer at an MBMA member company provided weighting values for each frame 

based on detailed company production data in the past.  Each frame was assessed as to 

its likelihood of being constructed relative to all others and quantitatively assigned a 

percentage.  Weights are listed for each frame in Appendix C. 

A basic equation format of  

 32 4

1
cc c

mT c H W   (6.9)

was fit to the data using weighted least-squares regression, to find the values ci using 

MATLAB.  The fit was poor and alternatives were sought.   

Upon looking at the resulting data from the frame analyses, it was noted that 

many frames with α greater than 3, i.e., longer span frames, had relatively low mass 

participation in the first mode, sometimes less than 40%.  Figure 6.7 shows the 

variation of first mode mass participation factor over the range of α.  It was decided 

that fitting the period data separately on each side of aspect ratio of 3 may give better 

results. 

Using a weighted least-squares regression on the sample subsets individually, 

the following equations to approximate the fundamental period and corresponding 

coefficients of determination, R2, were found: 
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where W is in kips, H is in inches, and R2 was calculated as: 
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and wi is the likelihood weighting factor for the frame i having a modeled period Ti. 

Though the fitted equations have low R2 values, they are about the best 

statistical fits that could be obtained using the basic equation format (Equation 6.9).  

To assess their usefulness, they are compared with the existing Ta equations for steel 

moment frames from ASCE-7.  Because the ASCE-7 Ta equations are supposed to 

provide a low estimate of the period, a correction factor is needed to convert Ta to an 

estimate of the expected period.  The ASCE-7 approximation of the expected 

fundamental period, TGC, was calculated using Equations (6.2) and (6.3).  When the 

TGC values were used in Equations (6.11) through (6.14) in place of Tm, an R2 value of 

-2.43 resulted.  The negative R2 value indicates that the TGC values fit the modeled 

period values with less accuracy than the weighted mean of the measured periods.  In 

other words, it indicates a very poor fit. 

Figure 6.8 shows a plot of Tm and TGC versus the actual period, T.  It can be 
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seen from the plot and the R2 values for each that Tm provides a better estimate of the 

fundamental period of metal building frames. 

Too high of an estimate of T can unconservatively reduce the base shear 

calculated for use with the ELF procedure.  Therefore, any new approximate period 

equations for metal building frames need to provide a low estimate, especially given a 

large variance.  The methods of Goel and Chopra (1997) were followed to provide 

both low and high estimates of the period.  First, the natural log of Equation (6.10) 

was used, along with the natural log of T in Equation (6.12) to get another value of 

SSE.  Then, the standard error of the estimate was calculated as: 

  
 e

i
i

n SSE
s

n d w


 
 (6.15)

where n is the number of samples and d is the number of statistical degrees-of-

freedom constrained by the regression.  This standard error was used to calculate an 

appropriate Cu value to find low and high period estimates by the following equation: 

  exp 2u eC s  (6.16)

Values of 1.48 and 1.59 were found for α ≤ 3 and α > 3, respectively.  For 

simplicity a Cu value of 1.6 was selected for the entire Equation (6.10).  This is the 

same value found by Goel and Chopra for their sample, suggesting a similar variance 

and goodness-of-fit for the new equations to those which exist in ASCE-7.  This led to 

the following low estimate equation: 
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and high estimate equation: 
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The conversion from a low estimate to high is given as: 

 1.6H u L LT C T T   (6.19)

Because of the large scatter of data, it is useful to extract the data points with 

the most statistical weighting.  Enough data points were isolated to represent 90% 

accumulated likelihood.  The selected sample periods are plotted against the actual 

fundamental period in Figure 6.9.  In addition, lines A and B are shown to demonstrate 

the adequacy of TL and TH.  Line A has a slope of the square root of Cu to show how 

TL provides a good low estimate of T.  Line A represents the location of the 1:1 line on 

the approximate versus measured period plot if all the values were divided by the 

square root of Cu.  Points plotted below line A have TL estimates lower than the 

measured period.  Line B has a slope of the reciprocal of the square root of Cu to show 

that TH provides a good high estimate of T.  Points plotted above line B have TH 

estimates higher than the measured period.  It can be seen that the proposed period 

equations bound the actual period reasonably well.  The TGC values are also plotted 

showing that Equation (6.3) does in fact predict an exceptionally low period estimate 

for these MB frames. 

 
6.4.2 Analytical Period Estimates 

Once a trial frame design has been analyzed, a designer may wish to use a 

more accurate estimate (e.g., Tr1 or Tr2) of the fundamental period.  The ratios T/Tr1 
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and T/Tr2 are plotted against the maximum aspect ratio, α, in Figure 6.10.  It can be 

seen that the simpler Tr2 lacks the accuracy of the more complex Tr1 as α increases.  

The reason for the discrepancy involves the displacements of the rafters.  When α is 

large, as in longer span frames, the rafter undergoes relatively large vertical 

translations compared with the horizontal under frame sidesway.  These vertical 

translations contribute substantially to the total kinetic energy during vibration.  The 

form of Equation (6.7) for Tr2 assumes that all the kinetic energy is from W moving 

along the same trajectory as the horizontal loads which were used to calculate klat.  

This underestimates the ratio of kinetic energy to potential (elastic strain) energy, thus 

under-predicting the fundamental period.  Equation (6.6) for Tr1 does not have this 

deficiency.  However, although Equation (6.6) is simple, Tr1 is much more complex to 

calculate than Tr2 in routine design.  To mitigate this, a least squares fit was performed 

for following equation: 

 2.5

2

1
425r

T

T


   (6.20)

This equation has a R2 value of 0.887.  It is plotted against α in Figure 6.10.  It is seen 

that the corrected equation does a good job at predicting the fundamental period and 

the more complex Tr1 is not needed.  An accurate estimate of the fundamental period 

of the frame can be calculated as: 
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6.4.3 Panel Zone Model and Shear Deformation Effects on Period 

To investigate the effects of shear deformation inclusion in the beam-column 

formulation and the three panel zone flexibility models, six sets of period data were 

generated: 

 Case A: Proposed Model for panel zone with shear deformations included 

 Case B: Proposed Model for panel zone without shear deformations included 

 Case C: Rigid Model for panel zone with shear deformations included 

 Case D: Rigid Model for panel zone without shear deformations included 

 Case E: Centroidal Extension Model for panel zone with shear deformations 

included 

 Case F: Centroidal Extension Model for panel zone without shear deformations 

included 

Fundamental periods resulting from each case were compared with those of the first 

case above, considered exact, by ratios of the approximation to the exact.  The 

resulting ratios were fit to a large number of probability distribution functions using 

EasyFitXL (Mathwave 2012) to find the distribution best describing the sample. 

Considering all panel zone configurations, there were 3×192 pairs of identical 

models only differing in whether the beam-column elements included shear 

deformations or not.  A ratio of the fundamental periods from the eigenvalue solutions 

for shear excluded to shear included resulted in a set of data which had the following 

sample statistics: 
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 Mean: 0.9886 

 Standard Deviation: 0.00585 

 Maximum: 0.9968 

 Minimum: 0.9615 

Assuming the sample of buildings was well representative of real-world 

frames, these 576 samples were fit to a Kumaraswamy distribution (Kumaraswamy 

1980) with shape factors α of 222.87 and β of 6.6252.  Even considering the mean 

minus two standard deviations, representing a period value less than 96% of frames, 

reduces the fundamental period by less than 2.5%.  This implies that the lateral 

stiffness is only overestimated by the exclusion of shear deformations by 

approximately 4.8% at worst (klat ∝ 1/T2). 

 A set of 192 similar ratios of the fundamental period of models with the Rigid 

Model panel zone to those of models with the Proposed Method panel zone were 

calculated.  The sample statistics were as follow: 

 Mean: 0.9653 

 Standard Deviation: 0.01697 

 Maximum: 0.9993 

 Minimum: 0.9281 

These 192 samples were fit to a Dagum distribution (Dagum 1975) with shape factors 

p of 2.0435 and a of 82.532 and scale factor b of 0.95337.  The mean minus one 

standard deviation is a period value less than about 85% of frames and results in a 
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period reduction of about 5.2% and an overestimation of lateral stiffness by about 

11%. 

 Finally, 192 ratios were calculated to compare the Centroidal Extension Model 

for panel zones to the Proposed Model for panel zones.  The sample statistics were as 

follows: 

 Mean: 0.9984 

 Standard Deviation: 0.06166 

 Maximum: 1.3769 

 Minimum: 0.8948 

A Cauchy distribution was fit with location factor of 0.99207 and scale factor of 

0.02039.  The mean minus one standard deviation corresponds to a value less than 

88.8% of frames while the mean plus one standard deviation corresponds to a value 

greater than 90.7% of frames.  The range between minus and plus one standard 

deviation represents 79.5% of the sample.  So approximately 80% of the frames using 

this panel zone model have fundamental periods estimated between 93.7% and 

106.0% of the actual period.  These correspond to lateral stiffnesses of 89.0% to 

114.0% of the actual lateral stiffness.  Appendix C reports the values used to fit the 

distributions.   

 Design implications of the parametric study presented above are summarized 

in the next section. 

 
6.5 Implications and Design Recommendations 

It has been shown that the approximate period equations in ASCE-7 are quite 
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inaccurate for metal building moment frames.  It was found that the aspect ratio, α, is a 

significant factor in the vibration characteristics of a metal building moment frame.  

Frames with large aspect ratios (α ≥ 3) have a tendency to have multiple modes of 

vibration in which large amounts of mass participate.  Because local internal load 

effects, such as moment and shear, tend to require more modes for accuracy than 

global response quantities such as base shear (base shear and mass participation are 

equivalent), this may indicate that the ELF procedure is not applicable to a large 

number of MB frames, especially ones with large α.  In addition, the need for the 

Rayleigh period estimate to have a correction for the lack of vertical kinetic energy 

(Equation 6.21) suggests that equivalent vertical seismic forces may need to be 

distributed along the rafter for some MB frames as part of the ELF to accurately 

approximate the deformations due to the fundamental mode. 

The use of modal response spectrum analysis is not recommended because of 

the loss of response quantity sign from modal combination rules (Chapter 1).  LTB 

flexural strengths of members would be significantly underestimated as the moment 

gradient information (Cb) was corrupted due to the loss of sign.  Even LTB capacities 

calculated through numerical procedures would suffer the same effects.  New 

equivalent seismic force procedures are needed but must come from future research. 

Because of the apparent effects from the aspect ratio, two new approximate 

period equations (Equation 6.10) were fit to the sample data.  The equations fit the 

actual periods better than those found by Goel and Chopra for taller multi-story 

structures.  Low and high estimate equations were also formulated which provide 

sufficiently low and high approximations of the period.  A multiplier, Cu, of 1.6 was 
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calculated and presented for transforming a low period estimate equation to a high.  

The low estimate (Equation 6.17) is recommended for use in designs to approximate 

the fundamental period of a building prior to having a trial frame design.   
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After initial design geometry is available, it is recommended to calculate more 

accurate analytical period estimates using Equation (6.21).   
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Because the statistically correct value for Cu is the same for this study as that of the 

existing Ta equations in ASCE-7, the upper limit of CuTa, using Cu from that document 

and Equation (6.17) for Ta is recommended to provide a conservative lower-bound 

limit for design base shear.  Equation (6.21), without an upper limit, is recommended 

for use with seismic drift calculations, which is the same practice as in ASCE-7. 

It seems clear from the study that inclusion of shear deformations in beam-

column elements for analysis of most metal building frames is not necessary and a 

structural model may be formulated without those deformations and still be quite 

accurate.  However, the panel zone model choice can make a significant difference to 

period and lateral stiffness calculations.  It is not likely that the Proposed Model for 

panel zone stiffness (Chapter 3) will be adopted by design engineers until approximate 

equations for the spring stiffness, krot, are available.  Therefore, designers are likely to 

continue to use the Rigid Model and Centroidal Extension Model in their structural 

analysis. 
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It is recommended that if the Rigid Model is chosen, no changes are needed for 

the analytical period estimates for use of refining base shear.  However, for 

determination of lateral frame drifts, a factor of 1.1 should be multiplied by the 

analysis drift results due to the overestimation of the lateral stiffness.  If the Centroidal 

Extension Model is chosen, it may be prudent to decrease analytical values of T by a 

factor of 1.05, however because of the upper limit of CuTa set by ASCE-7, this is 

unnecessary for design base shear determination.  For determination of frame drifts, 

multiplying analysis drift results by a factor of 1.15 will provide a conservative 

correction for most frame designs when the Centroidal Extension Model is used.   

The effect of panel zone model choice on member internal force distribution 

and rafter vertical displacement was not studied.  However, it is likely that similar 

multipliers for each panel zone model should be used for correction of vertical 

displacements, at least for clear span frames, and that member internal forces are not 

significantly distorted on average by the panel zone model choice.  Therefore, either 

model is likely acceptable for design when adjusted as recommended. 
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Figure 6.1. Sample Building Layout 

 

   

(a) Proposed (b) Centroidal Extension (c) Rigid 

Figure 6.2. Panel Zone Models 
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Figure 6.3. Typical Monoslope Modular Frame with Concrete Walls 
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Figure 6.4. Typical Gabled Clear Span Frame with Metal Panel Walls 

 
 

 
 

Figure 6.5. Loading for Determining klat 
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Figure 6.6. Aspect Ratio Parameters 
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Figure 6.7. First Mode Mass Participation 
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Figure 6.8. Empirical Period Equation Accuracy 
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Figure 6.9. High and Low Period Estimates 
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Figure 6.10. Refined Period Estimates 
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7 SEISMIC BEHAVIOR OF SINGLE-STORY FRAMES WITH 

MEZZANINES 

7.1 Statement of Problem 

A common feature of metal buildings is a mezzanine level.  A mezzanine is a 

level between two floors but not a floor itself.  In other terms, a mezzanine in a metal 

building is a floor level which covers only a portion of the plan area of the building.  A 

mezzanine may be connected to the building moment frames in a number of 

configurations (Figure 7.1).  It may be connected to one or both exterior columns or 

neither, being attached to interior columns instead or a combination of those.  In any 

event, a mezzanine serves as source of mass during an earthquake and it is necessary 

for a designer to understand how to treat it.  

It is common for mezzanines to be attached to the primary MB framing 

members through a simple connection, such as a single plate connection (AISC 2011).  

This type of connection may be considered to provide a bending moment release 

between the mezzanine and the primary framing members.  In addition, the beams and 

columns supporting the mezzanine floor are typically interconnected with similar 

simple connections, resulting in a structural frame with practically no lateral stiffness.  

The MB moment frame provides lateral support to the mezzanine and the mezzanine 

frame contributes nothing to the lateral stiffness of the MB frame. 

The IBC-2006 gives non-structural limitations on how large a mezzanine may 

be based on percentages of plan area.  But, there is no structural definition of a 

mezzanine in the literature.   A MB designer often needs to distinguish between a 

single-story frame with a mezzanine attachment and a two-story frame for structural 
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design purposes.  The categorization of the MB frame has implications on the seismic 

design requirements in ASCE-7. 

A MB frame designed in a high seismic region (SDC D and up) can be 

designed as a steel OMF if it meets certain height and weight limitations (Chapter 1) 

and if it can be considered a single-story frame.  Otherwise the MB frame can be 

designed as an IMF or SMF, but it becomes quite expensive for a metal building 

manufacturer to produce a frame which satisfies the additional seismic detailing 

criteria.  This extra cost seems quite arbitrary when it is required based on a subjective 

interpretation of which frames are single-story with mezzanines and which are multi-

story frames. 

It has been suggested that a structural definition of a mezzanine might rely on a 

percentage of the total building mass which is at the mezzanine rather than a plan area 

ratio (Bachman et al. 2008).  This seems like a reasonable idea since the vertical mass 

distribution is highly influential on the seismic response of a frame.  However, no 

further guidance is available on what mass percentage is appropriate to separate 

single-story frames with mezzanines and multi-story frames. 

Another question arises when dealing with mezzanines concerning the vertical 

distribution of equivalent seismic forces when using the Equivalent Lateral Force 

(ELF) Procedure detailed in ASCE-7.  The vertical force distribution equations of 

ASCE-7 are based on an assumed first mode shape which was calibrated to multi-story 

buildings (BSSC 2009), typically with many stories, and not for local point loads 

within a frame, such as those from a mezzanine attached to a single column of a 

moment frame.  Therefore, the vertical force distribution equations of ASCE-7 may 
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not be applicable to certain types of MB frames with mezzanines.   

In addition to the ASCE-7 vertical force distribution, herein called the ASCE 

Method, some metal building designers use what will be called the Weight Method.  

This method, to be described later, is also of questionable applicability for use with 

ELF.  There is a need to understand how to apply the ELF to these types of frames, 

especially if new SFRS are to be developed which allow mezzanine attachments. 

Based on the need for a structural definition of a mezzanine and applicable 

mezzanine loading criteria for ELF, a parametric study was performed together with 

the associated analytical derivations.  This Chapter will describe the basic structural 

model used for this study, the theoretical background, the study procedure, results, and 

design recommendations. 

 
7.2 Idealized Structural Model 

In order to perform a parametric study applicable to a broad range of MB 

frames, an idealized structural model was needed, both for ease of parameter 

definition and to reduce computational effort allowing many combinations of 

parameters to be studied.  The frame configuration considered was a clear span MB 

frame with a mezzanine attached to the right column between the ground and the knee 

[Figure 7.1(b)].  This frame will be considered to be a two degree-of-freedom (2-DOF) 

structural system with a lumped mass, m1, at the mezzanine and a lumped mass, m2, at 

the roof [Figure 7.2(a)].  The roof mass is located at a height, h2, and the mezzanine 

mass at a height, h1.  This suggests that the frame would be an SDOF in the absence of 

the mezzanine, which has been shown to be perhaps a poor assumption in Chapter 7.  
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However, this model should be sufficient to provide valuable insight into the dynamic 

responses of a frame with a mezzanine. 

Defining the horizontal displacements of the mezzanine mass and roof mass as 

u1 and u2, respectively, the direct stiffness approach (McGuire et al. 2000) can be used 

to treat the frame system as an idealized spring-mass model in Figure 7.2(b).  Further 

use of this approach easily yields the 2-DOF stiffness matrix, k, for this model. 

 
1 2 2

2 2 3

k k k

k k k

  
    

k  (7.1)

However, the spring stiffness values, k1, k2, and k3 are difficult to determine.  But, a 

designer is likely to have easy access to the total frame stiffness (as without a 

mezzanine) through software packages.  Therefore, it may be more practical to define 

kf as the stiffness of the overall frame.  In terms of the spring model stiffness values, 

this is: 

 1 2
3

1 2
f

k k
k k

k k
 


 (7.2)

If kf is not readily available from software, it may be calculated easily as the inverse of 

the roof displacement caused by the static application of a unit of horizontal force 

applied at the roof.  Similarly, the local stiffness of the column with the mezzanine 

attachment [member A-C in Figure 7.2(a)] can be found by restraining the roof 

(location C) and applying a unit horizontal force at the mezzanine level (location B).  

The inverse of the displacement which results is km.   

 One last variable is needed to make the stiffness matrix formulation more 

practical.  Referencing Figure 7.3(a), the proportion of the unit force applied at the 
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mezzanine which is resisted by the restraint at the roof is termed γ.  This γ factor is 

related to how much of a force applied at the mezzanine of the unrestrained frame is 

shed to the overall frame instead of transferring directly to the ground support beneath 

the mezzanine.  This results in the following definitions: 

  1 1 mk k   (7.3)

 
2 mk k  (7.4)

With the new variables and some algebra, the stiffness matrix can be rewritten as: 
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k  (7.5)

 It will be of interest to be able to get an idea of the internal force distribution in 

the real frame using the idealized spring-mass model.  Referencing Figure 7.3 and 

assuming a symmetric frame without regard to the mezzanine, a force applied at the 

roof level is assumed to be equally resisted by equal reactions at each column base.  A 

force applied at the mezzanine, F1, is partially shed up to the roof and down to the 

base.  The method of superposition can be used to solve for the reactions due to a 

mezzanine force.  Figure 7.3(a) shows an artificial restraint at the roof level, so a 

mezzanine load F1 is partially resisted by a reaction at the base of the right column and 

partially by a reaction at the artificial restraint.  In Figure 7.3(b) this artificial restraint 

is removed and the reaction force is negatively applied to the roof and resisted equally 

by each column base.  The summation of the reactions from applied F1 and F2 is as 

follows: 

 1 2

2L

F F
R

 
  (7.6)
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  (7.7)

From a section cut between the roof and mezzanine levels, the shear in the upper part 

of the mezzanine side column [Figure 7.3(c)] can be computed as: 

 2 1

2T

F F
V


  (7.8)

The reactions RL and RR and shear force VT provide as much information about the 

internal load distribution as can be gained from the idealized spring-mass model.  

Accuracy of these three forces was the focus of the parametric study in addition to the 

total base shear calculated simply as F1+F2. 

The lumped mass matrix of the spring-mass model is simply: 
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Finally, it will be useful in the following discussions to define two dimensionless 

variables Kr and Mr, as: 
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With these new variables, the mass and stiffness matrices can be rewritten as: 
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7.3 Theoretical Background 

Treating the idealized system as linear, it is recognized that the full response of 

the 2-DOF system to any seismic excitation can be expanded to a linear combination 

of two modal responses.  This expansion and associated analysis methods are 

discussed in Chapter 1.   

For the 2-DOF idealized model, solutions of Equation (1.2) with use of 

Equations (7.12) and (7.13) result in the following equations for the circular natural 

frequencies and mode shapes: 
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where: 
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f
c

k

m
   (7.17)

It is worth noting that the mode shapes are only functions of the dimensionless 

parameters γ, Kr, and Mr.  Using Equations (7.14) and (7.15), the natural periods can 

be calculated as: 
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Equivalent lateral forces at time t can be calculated as: 

 
1 1 2 2( ) ( ) ( )t A t A t f s s  (7.19)

The mass vibrating in mode n can be calculated from Equation (6.4) and the mass 

participation factor for mode n found by Equation (6.5).  Equation (7.19) for 

equivalent lateral forces at time t can be rewritten as: 
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The equivalent lateral forces depend on the modal mass participation factors, the 

ground motion, and mode shapes.   

 If an assumption is made that the first mode dominates the mass participation 

such that the mass participation factors are 1 and 0 for the first and second modes, 

respectively, and that the pseudo-acceleration at the fundamental period takes the 

value Sa from the design spectrum (Figure 1.4), Equation (7.20) may be simplified as: 

 1
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(7.21)

where W is the total weight of the system and the tilde implies this is an 

approximation. 

 
ASCE Method 

 If the first mode shape is assumed to be a function of the height of each mass, 

hi, and a parameter k which depends on the fundamental period, Sa adjusted for the 
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response modification coefficient, R, per ASCE-7, and W interpreted as the seismic 

effective weight per the same document, the vertical seismic force distribution from 

ASCE-7 is obtained.  The equivalent lateral force from ASCE-7 at DOF i is: 
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where Wi is the weight of mass i, V is the design base shear, and A1p is the pseudo-

acceleration of mTOT which causes a base shear V.  The effect of k on the assumed 

fundamental mode shape assumed in Equation (7.22) is demonstrated in Figure 7.4.  

The mode shape is assumed to be linear for short periods (T < 0.5 sec), parabolic for 

long periods (T > 2.5 sec), and the exponent k varies linearly from 1 to 2 for periods in 

between.  This method of calculating equivalent lateral forces is termed the ASCE 

Method in this study. 

 
Weight Method 

 Another similar set of assumptions can be made to obtain the Weight Method, 

commonly used in MB frame design.  If the same assumptions are made for the ASCE 

Method, except that the fundamental mode shape is simply unity at all degrees of 

freedom, regardless of height, equivalent lateral forces can be calculated from 

Equation (7.21) as: 
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Proposed Method 

 A new method is proposed in this study, which attempts to capture the effects 

of both vibration modes.  The variable γ is related to the height of the mezzanine 

relative to that of the roof.  With this in mind, inspiration was taken from the ASCE 

Method and the fundamental mode shape is assumed as: 

  1 1
T   (7.24)

The implied second mode shape can be derived by using the following orthogonality 

condition: 

 
1 2 0,   T n i   m   (7.25)

The solution gives the following second mode shape: 
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Use of Equations (7.24) and (7.26) in Equation (1.4) results in the modal participation 

factors: 
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Making use of a variant of the Absolute Sum modal combination rule gives the 

following two sets of equivalent lateral forces: 
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7.4 Parametric Study 

The dynamic properties of the idealized 2-DOF system have been presented 

using three dimensionless parameters, Mr, Kr, and γ.  These parameters were varied 

and the system responses calculated for many cases in order to assess each method of 

applying equivalent lateral forces.  Prior to performing the parametric study, it was 

necessary to provide a range for each parameter over which to perform this study. 

The range for the mass ratio parameter, Mr, is necessarily bounded by 0 and 1.  

Mr of 0 corresponds to no weight on the mezzanine, and Mr of 1 corresponds to no 

weight at the roof.  Mr values were considered over the full range at increments of 

0.02.  There did not seem to be a good way to estimate the possible range of the 

stiffness ratio parameter Kr.  It seems likely that the local stiffness of a frame column 

with a mezzanine attachment [column A-C in Figure 7.2(a)] will be at least as stiff as 

the global frame and most likely substantially stiffer.  Therefore, a minimum value of 

Kr of 2 was set for this study.  A maximum value of 30 was set arbitrarily with the 

idea that if higher values were needed they would be added.  Kr values were 

considered over the full range at increments of 0.1. 

The value of γ is necessarily bounded by 0 and 1.  However, it was of interest 

to get a better indication of realistic γ values.  The column with the mezzanine 

attached [Figure 7.5(a)] has boundary conditions that are bounded by pinned-pinned 

and fixed-pinned conditions, assuming the base is pinned.  Also, because the column 

A-C [Figure 7.2(a)] is an indeterminate system, the relative stiffnesses of the upper  

(B-C) and lower (A-B) lengths also serve to alter γ.  Therefore, three conditions were 

considered: a fixed-pinned column with 15 degrees of taper, a fixed-pinned column 
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with a prismatic cross section, and a pinned-pinned prismatic column (Figure 7.5).  

The reaction at the top of the column from a point load at the mezzanine level was 

calculated using basic beam theory for each case with various load heights.   

Table 7.1 shows the values of γ considered.  In the figure, Hr is the ratio of the 

mezzanine height to the roof height.  To get an idea of how γ may be related to the 

normalized height, Hr, of the mezzanine, the average values of γ over the three cases 

were computed for each height and are also listed in Table 7.1.  An equation was fit 

relating Hr to these average γ values: 

 21.6 0.6r rH H    (7.30)

It was judged reasonable to expect mezzanines to be located between an Hr of 0.25 

and 0.75. So three values of γ were considered at 0.35, 0.65, and 0.85 corresponding to 

Hr values of approximately 0.24, 0.50, and 0.73, respectively. 

 To study the accuracy of each equivalent lateral force method, the idealized 2-

DOF spring-mass model was described for each combination of parameters using 

Equations (7.12) and (7.13).  As it was mentioned previously, mode shapes are only 

dependant on the dimensionless parameters and not on absolute values of mass or 

stiffness, so values of unity were set for mTOT and kf.  The eigenvalue problem from 

Equation (1.2) was solved to find the circular natural frequencies and corresponding 

mode shapes.   

Following the modal response spectrum approach (Chapter 1), an “exact” 

solution was calculated for four response quantities; base shear, column horizontal 

reactions, RL and RR, and the column shear between mezzanine and roof, VT, using 

Equations (7.6) through (7.8).  The CQC method was used for modal combination 
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using Equations (1.12) and (1.13).  Chopra (2007) mentions that peak response 

estimates using the CQC modal combination rule are generally on the conservative 

side, with errors observed by researchers of up to 25%, especially for response 

quantities which are local in nature, such as VT. 

The height and story limitations in ASCE-7 for OMF are based on subjective 

judgments of its authors (BSSC 2009) and not on any analytical or experimental 

derivation.  Therefore, it is difficult to determine a good metric for use of determining 

whether an MBS frame should be considered a single-story frame with a mezzanine or 

a multi-story building.  To provide a somewhat less arbitrary metric, in light of the 

trust ASCE-7 seems to place in the accuracy of dynamic solutions with 90% mass 

participation, it seems appropriate to consider a requirement for 90% minimum mass 

participation ratio in the first mode for a frame to be considered single-story.  The 

mass participation ratio is equivalent to the base shear contribution ratio (Chopra 

2007). The base shear contribution was calculated for the fundamental mode using 

Equation (7.21) for each set of parameter values. 

 For the spectral accelerations used with the modal response spectrum analysis, 

two cases were considered (Figure 7.6).  Case A set A1p and A2p equal to 1g to consider 

a condition where the second mode was excited on the same order of intensity as the 

first.  Case B set A1 to 0.6g and A2 equal to 1g to consider a case where the second 

mode had substantially higher excitation intensity than the first.  Though Case B does 

not represent the extreme of the condition it sets to explore, a quick scan of mapped 

spectral ground motion parameters in areas of high seismicity (ASCE 7-10) suggest it 

is reasonably large enough. 
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 Following calculation of the modal response spectrum solution, the ASCE 

Method, Weight Method, and the proposed method were applied to the system for 

both Case A and Case B.  It should be noted that the heights of each mass are not 

properties of the spring-mass model.  Therefore, Equation (7.30) was solved for Hr. 

Values of Hr were set as the height of the mezzanine and the roof was assumed to be 

at h2 of unity for calculation of the ASCE Method.  Also, the coefficient k in Equation 

(7.22) was needed.  The weighted average of the simulated periods from the study in 

Chapter 7 is nearly 1 sec.  The k coefficient was set as 1.25 for a fundamental period 

of 1 sec., following its definition from ASCE-7.  All four response quantities were 

calculated using Equations (7.6) through (7.8) for each approximate method. 

 In addition to the response spectrum analysis solution and the three 

approximate methods, a few variants of the ASCE Method and Weight Method were 

investigated which included defining additional load cases, such as reversed 

mezzanine load direction or the absence of the roof loads.  These attempts were found 

to be highly inaccurate and are not discussed. 

 
7.5 Results 

7.5.1 Force Distribution Methods 

Assuming the modal response spectrum analysis solutions are “exact,” the 

three approximate methods were assessed as to their ability to accurately predict the 

four response quantities.   

Figure 7.7 through Figure 7.9 show contour plots of ratios of absolute values 

of the approximate method response quantities to those of the “exact” values, termed 
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accuracy ratios.  The worst cases from Case A and Case B are shown.  Plots for γ 

values of both 0.35 and 0.85 are shown to demonstrate how this variable affects the 

accuracy.  Intermediate values of γ showed a smooth transition between the pairs of 

plots shown, so only these two extreme values are necessary to understand the results. 

 
ASCE Method 

Figure 7.7 shows accuracy ratio contour plots for the ASCE Method of 

Equation (7.22).  Base shear is accurately represented with accuracy ratios on the 

slightly conservative side.  Highly accurate results were observed for the mezzanine 

column reaction, RR, with only slight unconservatism at smaller Kr values (<5) with 

accuracy ratios of just under 0.85 the worst.  Significant conservatism was observed 

for the reaction of the column opposite of the mezzanine, RL, with accuracy ratios 

observed for small γ of near 1.5.  The conservatisms and unconservatisms mentioned 

diminish rapidly with increasing γ such that highly accurate results are available for a 

wide range of those three response quantities. 

The column shear between the mezzanine and roof, VT, was poorly 

approximated.  For low γ values, highly unconservative results (accuracy ratios of 0.2) 

are seen in a “valley” formation at values of Mr near 0.9.  As γ increases this 

unconservative valley moves toward lower values of Mr with the highest γ value 

considered having the offending region near Mr of 0.6.  At Mr values just less than the 

unconvervative valley, accuracy ratios sharply increase to nearly 2.  On the side of the 

valley of higher Mr values, the slope of the valley is much less steep with accuracy 



322 

 

ratios steadily approaching 1 at Mr of 1.  Also of note is an extremely conservative 

region at low values of Kr. 

 
Weight Method 

Figure 7.8 shows the accuracy ratio contour plots for the Weight Method of 

Equation (7.23).  The base shear predictions mimic those of the ASCE Method almost 

exactly.  The reactions RL and RR are very accurately predicted with accuracy ratios 

nearly unity for all values of γ.  RR predictions are slightly conservative for low γ.   

 The shear VT also demonstrates a gradual unconservatism with accuracy ratios 

decreasing steadily from 1 at Mr of 0 to nearly 0.15 at Mr of 0.7 and then increasing to 

1 again at Mr of 1.  The worst unconservatism does not diminish for higher γ but its 

location along the Mr axis moves toward the origin gradually, with ratios of 0.1 near 

Mr of 0.55 for γ of 0.85.  Also of note is an area of strange contours where the “valley” 

intersects with low Kr values, however the general trends showing a wide range of 

unconservatism over γ values is not significantly affected by this region. 

 
Proposed Method 

Figure 7.9 shows the accuracy ratio contour plots for the proposed method of 

Equation (7.29).  Base shear accuracy follows the same trends as the previous two 

methods, but the conservatism is larger for this method, with accuracy ratios of more 

than 1.3 shown for γ of 0.35.  The reaction RR also shows significant conservatism 

with accuracy ratios of over 1.4 for low γ values.  The conservatism in the base shear 

and RR diminish rapidly for higher γ values with accuracies near unity for γ of 0.85.  
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The reaction RL is predicted very accurately with accuracy ratios of nearly unity for all 

γ values.   

 The shear VT is predicted with similar accuracy to that of the ASCE Method 

for Mr values of near 0.4 and lower, showing some conservative accuracy ratios of 

near 1.4.  However, the proposed method lacks the unconservative “valley” seen in the 

ASCE Method, instead having accuracy ratios dip in a valley down to ratios with 

values of near 1.2 at the lowest, spiking back up to near 1.4 at the edge of the valley 

corresponding to higher Mr values.  At even higher Mr values the accuracy remains 

conservative, with accuracy ratios on the order of 1.2.  Both the ASCE method and the 

proposed method share the extremely conservative spike at low Kr values. 

 
7.5.2 Modal Mass Participation 

Figure 7.10 shows the mass participation factor for the first mode at γ of 0.35 

and γ of 0.5 (corresponding to Hr of about 0.36).  It is observed that the first mode has 

90% or more participation for the full range of parameters investigated when γ is 0.5.  

This is also true for higher γ values.  Even at a γ of 0.35, the mass participtation in the 

first mode is about 80% at minimum, with 90% achieved for Mr of approximately 0.25 

or less. 

 
7.6 Implications and Design Recommendations 

7.6.1 Equivalent Lateral Force Distribution 

The resulting accuracy ratios from the parametric study suggest that there are 

pros and cons for each method considered.  The ASCE Method predicts base shear and 

RR very well, but demonstrates large conservatism for RL at low γ values, though the 
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conservatism diminishes quite rapidly for increasing γ.  However, the ASCE method 

produces excessively unconservative results for VT for different combinations of Mr 

and γ.  The unconservatism seems to be avoidable by limiting use of the ASCE 

Method to Mr of 0.5 or less, though VT may be too conservative at Mr values of 0.5.  

With this in mind Mr of 0.4 may be a more appropriate recommended limit for design 

use for the ASCE Method 

The Weight method predicts base shear and column horizontal reactions with 

remarkable accuracy.  However, VT predictions are quite unconservative at times.  If 

an accuracy ratio of about 0.9 is seen as acceptable for design, the Weight method 

appears useful for systems with Mr of 0.2 or less.  At higher Mr values, the 

unconservatism for VT is inappropriate for design. 

The proposed method lacks the unconservatism for VT of the previous methods 

but comes at the cost of higher conservatism for base shear and RR for low values of γ.  

RL is approximated with high accuracy.  VT predictions are conservative for the full 

range of γ and Mr, but generally no worse than the ASCE Method in common use and 

with the added benefit of avoiding the unconservative trends of that method.  It seems 

appropriate to recommend this method for Mr values of 0.4 or higher, where the ASCE 

Method tends to become unconservative for VT.  The ASCE Method can perhaps be 

used at lower Mr values to reduce some of the conservatism of the base shear and RR.  

A note should be made concerning the assessment of conservative or 

unconservative accuracy ratios.  It was mentioned that response quantity predictions 

are generally unconservative for the CQC modal combination rule, especially for more 

local quantities, such as an individual reaction or especially the column shear between 
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the mezzanine and roof.  With that in mind, some of the conservative accuracy ratios 

observed for RR and VT for the proposed method may not be as conservative as 

appearances suggest since they were defined as a ratio to the CQC prediction.  

Therefore, the proposed method can be used with confidence for all cases without 

concern for over-conservatism.  A summary table of the design recommendations is 

shown in Table 7.2. 

For use in design, the proposed method will now be given in terms readily 

recognized by a design engineer.  Equations (7.27) and (7.28) are useful as presented 

though γ is not generally readily available.  To that end, a designer may use Equation 

(7.30) to predict γ or calculate it rigorously.  A rigorous calculation of γ involves 

restraining the roof level of a frame in the horizontal direction at the top of the column 

with the mezzanine attachment.  Then a lateral force is applied to the mezzanine and 

the reaction at the artificial restraint measured.  The ratio of the roof reaction to the 

applied load is γ.  It can also be mentioned that km may be calculated using the same 

process but also observing the resulting mezzanine deflection.  The ratio of applied 

force to deflection is km for use with Equations (7.10) and (7.12) through (7.17) if 

needed by the designer. 

The proposed method is recommended for design in all cases studied.  For 

seismic design, the vertical distribution of the earthquake load based on Equation 

(7.29) may be rewritten as: 
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where V is the design base shear, SDS is the design short-period spectral response 

parameter, Cs is the seismic response coefficient, and R is the response modification 

coefficient, all per ASCE-7.  This equation is applied in four cases, two with the roof 

load to the left, and two with roof load to the right. 

 

7.6.2 Classification of Frames with Mezzanines for Seismic Design Purposes 

From the practical design viewpoint, there are at least two aspects of seismic 

design per ASCE-7 that differ for frames with a single or multiple stories.  The first is 

the height limit for frame to be eligible for design as an OMF, and the second is 

whether a frame can ignore seismic drift limitations.  As mentioned previously, the 

height limits were set by subjective judgment without a formal derivation.  It is the 

author’s opinion that if a frame is loaded adequately during design, and appropriate 

considerations are made for ductility, then the height limit dependence on the number 

of stories is quite arbitrary and should be ignored.  However, if quantitative data must 

be provided to invalidate the arbitrary rule, the mass participation of the first mode is 

quite large for MB frames considered by this study, which should be most.  Even the 

80% mass participation for γ of 0.35 does not seem worrisome when the frames are 

loaded adequately to accurately represent all internal load effects for design. 

Therefore, the following structural definition of a mezzanine attachment is 

offered.   

"A mezzanine in a metal building frame is a floor level covering less than the 

full plan area of the building, which is attached to the frame such that it does 

not contribute significantly to the stiffness or strength of the frame, barring 
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second-order considerations."   

Further, a metal building frame with a mezzanine attached to one of the columns may 

be treated as a single-story building for determination of OMF eligibility if either the 

equivalent lateral force recommendations given herein are followed or a full response 

spectrum analysis is performed which is shown to include enough modes to 

adequately predict all internal load effects needed for design. 

It is not necessarily recommended that frames with a mezzanine attachments 

be allowed to ignore seismic drift limitations because of the possibility of large 

interstory drifts.  If a frame with a mezzanine has exterior cladding designed to 

withstand large deformations (metal panel walls with appropriate detailing) and there 

are no interior partitions above or below the mezzanine, it may be acceptable to ignore 

seismic drift limitations.  However, because of the possibility of large insterstory drift 

demand on the column, the author recommends that limits be followed.  Further, if the 

proposed method is used to determine the equivalent lateral forces, interstory drifts 

should be checked for all four load cases as interstory drift between the mezzanine and 

roof may differ for the four cases.  All cases should be subject to the drift limitations. 

This same study could easily be performed for other mezzanine cases in Figure 

7.1.  The easiest extension would be to Figure 7.1(a).  If the interior column is pinned 

at the top and bottom, then γ is simply equal to Hr and the all results found herein 

apply to that system as well.  However, it is much more likely that an pin-ended 

interior column would have a Kr of less than 2, which would be outside the range of 

results from this study.  The lean-to attachment in Figure 7.1(d) may constitute as a 

mezzanine if the exterior knee joint is pinned and not rigid.  If pinned, that case too 
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may take full advantage of the results found here.  Finally the full width mezzanine 

case of Figure 7.1(c) is not likely applicable for the definition of mezzanine provided 

here because it would be hard to show that the mezzanine beams, even if pinned, 

would not prevent the columns from deforming as they might otherwise (consider an 

unsymmetric monoslope frame).  Therefore, it is recommended that frames with a 

mezzanine of full-width be studied independently with a different spring-mass model.  

However, it is suspected that such a study would also serve to show the height 

limitations for OMF are not warranted for that case either. 
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Table 7.1. Approximation of γ 

 

Hr Fig. 9.5(b) Fig. 9.5(c) Fig. 9.5(d) Mean Eq. (9.33) 

0.2 0.368 0.296 0.2 0.288 0.296 

0.3 0.523 0.437 0.3 0.420 0.426 

0.4 0.655 0.568 0.4 0.541 0.544 

0.5 0.765 0.688 0.5 0.651 0.650 

0.6 0.852 0.792 0.6 0.748 0.744 

0.7 0.918 0.879 0.7 0.832 0.826 

0.8 0.964 0.944 0.8 0.903 0.896 

 

 

Table 7.2. Design Recommendations for Mezzanine Loading 

 

Loading Method Mr Limits 

ASCE Method (Eq. 7.22) ≤ 0.4 

Weight Method (Eq. 7.23) ≤ 0.2 

Proposed Method (Eq. 7.31) No Limit 
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   (a) Central            (b) Side        (c) Full    (d) Lean-to  

Figure 7.1. Mezzanine Configurations 

 

 

(a) Structural Model (b) Spring-Mass Model 

Figure 7.2. Idealized Models for Study 

 
 
 

(a) (b) (c) 

Figure 7.3. Structural Analysis 
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(a) Assumed Mode Shapes (b) Mode Shape Exponent 

Figure 7.4. Mode Shape Assumed by ASCE Method 

 
 

 
                              (a) (b) (c)        (d) 

Figure 7.5. Sample Models for γ Determination 

 
 

 
 (a) Case A (b) Case B 

Figure 7.6. Seismic Load Cases for Parametric Study 
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(a) Base Shear (Case A, γ = 0.35) (b) Base Shear (Case A, γ = 0.85) 

(c) RR (Case A, γ = 0.35) (d) RR (Case A, γ = 0.85) 

 
Figure 7.7. Accuracy Ratio Contour Plots for the ASCE Method 
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(e) RL (Case A, γ = 0.35) (f) RL (Case A, γ = 0.85) 

(g) VT (Case A, γ = 0.35) (h) VT (Case A, γ = 0.85) 

 
Figure 7.7. Accuracy Ratio Contour Plots for the ASCE Method (continued) 
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(a) Base Shear (Case A, γ = 0.35) (b) Base Shear (Case A, γ = 0.85) 

(c) RR (Case B, γ = 0.35) (d) RR (Case B, γ = 0.85) 

 
Figure 7.8. Accuracy Ratio Contour Plots for the Weight Method 
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(e) RL (Case B, γ = 0.35) (f) RL (Case B, γ = 0.85) 

(g) VT (Case B, γ = 0.35) (h) VT (Case B, γ = 0.85) 

 
Figure 7.8. Accuracy Ratio Contour Plots for the Weight Method (continued) 
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(a) Base Shear (Case B, γ = 0.35) (b) Base Shear (Case B, γ = 0.85) 

(c) RR (Case B, γ = 0.35) (d) RR (Case B, γ = 0.85) 

 
Figure 7.9. Accuracy Ratio Contour Plots for the Proposed Method 
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(e) RL (Case B, γ = 0.35) (f) RL (Case B, γ = 0.85) 

(g) VT (Case B, γ = 0.35) (h) VT (Case B, γ = 0.85) 

 
Figure 7.9. Accuracy Ratio Contour Plots for the Proposed Method (continued) 
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(a) γ = 0.35 (b) γ = 0.5 

 
Figure 7.10. Mass Participation in the First Mode 
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8 CONCEPTUAL DEVELOPMENT OF LTB-BASED SEISMIC SYSTEM 

FOR METAL BUILDING FRAMES 

8.1 Premise 

Using the results from this research, this chapter demonstrates how a concept 

for a new SFRS for MB frames may be developed which may offer improved ductility 

and economy over the current design practice while also providing solutions for the 

design of MB frames in situations currently prohibited by ASCE-7 (e.g., a 50 ft. tall 

MB frame with 60 psf wall cladding and a mezzanine with 150 psf storage loads in 

SDC F).  The results of the shake table testing (Chapters 2 and 3), testing and studies 

by Hong and Uang (2006 and 2007), and the cyclic LTB testing (Chapters 4 and 5) 

provide insights which can be used in development of a new SFRS.  Chapters 6 and 7 

provide direction on determination of the fundamental period, on seismic loading of 

MB frames with mezzanines, and some recommendations for analytical modeling of 

the MB frame.   

 
8.2 SFRS Concept 

Shake table Specimen 2 and case studies by Hong and Uang suggest that heavy 

MB frames have lower inherent overstrength from non-seismic load combinations 

than light MB frames and may need special design considerations to provide adequate 

safety against collapse to satisfy the intent of the model building codes.  Shake table 

Specimens 1 and 2 and the cyclic test specimen of Hong and Uang (2006) 

demonstrated the post-buckling behavior of a MB frame which is controlled by LTB.  

The formation of a single LTB in those frames did not result in collapse, even shake 
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table Specimen 2 with heavy walls.  The reason for this is that a pin-based portal 

frame (Figure 8.1) is statically indeterminate to one degree.    

To develop a collapse mechanism of a one-degree-indeterminate structure, two 

internal force releases, so-called inelastic hinges, must form.  Each LTB observed in 

the test specimens was only a single inelastic hinge.  Figure 8.1 shows that the frame 

is still determinate after the formation of a single hinge and can resist load at larger 

frame displacements.  It is not until the second hinge is formed that a frame's gravity 

load carrying capacity may be jeopardized.  The cyclic specimen of Hong and Uang 

did in fact develop two LTB hinges and the load-displacement response (Figure 1.8) 

appears to suggest collapse.  However, the shake table specimens suggest that as long 

as a second hinge does not form, the seismic behavior of a MB frame can be adequate 

to survive large seismic excitations. 

A concept for a new SFRS for heavy MB frames using LTB for inelastic 

hinges is envisioned.  It is proposed to identify an unbraced length in the frame, 

preferably in the rafter, called the Controlling Segment (CS), which will undergo 

cyclic LTB during a seismic excitation in a given direction.  This CS will be the 

structural fuse dissipating energy and protecting the frame from excessive force 

demands.   

The frame, outside of the CS, must be designed using a Capacity Design 

approach such that no strength limit state is exceeded prior to LTB in the CS.  To 

ensure the non-CS frame members are designed adequately, realistic estimates of the 

CS LTB strength is necessary.  It can be discerned that if a MB frame has significant 

system overstrength due to non-seismic loads, this new SFRS would likely be 
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uneconomical as the CS may be substantially stronger than necessary for seismic loads 

and Capacity Design of the remainder of the frame would result in a very heavy 

design. 

Most ductile seismic force resisting systems in ASCE-7 follow the force-based 

design approach described in Chapter 1.  This type of seismic force resisting system is 

based on the performance of systems which have hinges with generally elastic-plastic 

force-deformation relationships (BSSC 2009).  LTB has been shown to deviate 

significantly from the elastic-plastic type model (Chapter 4) and such force-based 

design procedures would need to be significantly modified or abandoned in favor of a 

displacement-based design procedure to provide acceptable safety against collapse. 

A displacement-based design procedure is proposed such that, after ensuring 

LTB occurs in the CS prior to any other limit state, the post-buckled frame be 

displaced to the implied spectral displacement demand from the MCE design spectrum 

considering the low equivalent viscous damping ratios inherent in metal buildings.  As 

long as no strength limit states have been violated beyond LTB in the CS at the MCE 

displacement demands, the frame is still determinate and is prevented from forming a 

collapse mechanism (Figure 8.1). 

It has been mentioned that ASCE-7 defines seismic demands at DBE assuming 

that adequately designed SFRS will still preserve life-safety when subjected to the 

MCE.  Figure 1.7 suggests that a full collapse mechanism of a MB moment frame may 

be highly non-ductile, exhibiting sharp strength and stiffness degradation and if DBE 

is used as a target for design, the system may collapse prior to meeting MCE demands.  

Because of the possibility of non-ductile collapse behavior, this LTB-based seismic 
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force resisting system should explicitly restrict a collapse mechanism from forming at 

MCE, beyond DBE, thereby satisfying the life-safety at MCE intent of the codes.   

It has been shown (Chapter 3) that the equivalent viscous damping ratio of a 

metal building is significantly lower (2-3%) than that assumed by ASCE-7 (5%).  To 

ensure safety at MCE, the displacement demand should be adjusted upward for 

damping considerations as well.  Hong and Uang (2007) demonstrate how the spectral 

displacement demand may be adjusted for low damping ratios. 

The compression flange of a segment buckling laterally behaves similarly to 

the compression brace (Chapter 5) of a steel Special Concentric Brace Frame (SCBF).  

In an SCBF, braces are distributed throughout the frame such that during a seismic 

excitation some of the braces are in tension and some are in compression (AISC 

2010b).  The reason for this is the disparate load-deformation behavior of the brace in 

tension and in compression.  The brace in compression buckles and has a significantly 

diminished strength compared with the tension braces, which yield (Figure 8.2).  Upon 

load reversal, the buckled compression brace is placed into tension, straightening and 

stiffening, becoming stronger.  The braces previously in tension are loaded in 

compression and buckle (Figure 8.2).  At any given large seismic displacement, some 

of the braces are weak due to buckling and some are strong in tension yielding. 

A frame designed using this SFRS concept would have two segments 

identified as CS, one Active for each direction of seismic drift (Figure 8.3), similar to 

having only some braces buckle in an SCBF for a given load direction.  For instance 

the Active CS may be along the inner flange near the right knee of a clear span MB 
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frame for seismic loads to the right, while the Active CS may be at the same location 

but near the left knee for leftward seismic loads.   

The CS associated with the opposing seismic load direction is considered 

Inactive and treated as other non-CS members of the frame for design purposes for 

loadings in that direction.  In addition, non-LTB limit states potentially occurring 

within the Active CS may need to be treated as non-CS members, such as tension 

flange yielding (TFY), rupture (TFR), or FLB of the compression flange.  Engineering 

judgment or calibration of this design procedure should be used to verify the need of 

such design considerations. 

To ensure ductility during cyclic buckling, several detailing requirements are 

proposed based on observations from Chapters 3 and 5.   They include the welding of 

the flange-to-web in the CS, welding where the CS is adjacent to an end-plate 

connection, axial loads, and lateral bracing forces.  A full list of design 

recommendations for segments expected to remain ductile during cyclic LTB is given 

in Chapter 5. 

The next section presents the proposed design procedure for this conceptual 

system.  It is envisioned that a methodical study to calibrate this design procedure, 

such as FEMA P695 (ATC 2009) be followed for full development and to ensure 

adequate safety against collapse.  The documentation of that procedure should have 

the finalized design steps as well as a selection of design examples in addition to the 

basic requirements of the FEMA P695 methodology. 
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8.3 Design Procedure 

A design procedure for the conceptual system is outlined in steps below.  Steps 

(1) to (3) provide a base design for the frame meeting non-seismic strength and 

serviceability, seismic drift, and controlling segment (CS) location criteria.  Steps (4) 

and (5) perform Capacity Design on the frame for all strength limit states except LTB 

in the CS.  This ensures that LTB occurs in the CS prior to any other limit states being 

reached.  Steps (6) to (11) provide ductility for the post-buckled frame, ensuring that a 

collapse mechanism is not formed prior to reaching the required seismic drift demand 

at MCE. 

 
8.3.1 Initial Design 

Step 1: Design moment frame following all applicable building codes, ASCE 7-10 

and AISC 360-10 assumed herein.  For seismic loadings use the Equivalent Lateral 

Force Procedure with an R value envisioned to be on the order of 4 to 5.  But the 

appropriate value remains to be verified by a FEMA P695 study in the future.  If the 

frame  has a mezzanine attachment, use the proposed load cases from Chapter 7.  

Satisfy all seismic and non-seismic strength requirements and any non-seismic 

serviceability requirements.  Either ASD or LRFD is acceptable for member strength 

calculations.  Note there are substantial material savings associated with use of Design 

Guide 25 and inclusion of adjacent segment effects on the LTB strength of members 

(Chapter 5). 

 
Step 2: For buildings requiring a seismic drift limit of 2% per ASCE-7, check and 

modify the frame, if necessary, such that the following equation is satisfied: 
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T is the fundamental period of vibration for the frame, and h is the mean roof height in 

consistent units with the acceleration due to gravity, g.  Equation (8.1) is easily 

derived from the assumption that the frame behaves as an SDOF, use of Equation (6.7) 

for an SDOF period, and equating the allowable roof displacements to those from a 

horizontal application of Sa times the frame seismic weight in the Equivalent Lateral 

Force (ELF) Procedure from ASCE-7.  Because roof drift typically only needs one 

mode of vibration to be considered for decent accuracy, the assumption of an SDOF 

system is acceptable for this drift check, though it may be inadequate for internal force 

determination (Chapter 6).  Equation (8.2) is simply the ASCE-7 design spectrum 

(Figure 1.4) modified by a factor of 0.8 to account for a lower damping ratio (2%).  

 Equation (8.2) is simply a drift check which can be done early in the design.  

This check is to make sure the period (and thus lateral stiffness) is reasonable.  For this 

check use the period equations presented in Chapter 6.  If Equation (6.17) is used, 

factor the resulting period estimate up by a factor of 1.3 to approximate the expected 

period.  Equation (6.21) needs no correction factor. 

To satisfy Equation (8.1), if required, the lateral stiffness of the frame may be 

increased.  However, a change in the lateral stiffness will not affect period estimates 



346 

 

using Equation (6.17).  Therefore, if Equation (8.1) is not satisfied using Equation 

(6.17), the period estimate must be refined using Equation (6.21) such that lateral 

stiffness changes affect the period estimate.  The period required to satisfy this step is 

not likely to be excessively short.  For instance, a 70 ft tall building with an assumed 

Sa of SDS/0.8 = 1.25 needs a T of 1.17 sec or less.  A 15 ft tall building with the same 

seismic demand needs a T of 0.54 sec or less. 

Contributions from higher modes may need to be considered for frames with 

large aspect ratios (Chapter 6).  For these frames, and any other with multiple 

dominant periods, the above procedure may not provide a solution which satisfies 

Equation (8.1).  As an alternative, more advanced analysis techniques may be used to 

determine the periods of vibration.  The linear modal response spectrum analysis 

procedure reviewed in Chapter 1 may be used to estimate roof drift.  Choose enough 

modes to represent 90% mean roof drift participation (Equation 1.14).  Combine 

modal responses using the SRSS or CQC rule and use Equation (8.2) for the spectral 

accelerations.  Do not adjust for R=5 as Equation (8.2) directly gives the DBE elastic 

demand and this system has no need for a Cd factor.  Compare the modal combination 

estimated roof drift to the 2% story drift limitation from ASCE-7.  

To check story drift limitations for a frame with a mezzanine attachment, 

check story drifts due to all four load cases of the proposed method (7.31) from 

Chapter 7 but multiply forces from Equation 7.31 by R/0.8 to estimate DBE level story 

drifts. 

For buildings without a seismic drift limitation per ASCE-7, Step (2) is 

skipped. 
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Step 3: Choose a single unbraced segment in the rafter for each seismic load direction 

as the controlling segments (CS).  A CS must be controlled by LTB under seismic 

load combinations.  In addition, because of the less severe post-buckling strength 

degradation observed in the cyclic testing (Chapter 5), compact compression flanges 

are recommended along the CS.  It is desirable, in light of Capacity Design 

requirements, described below, that the CS be both controlled by seismic load 

combinations and designed such that unity checks for LTB against seismic load 

combinations are close to unity.  The inner flange of the rafter at gravity load 

inflection points or near the knee joints are likely to be good candidates for CS 

locations.   

When applying the lateral load to the right, try selecting the unbraced segment 

on the rafter inner flange at the gravity load inflection point nearest to the right-hand 

knee (Figure 8.3).  Repeat and reverse for leftward seismic loads.  There will be two 

CS for each frame, one for each loading direction.  Only one CS is Active (i.e., 

mobilized) for a given seismic loading direction.  In the remainder of this design 

procedure, CS will refer to the Active CS (Figure 8.3).  The Inactive CS will be 

considered to be a part of the remaining frame. 

The axial force DCR, Pr/Pc, as appropriately defined for ASD or LRFD per 

AISC-360, may not exceed 0.1 for the non-cyclic portions of any seismic load 

combination, as cyclic testing showed poor cyclic performance for rafters with 

significant axial loading.  The non-cyclic portions of a seismic load combination 

include dead load, collateral load, live load, snow load, vertical seismic load, and any 
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other loads besides the horizontal seismic load.  For the same reason, CS should not be 

placed in columns.   

 
8.3.2 Capacity Design 

Step 4: For each seismic load combination, determine the amplified seismic loads 

which are expected to cause LTB in the CS.  For MB frame design, the best way to do 

this is to apply the non-cyclic loads from the seismic load combination along with the 

horizontal seismic force times a scale factor.  For example: 

  1.2 0.2 0.5DS hS D L E    (8.3)

where D is the dead load, SDS is the short period design spectrum acceleration, Eh is 

the horizontal seismic load, and λ is the scale factor.  Adjust the scale factor until the 

DCR for LTB in the CS is unity.  To prevent convoluted conversions, it is 

recommended that LRFD be used in this Step and Step (5) with the appropriate 

ultimate level seismic load combinations per ASCE-7.  ASD may be used if a careful 

conversion process is considered.  The incorporation of mezzanine attachment loads 

from Chapter 7 is not straight forward and simple methods must be developed and 

calibrated through a FEMA P695 study as part of the final development of this SFRS. 

In capacity design, the strength of the structural fuse is thought of as a load on 

the remainder of the system so that the fuse controls the behavior.  In order to ensure 

that the CS undergoes LTB prior to any other limit state being reached in the frame, 

the CS must be thought of as a load on the rest of the frame.  It is critical that the 

strength of the CS not be underestimated.  To account for the expected material 

strength, Fy is set to RyFy as in AISC-341.  When the expected LTB strength is 
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calculated accurately, moment gradient and adjacent unbraced segment effects must be 

included with Mn equations from Design Guide 25, as in Chapter 5.  No resistance or 

safety factors should be included when determining the expected LTB strength of the 

CS.  It is possible that additional safety factors may be required to increase the loads 

from the expected strength of the CS for adequate system reliability.  However, any 

other safety factors of that sort must be calibrated through an extensive process such 

as FEMA P695 (ATC 2009). 

 
Step 5: Perform capacity design by checking and modifying, if necessary, the frame, 

for the seismic loads determined in Step (4) for each seismic load combination 

independently.  Use LRFD for strength checks, including all applicable resistance 

factors.  ASD is allowed if an appropriate conversion was conceived through Step (4).  

Include seismic load combinations for each loading direction.  The inactive CS, for a 

given load direction must be included in this capacity design. 

 
8.3.3 Ductility Design 

Step 6: Calculate the MCE seismic drift demand as: 

 2
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 (8.4)

where Sa and T are defined in Step (2).  Adjust Sd by the drift correction factors given 

in Chapter 6 for approximate panel zone models commonly used with beam-column 

finite element models for MB moment frame design. 
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Step 7: Modify the frame model for the post-buckled state.  Displace the frame to the 

MCE drift demand from Step (6).  Check and, if necessary, modify the frame such that 

no limit states are violated beyond LTB in the CS.  The compression flange of the CS 

need not be checked.  As in Step (4), procedures to impose displacements at 

mezzanine attachments must be developed and calibrated through a FEMA P695 study 

as part of the final development process for this SFRS. 

One method to perform this check is as follows.  Insert an internal ideal hinge 

(moment release) at the mid-length of the Active CS.  Then load the frame with 

seismic loading until it reaches the mean roof drift from Step (6).  Add the non-cyclic 

portion of the load combination (i.e., all loads except Eh) and check all non-active-CS 

limit states, as in Step (5), but use the nominal strengths without resistance factors (ϕ).  

This method may need to be altered if higher-mode effects are found to be critical. 

 
Step 8: The flange braces at each end of the CS and the next adjacent flange braces, 

up to 4 total (Figure 5.14), must have a strength not less than 10% of the flange force 

from the maximum moment diagram envelope from Step (5). 

 
Step 9: If the controlling segment is adjacent to an end-plate connection, use CJP 

welds at the flange-to-end-plate joints to prevent rupture as shown in Figure 4.39. 

 
Step 10: Provide a 2-sided fillet weld at the flange-to-web joint along the full length 

of the CS at any flange expected to resist compressive stresses anywhere along its 

length during LTB of the CS. This is to prevent separation of the flange from the web 

at FLBs forming after LTB (e.g., Figure 4.38). 
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Step 11: For end-plate connections specify pre-tensioned high-strength bolts.  Design 

of end-plates should use a "thick plate" design method per Design Guide 16.  These 

requirements prevent connection bolts from loosening during cyclic loading and 

prevent prying action effects from accruing which may lead to unpredicted bolt 

failure. 
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Figure 8.1. Typical MB Frame Load-Displacement Curve 

 
 

 
 
 (a) Rightward Loading (b) Leftward Loading 
 

Figure 8.2. SCBF Cyclic Behavior 
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Figure 8.3. Active and Inactive Controlling Segments 
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9 SUMMARY, CONCLUSIONS, AND FUTURE WORK 

9.1 Summary 

Metal buildings (MB) are widely used in the U.S. including regions of high 

seismicity.  Previous research (Hong and Uang 2006 and 2007) had suggested that an 

elastic design procedure may be used for design of the steel moment frames of metal 

buildings.  However, the same research showed that metal buildings with heavy 

masses, such as those from heavy architectural wall cladding, exhibited a lower 

seismic safety than the light buildings traditionally used. 

As part of this research, shake table testing was performed on two full-scale 

metal building, one with light walls and one with heavy.  The results of the shake table 

testing agreed with the previous findings.  The light metal building showed large 

system overstrength due to nonseismic design loadings driving the frame geometry.  

The heavy building showed lateral-torsional buckling (LTB) prior to reaching the 

elastic base shear demand per ASCE-7 (ASCE/SEI 2010).   

Both specimens exhibited LTB and neither collapsed.  The cyclic performance 

of the frames with LTB was similar to that of steel Special Concentric Brace Frames.  

When one location was buckling, another buckled location was straightening out, and 

became stiffer and stronger.  It was observed that two hinges would be needed to for 

an inelastic mechanism and neither specimen developed a second hinge beyond LTB 

at a drift level as high as 3%.  The presence of LTB in the frames served to provide 

some measure of ductility, previously unexpected.  It was envisioned that a new 
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seismic force resisting system (SFRS) may be developed for heavy MB moment 

frames using LTB to provide the satisfactory performance shown by the shake table 

specimens. 

To provide experimental data for the development of an SFRS utilizing LTB, 

ten full-scale web-tapered rafter specimens were tested cyclically to investigate the 

cyclic post-buckling behavior of LTB.  It was found that web-tapered members can 

undergo several large cycles of LTB without brittle failures and that common detailing 

found in metal buildings does not negatively impact that behavior.  In addition, this 

data provided valuable information concerning the need for higher lateral bracing 

strengths for cyclic LTB.  Finally, the experimentally observed buckling loads were 

used to validate current design strength equations for LTB from Design Guide 25 

(Kaehler et al. 2011) and to provide design guidance for common member geometries 

(e.g. changes of plate thickness or taper angle) currently omitted in Design Guide 25. 

The elastic design procedure for light metal buildings and any new SFRS for 

heavy buildings need to be validated through a rigorous study, such as that of FEMA 

P695 (ATC 2009).  Such a study requires much knowledge which was currently 

unavailable.  The fundamental periods of MB moment frames are not well represented 

by the approximate period equations of ASCE-7.  Many metal buildings have partial 

floor attachments called mezzanines, with no clear guidance in the building codes for 

their design.  Finally, LTB often controls the strength of the web-tapered I-beams 

composing the MB moment frames. 

This research provided new approximate and analytical equations for 

estimating the fundamental period of vibration of MB moment frames.  In addition, a 
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parametric study was performed to understand the dynamic effects of a mezzanine 

attachment on the supporting MB moment frame.  Seismic loading criteria ere 

developed and recommended for MB moment frames with mezzanines and other 

commonly used methods of applying seismic loads were investigated for their 

limitations. 

Using the results of this research, a new SFRS concept was outlined for heavy 

metal building frames.  This SFRS uses LTB as the inelastic hinges, explicitly 

preventing a second hinge from forming prior to the drift demands per ASCE-7 based 

on the capacity design concept.  This system will require further calibration and 

completion of a FEMA P695 study prior to use by MB designers. 

 
9.2 Conclusions 

Major findings from the shake table testing of two full-scale metal buildings 

are: 

(1) Metal buildings with light walls exhibit large system overstrengths due to non-

seismic design loadings. 

(2) Metal buildings with heavy walls exhibit lower system overstrength and may 

not remain elastic when subjected to the Design Basis Earthquake (DBE) per 

ASCE-7. 

(3) Lateral-torsional buckling (LTB) does not result in a brittle failure of a metal 

building moment frame and may be of use for providing ductility. 

(4) Equivalent viscous damping ratios of metal building moment frames is on the 

order of 2 to 3%. 
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(5) Lateral beam bracing for LTB hinging may require larger design strengths. 

 
Major findings from the cyclic testing and associated analytical studies of ten 

web-tapered rafters for LTB are: 

(1) A web-tapered member can undergo several large cycles of LTB without 

showing brittle failure.  LTB always leads to compression flange local 

buckling (FLB) of the compression flange. 

(2) Cyclic FLB can cause separation of the flange from the web when single-sided 

fillet welds are used to attach the flange and web plates in the built-up sections 

used in metal building frames. 

(3) The bracing force demands for cyclic LTB are much higher than those required 

for initial buckling.  A design strength of 10% of the flange force at buckling is 

recommended for braces near segments expected to undergo cyclic LTB. 

(4) Common details used in metal building moment frames, including changes in 

taper, web and flange plate splices, rod bracing holes, and web stiffeners may 

all be used safely in segments expected to undergo cyclic LTB. 

(5) LTB strength is significantly affected by unbraced segments adjacent to the 

critical segment.  These effects can be included through the use of numerical 

techniques (e.g. eigenvalue buckling analyses) along with Method 1 of Design 

Guide 25 (Kaehler et al. 2011) for determining the LTB member strength with 

a high degree of accuracy.  Ignoring adjacent unbraced segments results in a 

substantial underestimation of LTB member strength. 
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(6) Numerical techniques to estimate the elastic critical buckling strength can be 

used with Design Guide 25 Method 1 to provide LTB member strengths for all 

common member geometry used in metal building frames including members 

with changes in plate thickness or taper angle. 

 
Major findings of the fundamental period study are: 

(1) The approximate period equations currently found in ASCE-7 for steel 

moment frames are inapplicable to metal building frames. 

(2) New approximate period equations were developed (Equation 6.17). 

(3) The mass participation of the fundamental mode decreases substantially at 

building aspect ratios greater than 3. 

(4) Corrections for the single-degree-of-freedom Rayleigh period estimate for the 

aspect ratio were developed (Equation 6.21). 

(5) Common panel zone modeling techniques are acceptable for design with 

certain modifications for the predicted frame drifts. 

(6) Shear flexibility is not necessary in the formulation of beam-column elements 

used for metal building moment frame analysis models. 

 
Major findings of the mezzanine study are: 

(1) Mezzanines do not severely reduce the mass participation of the fundamental 

vibration mode. 

(2) The method of vertical distribution of seismic forces in ASCE-7 should be 

limited to frames with mezzanines having a mass of 40% or less of the total 

tributary frame mass. 
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(3) A common method, called the Weight Method, for vertical distribution of 

seismic forces used by metal building designers should be limited to frames 

with mezzanines having a mass of 20% or less of the total tributary frame 

mass. 

(4) A new method for determining equivalent lateral forces for metal buildings 

with mezzanines was developed with no mass limitations and good accuracy 

(Equation 7.31). 

 
9.3 Future Work 

It is anticipated that both the elastic design procedure and the new SFRS 

concept utilizing LTB will be validated through a FEMA P695 study for incorporation 

into the building codes.  Some other research needs for the future are: 

(1) Low mass participation of the fundamental mode was observed through the 

period study.  The implications of this on the applicability of the Equivalent 

Lateral Force Procedure of ASCE-7 should be investigated. 

(2) Closed-form equations for the rotational spring constant appropriate for use 

with the new panel zone model need development for practical design use. 

(3) Numerical models of the cyclic LTB inelastic hinges need to be developed 

using the experimental data from this research for use with the FEMA P695 

studies. 

(4) Practical methods of calculating the elastic critical buckling strength for 

segments with discontinuous geometry need development. 
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(5) Practical methods of including the adjacent unbraced segments in the LTB 

strength need to be developed. 

(6) Strength limit states, other than LTB, should be experimentally investigated for 

their use in further improvements to the seismic behavior of metal building 

frames. 
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Appendix A Finite Element Modeling 

A.1  Purpose 

Throughout this research it was necessary to build analytical models 

representing a metal building moment frame to provide simulated responses for shake-

table test correlation, component test correlation and period studies.  Models were 

built in two pieces of software: SAP2000 (CSI 2012) and custom programming in 

MATLAB (Simulia 2012).  This Appendix will describe in detail the basic modeling 

process used for all studies in this research.  When modeling procedures were used 

which differ from those in this Appendix, they are noted and described in the 

appropriate chapters. 

A.2  2D Beam-Column Models for Metal Building Frames 

To represent the stiffness and mass of a metal building frame, planar finite 

elements were used.  Model formulation consisted of member discretization, element 

formulation, lumped mass formulation, and modeling of panel zones. 

A.2.1 Frame Discretization and Boundary Conditions 

Each frame member, whether a rafter or column, was divided into one or more 

segments.  Transitions from one segment to the next could involve a change in taper 

angle, change in flange width, or change in plate thickness.  A discretized frame is 

shown in Figure A.1.  Model nodes were placed on the centroidal axes at the ends of 

each segment.  Where there was a shift in centroidal axis location (Figure A.1), the 

node was located midway between the centroids of the adjacent segment sections 
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(Kaehler et al. 2011).  In addition three nodes were evenly spaced along each segment 

and located on the centroidal axis of the member.   

Nodes at the tops of exterior columns were located at the bottom of the panel 

zone at the centroidal axis of the column (Figure A.1).  Similarly, rafter nodes were 

located at end-plates at the centroidal axes of the rafter.  Interior columns all joined the 

rafter at segment transitions so the transition nodes served as column top nodes.  

Nodes were also located at the bases of interior columns.  Three additional nodes were 

evenly spaced along the height of interior columns.   

Ideal boundary conditions were used at the bases of all columns and the tops of 

interior columns.  Where a fully rigid connection to a foundation was assumed in 

design, all three degree-of-freedom (DOF) were restrained at the bottom column node.  

Where pinned column bases were assumed in design, only the translational degrees of 

freedom were restrained with the base of the column free to rotate in-plane.  Most 

frame designs assumed a hinge connection between the tops of interior columns and 

the rafters.  Where the design assumed a fully rigid connection of the interior columns 

to the rafter, no moment release was incorporated. 

Concrete exterior walls, where included in design, were modeled using 

relatively rigid beams, with section rigidities EA and EI on the order of 108 times the 

rigidities of other elements for models built in SAP2000.  The bases of these wall 

elements were pinned, as described above.  A wall node was located at the actual 

height of the spandrel beam connecting the wall to the steel frame where that height 

was known (as for shake table Specimen 2) with another node at the top of the actual 

wall height.  Where the spandrel height was unknown, the top wall node was at the 
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height of the rafter end-plate nodes.  Models built in MATLAB did not include 

elements for walls, handling the mass and destabilizing effects of the walls differently.  

However, the location of attachment of the wall top node was assumed to be at the 

height of the rafter end-plate nodes. 

Concrete walls were connected to the frames in different ways, depending on 

the particular frame application and software used.  For the SAP2000 model of shake 

table Specimen 2 (Chapter 2), an initially horizontal truss member was used to attach 

the wall to a spandrel node.  The spandrel node was located at the actual height of the 

spandrel beam connecting the wall to the panel zone and this node was rigidly 

attached to the rafter end-plate node.  The wall was assumed to add no stiffness to the 

frame, acting instead as a leaning column (Geschwinder 2002).  Due to the lack of 

concrete wall elements in MATLAB models, geometric stiffness terms of                     

–Wwall/2Hwall were added to the global stiffness matrix elements for the horizontal 

DOFs at the end-plate nodes, where Wwall is the total weight of a wall and Hwall is the 

height of the wall-to-frame connection. 

A.2.2 Element Formulation 

Members of MB frames are typically web-tapered.  In order to capture the 

effects of varying section rigidities over the length of a member, non-prismatic beam-

column elements were used along with adequate member discretization. 

The formulation for the element used in SAP2000 is proprietary and thus not 

fully known.  However, its definition involves defining section properties at each 

element end: cross-sectional area, A, and strong-axis moment of inertia, Iz.  Software 
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settings were used to assume a quadratic relationship between Iz and element length 

and a linear one between A and element length.  The SAP2000 manual suggests that 

second-order effects, both P-Δ and P-δ (Figure A.2), be handled by the software when 

a nonlinear analysis is performed.  These non-prismatic elements were used for all 

frame column and rafter elements.  Elements also included flexibilities due to shear 

deformations. 

Frame elements used in MATLAB models were purposefully formulated with 

a flexibility-based element formulation (Alemdar 2001, Conte 2004) for its accuracy.  

Each element was described in its natural frame (McGuire et al. 2000) as shown in 

Figure A.3.  With natural element end forces, P, M1, and M2, equilibrium provides the 

following exact formulation of internal force distribution, assuming no loadings are 

applied between nodes: 
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where L is the initial length of the element, x is a location along the element, and N(x), 

M(x), and V(x), are the axial force, bending moment, and shear force on a section at a 

distance x along the member.  The section flexibility matrix is: 
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where EA(x) is the axial rigidity, EIz(x) is the flexural rigidity, and GAs(x) is the shear 

rigidity of a cross section at x along the element.  Using the principle of virtual forces 

(McGuire et al. 2000), it can be shown the element stiffness matrix is: 
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 Note in the full derivation of Equation (A.3) there are no approximations and 

thus it is an exact stiffness formulation for a non-prismatic beam-column subjected to 

nodal loads.  This stiffness matrix was calculated for each element by Gaussian 

quadrature numerical integration using five Gauss-Lobatto integration points 

(Abramowitz and Stegun 1972).  Typical coordinate transformations were used to map 

the element stiffness from the natural frame to the global frame and standard assembly 

techniques employed to construct a global stiffness matrix (McGuire et al. 2000).  

Note there is no inclusion of second-order effects in this derivation. 

 To account for the P-Δ and P-δ effects, inspiration was taken from the mixed-

formulation elements of Alemdar (2001).  The geometric stiffness matrix derived in 

those formulations is the same as that derived from a standard displacement-based 

formulation (McGuire et al. 2000).  Therefore, because the element axial forces in the 

frame models were expected to be low compared with the elastic critical buckling 

loads, the “standard” element geometric stiffness matrices were also formulated for 



366 

 

each element such that the total element stiffness matrix was the summation of 

Equation (A.3) in global coordinates and the global geometric stiffness matrix. 

 For all software, standard prismatic beam-column elements (McGuire et al. 

2000) were used for interior columns and any “rigid” members in the models.  The 

modulus of elasticity, E, and the shear modulus, G, were assumed 29,000 ksi and 

11,200 ksi, respectively, for all software.  The effective area for shear deformations, 

As, was taken as the overall depth of the member multiplied by the web thickness. 

A.2.3 Lumped Mass Formulation 

For MATLAB models, a lumped mass matrix was formed based on tributary 

element volume and a weight density of steel (490 lb/ft3).  In addition to element self-

weight, the cladding dead loads were included.  For roof rafter elements, the total 

gravity load was 5 psf dead load, multiplied by 25 ft of tributary width.  For metal 

walls, with 3 psf dead load, the load was treated in the same fashion.  Element nodal 

masses were assigned to the global horizontal and vertical degrees-of-freedom but no 

rotational mass was assigned.  Each node was assigned one half of the mass of each 

attached element and its tributary cladding loads. 

Concrete wall mass was not assigned to column element nodes.  For MATLAB 

models the concrete wall mass was added to the horizontal mass at the rafter end-

nodes.  Concrete wall mass was calculated from half of the total weight of a 25 ft 

tributary width of wall with a 75 psf self-weight extending from the ground to the 

eave.  Concrete wall masses were assigned to horizontal degrees-of-freedom only. 

SAP2000 formulated the lumped mass matrix internally within the program 
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using element weight and applied dead loads.  Wall elements were modeled with a 

distributed mass per unit length equal to 75 psf over 25 ft of tributary width.  Metal 

wall and roof mass was assigned as distributed element loads in the direction of 

gravity equal to the tributary weight per length as calculated above. 

For all models, panel zone masses were assigned in the same fashion.  The 

mass of the portion of metal panel wall and roof load at the perimeter of the panel 

zone was assigned to the rafter end-plate nodes.  The weight of each panel zone, 

including the outer flange, end-plates, web stiffeners, column cap plate, and web was 

calculated based on the material volume.  This panel zone plate mass was arbitrarily 

assigned with 75% of the mass at the rafter end-plate node and 25% at the column top 

node. 

A.2.4 Panel Zone Modeling 

Panel zones were modeled in an unconventional fashion. Rigid elements 

connected the top of the column and the end of the rafter together through a rotational 

spring at the inner flange intersection [Figure A.4(a)]. 

It is commonly recognized that a panel zone is not a rigid region of a MB 

frame.  A common way to improve accuracy in modeling of a panel zone is with a 

rotational spring located at the intersection of the rafter and column centroidal axes.  A 

new Proposed Model in Figure A.4(a) can represent the potential panel zone 

deformation modes better than a model with a spring located at the panel zone center 

or at a centroidal axes intersection [Figure A.4(b)].   

In either model, the rigid links from the deformable elements of the column or 
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rafter to the spring are required to maintain the initial angles (θ1, θ2) with the adjacent 

elements.  Therefore, in the conventional model, the column top node (A) and rafter 

end node (B) must translate toward one another when the members undergo negative 

(closing) bending [Figure A.4(d)].  This cannot happen in a real frame.  Note the 

Centroidal Extension Model described in Chapter 8 also has this deficiency among 

others.  Those nodes should move away from one another instead.  The Proposed 

Model, similar to the “Revised Krawinkler Model” described by Charney and 

Marshall (2006), used in this study allows the correct type of deformation [Figure 

A.4(c)]. 

Rotational spring stiffness was extracted from an explicit shell finite element 

model of the panel zone using Abaqus (Simulia 2012).  Each shell model consisted of 

a length of column, a length of rafter, and the panel zone plates (Figure A.5).  Four-

node linear shell elements were used.  The column and rafter each had a length of 

three times their depth.  This choice of length was to allow stress concentrations due to 

geometric and loading discontinuities to attenuate into a stress pattern better described 

by beam theory.  The use of a length of three times the depth was based on St. 

Venant’s Principle (Love 1927).   

Each flange used 8 elements over the flange width, while the web used 20 

elements over the depth, based on modeling procedures used by Kim (2010) for shell 

elements models for web-tapered I-beams.  The column and rafter pieces were 

modeled as prismatic having the cross-section existing in the full frame at the panel 

zone boundaries.  The exterior flanges were intersected at an angle matching the roof 

slope of the frame.   
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The panel zone included the web, the column cap plate, the column exterior 

flange, panel zone stiffeners, and the end-plates at the connection.  The web used a 

20×20 element mesh and the surrounding transverse plates had 8 elements over their 

width to match the beam discretization.  All panel zone plates were assigned their 

appropriate thicknesses. 

The ends of the column were supported by pinning the interior flange-to-web 

node and using a roller support at the exterior flange-to-web node.  Loading was 

applied at the flange-to-web nodes of the rafter with equal and opposite unit point 

loads in the longitudinal direction of the rafter so that the overall bending moment 

diagram was constant throughout the model and equal to the rafter depth, d (Figure 

A.5). 

The shell finite element model was analyzed using linear elastic material (E = 

29,000 ksi) without consideration of geometric nonlinearities.  A spring constant for 

the panel zone was established by condensing the model down into a single degree-of-

freedom.  Referring Figure A.5, the change of angle ABC, θ, a measurement of panel 

zone deformation, was assessed by monitoring the relative displacements of the nodes 

at A, B, and C.  The applied moment, d, was divided by this deformation angle, θ, to 

find a linear rotational spring constant representing the panel zone flexibility. 

A.3  3D Beam-Column Models for Lateral-Torsional Buckling 

To calculate the elastic critical buckling strength of unbraced segments, 

software was written in MATLAB to perform finite element eigenvalue buckling 

analyses.  Elastic 3D displacement-based beam-column elements formulated to 
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include non-prismatic geometry and cross-section warping were used in all buckling 

models.  The formulation for these elements is presented by Chang (2006).  The 

element has a total of 14 degree-of-freedom, with 7 at each end-node.  The seventh 

degree of freedom is associated with flange torsional warping and is the first 

derivative of the angle of twist along the member. 

The mid-depth of the web was chosen as the reference axis for these elements 

(Figure A.6).  This removed the necessity to include rigid links between nodes or 

modified nodal geometry at locations of discontinuous centroidal axes (Figure A.1).  

In addition, the choice for the reference axis helped to provide continuity in warping 

deformations and stresses in the flanges (Figure A.7).  The shear center axis is 

commonly chosen for the reference axis in formulations for beams including warping.  

However, the shear center can shift the same as the centroidal axis at geometric 

discontinuities.  The warping function, ϖ, is defined as: 

  , ,x y z yz   (A.5)

where y and z are measured from the reference axis.  Along the web, z, is zero and so 

is the warping function.  Warping, as defined, only occurs in the flanges of the I-

section.   

 When a flange is said to warp, it rotates about its y axis and the top and bottom 

flanges rotate in opposite directions.  The flange rotations (θ), are functions of the 

distance of the flange from the reference axis (Figure A.7).  In a case where a flange is 

a different distance from each reference axis of the elements on either side of a node at 

a geometric discontinuity, the flange, which is continuous in the real structure, has 

discontinuous rotations at the node.  Most MB frame members have web plates which 
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are tapered but exhibit no stepped geometry (i.e., discontinuous change in depth). 

Locating the reference axis at the mid-depth of the web ensures that the flange 

rotations are nearly the same on either side of any node because the web depths are the 

same, even if the centroidal axis shifts. 

 One important consideration when using this element is that the additional 

warping degree-of-freedom at each node has no spatial direction vector.  The warping 

degree-of-freedom is not transformed for rotated geometry and is assembled into the 

global frame unaltered.  Therefore, warping degrees-of-freedom can be related 

between elements at a node which have different reference axis orientations (e.g., at a 

knee joint or pinch point).  If the angle between the reference axes of the two elements 

is small, the intended flange rotation axes are close and the relation between the 

warping degrees-of-freedom from each element is reasonable.  If the angle is too large, 

the flange rotation of one element would tend to torque the end of the other element.  

Many researchers have discussed how to transfer warping deformations and forces 

across angled connections and knee joints without much conclusive guidance (Yang 

and McGuire 1984, Krenk and Damkilde 1991, Basaglia et al. 2012).  In this research 

this problem was avoided by only modeling unbraced segments with collinear outer 

flanges.  No models were created with two segments on either side of a gabled frame 

ridge or across a knee with both column and rafter elements.   

 There were two basic beam model configurations used with these elements.  

The first was a single unbraced segment with simple supports for torsion, the FEMSS 

model from Chapter 5.  The second configuration, called the FEMFull in Chapter 5, 

consisted of the unbraced segment under consideration and the two adjacent unbraced 
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segments.  Where the unbraced segment under consideration was adjacent to an end-

plate connection at a knee or ridge, no adjacent segment was modeled on that end. 

Through trial-and-error and comparisons with the cyclic test results, it was determined 

that the best boundary conditions for the FEMFull configuration were as follows: 

 Where the model ends at a continuous portion of the full structure (i.e., there 

are adjacent unbraced segments beyond those included), simple supports for 

torsion should be used.  Restrain the out-of-plane displacement and the twist 

about the reference axis. 

 Where the model ends at a ridge or knee end-plate connection, apply supports 

fixed for torsion.  Restrain the out-of-plane displacement, twist about the 

reference axis, bending about the weak axis (y axis in Figure A.6) and the 

warping degree-of-freedom. 

 Adjacent segments should only be ended at locations where both inner and 

outer flanges are braced.  Where a single flange is braced, for example at a 

purlin with no flange brace angle (Figure 5.6), constraints should be set as in 

Figure 5.3.  Constrain the node at that location such that it must rotate about 

the centroidal location of the purlin or girt which is restrained against z-axis 

translations. 

 Chang (2006) presents this element for use with a corotational coordinate 

transformation from a natural frame to a global frame.  However, the same element 

may be formulated as in Ronagh et al. (2000).  The later formulation results in a 

separate linear stiffness matrix, ke, and geometric stiffness matrix, kg, which is a 
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function of the internal element forces, f.  The summation of these is the tangent 

stiffness matrix, k, of the element.  In order to find elastic critical buckling loads, the 

following eigenvalue problem was solved for the buckling strength modifier, γeLTB: 

  eLTB   e gk k f u 0


 (A.6)

For speed, Equation A.6 was solved using a shifted power method (Bewley 2009), an 

algorithm simple to apply.  The forces used to define kg were simply the bending 

moments resulting from the applied reference loads. 

 This software in MATLAB was verified by comparing elastic critical buckling 

strengths generated for LTB, CAT, and a few other buckling modes to those generated 

by other researchers (Chang 2006, Andrade et al. 2007, Kim 2010) as well as the 

theoretical solutions where available (Ziemian 2010).  In all cases the resulting 

buckling estimates agreed with the reference solutions within reasonable tolerances. 

 This procedure may seem complex to some practicing MB designers.  

However, finite element formulation, stiffness matrix assembly, and solving Equation 

A.6 all use simple computer algorithms which can be programmed in even the 

simplest computer languages.  Engineers wishing to incorporate this procedure should 

reference McGuire et al. (2000) for general treatment of beam-column finite element 

formulation and assembly, Bewley (2009) or any other text on numerical methods in 

engineering for the power method, and Chang (2006), Ronagh et al. (2000), Yang and 

McGuire (1986), and Yang and Yau (1987) for element formulation including taper 

and warping. 
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A.4  Verification  

A.4.1 Frame Model Verification 

Design Guide 25 presents a few bench mark cases to check web-tapered beam-

column geometrically linear and nonlinear responses.  The tapered Case A and Case B 

described in Design Guide 25 were checked in SAP2000 to provide verification of the 

elements, second-order effects, and discretization.  Table A.1 and Table A.2 show the 

values for these checks.  The results suggest that a minimum of 4 elements using 

nonprismatic elements in SAP2000 is sufficiently accurate for all studies herein.  All 

displacements and moments are within about 1% of the bench mark solutions. 

To continue verification, the gabled frame from shake table Specimen 1 was 

modeled as though it were the interior of a much longer building with similar frames 

spaced 25 ft. apart.  The gravity load reactions from SAP2000 and MATLAB models 

were compared with manually calculated weights.  The total vertical reactions for 

SAP2000 and MATLAB were 12.52 kips and 12.51 kips, respectively.  The manual 

calculation based on the fabrication drawings yielded a total weight of 12.59 kips.  It 

can be seen that the total weight and thus total mass was represented well by both 

models. 

 Using the same gabled frame models, the fundamental period was calculated, 

using the tangent stiffness due to the application of gravity load.  Gravity load was 

applied in SAP2000 using a nonlinear iterative analysis.  The MATLAB model used 

the “two cycles iterative method” (Chen and Lui 1991) to estimate the tangent 

stiffness.  The fundamental periods were checked with four cases; using 1× and 10× 
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gravity load, with 20 ft tall 75 psf walls, and with 2 interior columns at third points.  

The resulting periods from each model are presented in Table A.3.  It can be seen that 

all models produce periods within a few percent of each other. 

Given the verification of SAP2000 elements as well as the total mass of both 

models, these period verifications were deemed to verify both software packages in 

terms of their mass, stiffness, dynamic properties, and internal load effects. 
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Table A.1. Design Guide 25 Benchmark Case A 

 DG25 SAP2000 

αPr/Pcr Δ M Δ 
Error  
(%) M Error (%) 

0 0.223 196.32 0.223 0.000 196.30 -0.010 
0.1 0.160 137.85 0.159 -0.625 136.79 -0.769 
0.2 0.360 301.24 0.356 -1.111 298.59 -0.880 
0.3 0.615 501.39 0.615 0.000 501.30 -0.018 
0.4 0.953 756.06 0.953 0.000 755.92 -0.019 

 
 

Table A.2. Design Guide 25 Benchmark Case B 

 DG25 SAP2000 

αPr/Pcr Δ M Δ 
Error  
(%) M Error (%) 

0 0.041 181.20 0.041 -0.485 181.20 0.000 
0.04 0.047 222.76 0.047 0.211 222.83 0.031 
0.08 0.098 457.60 0.099 0.407 457.96 0.079 
0.12 0.154 705.81 0.155 0.390 706.97 0.164 
0.16 0.214 969.84 0.215 0.467 971.78 0.200 

 
 

Table A.3. Natural Period Verification 

   MATLAB SAP2000 
Test Case Description T1 T1 

Base 0.597 0.588 
Base + 95 psf Dead Load 2.656 2.594 

Base w/ 20 ft.  Conc. Walls 1.267 1.249 
Base w/ 2 Int. Columns 0.461 0.452 
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Figure A.1. Typical Finite Element Model 

 

 

Figure A.2. Second-Order Effects in Beam-Columns (AISC 2010a) 
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Figure A.3. Beam-Column Element Natural Frame Forces 
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Figure A.4. Panel Zone Model Comparison 
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Figure A.5. Panel Shell Element Model 

 

 
Figure A.6. Cross-Section of Beam-Column Element (Chang 2006) 

 

 
 (a) Bottom Flange   (b) Top Flange 
 

Figure A.7. Warping Function for Beam-Column Element (Chang 2006) 
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Appendix B Cyclic Test Specimen Instrumentation Plans 

B.1  General 

This Appendix describes the instrumentation plans for the cyclic test 

specimens (Chapter 4).  It also presents the procedure used to correct the horizontal 

displacements of the top of the column, D1, for support movements.  The corrected D1 

was used as a primary measurement for data interpretation. 

B.2  Instrumentation Plans 

  Uniaxial electric resistance strain gages (S) were attached to the outer faces of 

both inner and outer flanges along the rafter and column pieces.   Typically, the same 

strain gage configuration was placed on both inner and outer flanges with either a 

single strain gage (2-gage configuration) or two strain gages (4-gage configuration) on 

a flange at a given cross-section, all oriented to measure strain in the longitudinal 

flange direction.  As many as twenty-two strain gauges were used to measure strains 

along the rafter flanges and four along the column flanges for each specimen.  Gages 

at a cross-section were placed such that all gages were located on a plane 

perpendicular to the outer flange and the web.  Where a single gage was located on a 

flange, it was located at the center of the flange width.  Where two gages were placed 

on a flange, they were located at quarter points of the flange width.  At least three 

cross-sections were gaged along each controlling segment with gages near each end 

and the mid-length.  Each side of a change of taper (pinch point) was gaged.  Finally, 

several cross-sections were gaged toward the south end of the rafter, away from 

expected inelasticity to serve as “load cells” for determining the moment distribution.
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along the rafter specimen. 

Seven inclinometers (T) were used to measure the rotation angles along the 

length of the CS, including one at the column panel zone and one at the roller 

connection.  The readings of these inclinometers, attached to the web, could be 

affected if web buckling of the rafter specimens occurred.   

Eleven string potentiometer displacement transducers (D) were utilized.  D1 

measured the displacement imposed to the actuator.  D6 measured the out-of-plane 

displacement of the mid-length of the controlling segment.  D3, D4, and D5 were used 

to measure vertical displacements of the rafter along its length.  D8, D9, and D10 

measured movement at the roller support, while D11, D12, and D13 measured 

movement at the pin support.  Figure B.1 shows a typical displacement transducer plan 

with those channels used to measure translations at boundary conditions denoted.   

All but the two Watt’s braces at the narrow end of the rafter were gaged to 

measure axial forces in the braces using four strain gages configured in a full-bridge 

circuit (W).   

Applied load was measured through an internal load cell in the actuator.  

Pressure in the two 10-ton jacks, which were used in the two tests with axial 

compression, was measured using an external pressure sensor.   

Figure B.2 through B.9 shows the instrumentation plans for each cyclic rafter 

test specimen. 
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B.3  Column Displacement Correction 

To account for support movements in the interpretation of D1, D8 through D13 

were used (Figure B.1).  First, D10 and D13 were corrected to remove horizontal 

translation effects, measured by D8 and D11, respectively, as: 

 

 (B.1) 

 
 (B.2) 

 
where D10' and D13' are the corrected signals.  D10 had an initial length of 36.25 in. 

while D13 had an initial length of 47.5 in.  Next, the length, L', between D10' and D13' 

must be found as: 

 
 (B.3) 

 

where D10 and D13 are initially 244 in. apart.  Finally, D1 is corrected for rigid body 

rotations (D13' and D10') about the pin connection assuming small rotation angles and 

horizontal translations (D12) by: 

 

 (B.4) 

 
where D1' is the corrected signal and D1 is 146.75 in. above D12, which is at the pin 

support. 

 
 

 

 2 2D13' D13 D11 47.5 47.5   

' 244 D11 D8L   

   D13' D10'
D1' D1 146.75 D12

'L


  

 2 2D10 ' D10 D8 36.25 36.25   
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(a) Strain Gages 

 

 

(b) Displacement and Rotation Transducers 

 
(c) Watt’s Bracing 

Figure B.2. CF1 and Column Instrumentation 
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(a) Strain Gages 

 
 

 

(b) Displacement and Rotation Transducers 
 
 

 

(c) Watt’s Bracing 

 
Figure B.3. CF2 and CF2-A Instrumentation 
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(a) Strain Gages 
 

 

(b) Displacement and Rotation Transducers 

 
 

 

(c) Watt’s Bracing 

 
Figure B.4. PF1 Instrumentation 
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(a) Strain Gages 

 

 

 

(b) Displacement and Rotation Transducers 

 

 

 

(c) Watt’s Bracing 

 
Figure B.5. PF2 Instrumentation 
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(a) Strain gages 

 
 

 

 

(b) Displacement and Rotation Transducers 

 
 

 

(c) Watt’s Bracing 

 
Figure B.6. CS1 and CS1-A Instrumentation 
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(a) Strain Gages 

 

 

(b) Displacement and Rotation Transducers 

 

 

(c) Watt’s Bracing 

 
Figure B.7. CS2 Instrumentation 
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(a) Strain Gages 

 

 

(b) Displacement and Rotation Transducers 

 

 

(c) Watt’s Bracing 

 
Figure B.8. CS3 Instrumentation 
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(a) Strain Gages 
 
 

 

(b) Displacement and Rotation Transducers 

 

 

(c) Watt’s Bracing 

 
Figure B.9. CS4 Instrumentation 
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Appendix C Period Study Tabulated Data 

Table C.1. Clear Span Frame Design Sample Parameters 

Model  
# 

Bldg.  
Type 

Heave 

(ft) 
L 

 (ft) 

Roof 
Slope 
x:12 

Snow 
Load,  

pf (psf) 

Wind 
Speed 
(mph) 

Seismic 
Loads 

Wall 
Type 

Statistical 
Weights 

1 M 15 40 0.5 0 120 L MP 0.011666
2 SG 15 100 0.5 0 120 L MP 0.032986
3 M 15 160 0.5 0 120 H MP 0.001667
4 SG 30 40 4 0 120 L MP 0.002174
5 M 30 100 0.5 42 85 H MP 0.001058
6 SG 30 160 0.5 0 120 H MP 0.001717
7 SG 45 40 0.5 0 120 H MP 0.00601
8 SG 45 100 0.5 0 120 H MP 0.002999
9 M 45 160 0.5 0 120 L MP 0.000152

10 M 60 40 0.5 0 120 H MP 0.000523
11 M 60 100 0.5 42 85 H MP 0.000261
12 M 60 160 1 0 85 H MP 0.000881
13 SG 15 40 0.5 42 85 H HW 0.004145
14 SG 15 100 0.5 42 85 L HW 0.002068
15 M 15 160 0.5 0 120 L HW 0.000104
16 SG 30 40 0.5 0 120 H HW 0.000754
17 M 30 100 0.5 0 85 L HW 0.000331
18 SG 30 160 0.5 0 120 L HW 0.000108
19 M 45 40 0.5 0 85 H HW 0.000332
20 M 45 100 0.5 42 85 L HW 3.32E-05
21 SG 45 160 0.5 42 120 L HW 1.08E-05
22 M 60 40 0.5 42 85 H HW 3.28E-05
23 SG 60 100 0.5 42 120 L HW 1.86E-05
24 SG 60 160 0.5 0 85 H HW 0.000132
25 SG 15 40 4 0 120 H MP 0.011956
26 M 15 100 0.5 0 120 L MP 0.005821
27 SG 15 160 1 42 120 L MP 0.004478
28 M 30 40 0.5 0 85 L MP 0.01058
29 M 30 100 0.5 0 85 H MP 0.005279
30 M 30 160 0.5 0 120 L MP 0.000303
31 M 45 40 0.5 42 120 L MP 0.000213
32 SG 45 100 0.5 42 85 L MP 0.002999
33 SG 45 160 0.5 0 120 H MP 0.000859
34 M 60 40 0.5 0 85 L MP 0.002607
35 M 60 100 4 0 120 L MP 4.72E-05
36 M 60 160 0.5 0 120 H MP 7.47E-05
37 SG 15 40 0.5 0 85 L HW 0.020675
38 SG 15 100 0.5 42 120 L HW 0.000415
39 SG 15 160 0.5 0 85 L HW 0.002954
40 SG 30 40 0.5 42 120 L HW 0.000151
41 SG 30 100 0.5 0 85 H HW 0.001876
42 M 30 160 0.5 42 85 H HW 1.9E-05
43 M 45 40 0.5 42 85 L HW 6.65E-05
44 SG 45 100 4 42 120 L HW 6.82E-06
45 M 45 160 1 0 85 H HW 0.000112
46 SG 60 40 0.5 0 85 L HW 0.000926
47 SG 60 100 0.5 42 85 H HW 9.26E-05
48 M 60 160 0.5 0 120 L HW 4.68E-06

M – Monoslope; SG – Symmetric Gable; H – High Seismic; L – Low Seismic;  
MP – Metal Panel Sidewalls; HW – Hardwall Sidewalls 



393 

 

Table C.1. Clear Span Frame Design Sample Parameters (continued) 

Model  
# 

Bldg. 
Type 

Heave  

(ft) 
L 

 (ft) 

Roof 
Slope 
x:12 

Snow 
Load,  

pf (psf) 

Wind 
Speed 
(mph) 

Seismic 
Loads 

Wall 
Type 

Statistical 
Weights 

49 M 15 40 1 42 120 L MP 0.005532
50 SG 15 100 0.5 42 120 L MP 0.006613
51 M 15 160 1 42 120 L MP 0.00079
52 SG 30 40 0.5 42 120 L MP 0.00241
53 M 30 100 0.5 42 85 L MP 0.001058
54 SG 30 160 0.5 42 85 L MP 0.001717
55 SG 45 40 0.5 0 120 L MP 0.00601
56 SG 45 100 0.5 0 85 L MP 0.014958
57 M 45 160 1 42 85 H MP 0.000358
58 M 60 40 1 0 85 H MP 0.006165
59 M 60 100 1 0 120 H MP 0.000617
60 SG 60 160 0.5 42 85 H MP 0.000423
61 SG 15 40 0.5 42 85 L HW 0.004145
62 M 15 100 0.5 0 85 L HW 0.00182
63 M 15 160 0.5 42 85 L HW 0.000104
64 M 30 40 1 42 120 L HW 6.31E-05
65 SG 30 100 4 42 85 L HW 6.8E-05
66 SG 30 160 4 0 120 L HW 1.95E-05
67 M 45 40 0.5 42 85 H HW 6.65E-05
68 SG 45 100 0.5 0 120 L HW 0.000188
69 M 45 160 0.5 42 85 H HW 9.5E-06
70 SG 60 40 0.5 42 85 H HW 0.000186
71 M 60 100 0.5 0 85 H HW 8.15E-05
72 SG 60 160 0.5 0 85 L HW 0.000132
73 M 15 40 0.5 42 85 L MP 0.011666
74 SG 15 100 0.5 42 85 L MP 0.032986
75 M 15 160 0.5 42 85 L MP 0.001667
76 M 30 40 0.5 42 85 H MP 0.002121
77 SG 30 100 0.5 0 85 H MP 0.029915
78 M 30 160 0.5 0 85 L MP 0.001511
79 M 45 40 0.5 0 85 H MP 0.00529
80 M 45 100 0.5 42 85 H MP 0.000529
81 SG 45 160 0.5 42 85 H MP 0.000859
82 M 60 40 0.5 42 85 L MP 0.000523
83 SG 60 100 4 0 120 L MP 0.000267
84 SG 60 160 4 42 120 L MP 1.53E-05
85 SG 15 40 0.5 0 120 H HW 0.004145
86 SG 15 100 0.5 42 85 H HW 0.002068
87 M 15 160 0.5 0 85 L HW 0.000521
88 M 30 40 0.5 0 120 L HW 0.000133
89 SG 30 100 0.5 0 85 L HW 0.001876
90 SG 30 160 4 0 85 L HW 9.71E-05
91 SG 45 40 0.5 42 85 L HW 0.000377
92 SG 45 100 4 0 120 H HW 3.4E-05
93 SG 45 160 0.5 0 120 H HW 5.38E-05
94 M 60 40 0.5 42 120 L HW 6.57E-06
95 SG 60 100 0.5 0 85 H HW 0.000462
96 M 60 160 0.5 42 85 H HW 4.68E-06

M – Monoslope; SG – Symmetric Gable; H – High Seismic; L – Low Seismic;  
MP – Metal Panel Sidewalls; HW – Hardwall Sidewalls 
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Table C.2. Modular Frame Design Sample Parameters 

Model 
# 

Bldg. 
Type 

Heave  

(ft) 
L 

 (ft) 

Roof 
Slope 
x:12 

Snow 
Load, 

pf (psf) 

Wind 
Speed 
(mph) 

Seismic 
Loads 

Wall 
Type 

Statistical 
Weights 

97 SG 15 80 0.5 0 85 H MP 0.329748
98 SG 15 120 0.5 0 120 L MP 0.018888
99 M 15 240 1 0 85 L MP 0.009689
100 SG 15 300 4 42 85 L MP 0.000842
101 M 30 80 0.5 42 120 L MP 0.000425
102 SG 30 120 0.5 0 85 H MP 0.01713
103 SG 30 240 0.5 0 85 L MP 0.00422
104 SG 30 300 0.5 0 85 H MP 0.00422
105 M 45 80 0.5 0 120 H MP 0.001061
106 M 45 120 0.5 42 85 H MP 0.000303
107 M 45 240 1 42 85 H MP 0.000177
108 M 45 300 1 42 85 L MP 0.000177
109 M 15 80 0.5 42 120 L HW 0.000147
110 SG 15 120 0.5 0 120 L HW 0.001184
111 M 15 240 0.5 42 85 H HW 5.15E-05
112 SG 15 300 4 0 120 L HW 5.28E-05
113 M 30 80 0.5 42 85 H HW 0.000133
114 SG 30 120 0.5 0 120 L HW 0.000215
115 SG 30 240 0.5 42 120 L HW 1.06E-05
116 SG 30 300 0.5 0 120 H HW 5.3E-05
117 M 45 80 0.5 0 85 H HW 0.000332
118 SG 45 120 0.5 42 85 H HW 0.000108
119 M 45 240 1 42 85 H HW 1.11E-05
120 M 45 300 1 0 85 H HW 5.52E-05
121 M 15 80 0.5 42 85 H MP 0.011666
122 M 15 120 0.5 0 85 L MP 0.016626
123 M 15 240 1 0 120 L MP 0.001942
124 M 15 300 0.5 0 85 L MP 0.004096
125 SG 30 80 4 0 120 H MP 0.002174
126 M 30 120 0.5 0 85 H MP 0.003023
127 M 30 240 0.5 42 120 L MP 2.99E-05
128 SG 30 300 0.5 42 85 L MP 0.000846
129 SG 45 80 0.5 0 85 L MP 0.029977
130 M 45 120 1 42 85 L MP 0.000717
131 M 45 240 0.5 0 120 H MP 7.47E-05
132 M 45 300 0.5 42 120 L MP 1.5E-05
133 M 15 80 0.5 0 85 L HW 0.003649
134 M 15 120 0.5 42 120 L HW 4.19E-05
135 SG 15 240 0.5 0 85 H HW 0.001455
136 M 15 300 0.5 0 120 L HW 5.15E-05
137 M 30 80 0.5 42 85 L HW 0.000133
138 SG 30 120 0.5 0 85 H HW 0.001074
139 SG 30 240 4 42 85 H HW 9.59E-06
140 M 30 300 0.5 0 120 L HW 9.36E-06
141 SG 45 80 0.5 0 85 L HW 0.00188
142 SG 45 120 0.5 42 85 L HW 0.000108
143 SG 45 240 0.5 0 85 H HW 0.000132
144 SG 45 300 0.5 42 85 H HW 2.65E-05

M – Monoslope; SG – Symmetric Gable; H – High Seismic; L – Low Seismic;  
MP – Metal Panel Sidewalls; HW – Hardwall Sidewalls 
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Table C.2. Modular Frame Design Sample Parameters (continued) 

Model 
# 

Bldg. 
Type 

Heave  

(ft) 
L 

 (ft) 

Roof 
Slope 
x:12 

Snow 
Load, 

pf (psf) 

Wind 
Speed 
(mph) 

Seismic 
Loads 

Wall 
Type 

Statistical 
Weights 

145 SG 15 80 0.5 42 85 L MP 0.066108
146 SG 15 120 0.5 42 85 L MP 0.018888
147 SG 15 240 4 0 120 L MP 0.000842
148 SG 15 300 0.5 42 85 H MP 0.004654
149 M 30 80 0.5 0 120 L MP 0.002121
150 SG 30 120 4 0 120 L MP 0.000621
151 SG 30 240 0.5 0 120 H MP 0.000846
152 SG 30 300 0.5 42 85 H MP 0.000846
153 SG 45 80 0.5 42 120 L MP 0.001205
154 M 45 120 1 0 85 H MP 0.003575
155 M 45 240 0.5 42 120 L MP 1.5E-05
156 SG 45 300 0.5 42 85 L MP 0.000423
157 SG 15 80 0.5 0 85 L HW 0.020675
158 M 15 120 0.5 0 120 L HW 0.000209
159 SG 15 240 0.5 0 85 L HW 0.001455
160 SG 15 300 0.5 0 120 H HW 0.000292
161 M 30 80 0.5 0 120 L HW 0.000133
162 SG 30 120 0.5 42 85 H HW 0.000215
163 SG 30 240 0.5 0 85 L HW 0.000265
164 M 30 300 0.5 42 85 H HW 9.36E-06
165 M 45 80 0.5 0 120 H HW 6.65E-05
166 M 45 120 0.5 42 85 L HW 1.9E-05
167 M 45 240 0.5 42 120 L HW 9.38E-07
168 SG 45 300 0.5 0 120 H HW 2.65E-05
169 SG 15 80 0.5 0 120 H MP 0.066108
170 SG 15 120 0.5 42 120 L MP 0.003787
171 SG 15 240 4 0 120 H MP 0.000842
172 SG 15 300 0.5 0 85 L MP 0.023212
173 M 30 80 0.5 0 120 H MP 0.002121
174 SG 30 120 0.5 42 120 L MP 0.000688
175 SG 30 240 0.5 42 120 L MP 0.00017
176 M 30 300 0.5 42 85 H MP 0.000149
177 SG 45 80 4 42 120 L MP 0.000218
178 SG 45 120 0.5 0 85 L MP 0.008565
179 M 45 240 1 42 120 L MP 3.54E-05
180 M 45 300 0.5 42 85 L MP 7.47E-05
181 M 15 80 0.5 0 120 H HW 0.000731
182 SG 15 120 0.5 0 85 H HW 0.005907
183 M 15 240 0.5 0 85 H HW 0.000257
184 M 15 300 0.5 42 85 H HW 5.15E-05
185 SG 30 80 0.5 42 85 L HW 0.000754
186 SG 30 120 0.5 42 85 L HW 0.000215
187 M 30 240 1 0 120 H HW 2.21E-05
188 M 30 300 0.5 0 85 H HW 4.67E-05
189 M 45 80 0.5 0 120 L HW 6.65E-05
190 M 45 120 1 42 120 L HW 9.01E-06
191 SG 45 240 0.5 0 85 L HW 0.000132
192 M 45 300 0.5 0 120 H HW 4.68E-06

M – Monoslope; SG – Symmetric Gable; H – High Seismic; L – Low Seismic;  
MP – Metal Panel Sidewalls; HW – Hardwall Sidewalls 
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Table C.3. Clear Span Frame Study Output 

Model 
# 

H 
(in.) 

α W 
 (kips) 

klat 
(kips/in.) nM  T 

 (sec.) 
Tr1 

(sec.) 
Tr2 

(sec.) 
1 190.00 2.526 10.21 3.520 0.933 0.546 0.546 0.545 
2 192.50 6.234 25.16 12.459 0.619 0.571 0.560 0.454 
3 220.00 8.727 46.71 27.663 0.423 0.606 0.580 0.415 
4 400.00 1.200 13.14 3.563 0.930 0.602 0.602 0.614 
5 385.00 3.117 52.23 7.218 0.925 0.881 0.880 0.860 
6 380.00 5.053 47.02 7.233 0.765 0.910 0.901 0.815 
7 545.00 0.881 15.17 3.630 0.918 0.646 0.645 0.654 
8 552.50 2.172 30.84 2.516 0.916 1.124 1.124 1.119 
9 580.00 3.310 53.59 4.741 0.876 1.106 1.100 1.075 

10 730.00 0.658 19.92 3.623 0.894 0.737 0.736 0.750 
11 745.00 1.611 57.57 1.826 0.961 1.798 1.797 1.796 
12 800.00 2.400 57.98 3.355 0.868 1.377 1.370 1.329 
13 185.00 2.595 46.02 17.432 0.972 0.527 0.526 0.520 
14 192.50 6.234 76.69 38.651 0.732 0.527 0.519 0.450 
15 220.00 8.727 79.52 28.494 0.591 0.680 0.664 0.534 
16 365.00 1.315 67.99 15.239 0.984 0.675 0.675 0.675 
17 385.00 3.117 85.56 3.388 0.969 1.625 1.624 1.607 
18 380.00 5.053 101.53 7.419 0.836 1.295 1.291 1.183 
19 550.00 0.873 101.14 13.407 0.985 0.877 0.877 0.878 
20 565.00 2.124 141.08 2.796 0.977 2.282 2.282 2.271 
21 560.00 3.429 176.32 9.614 0.919 1.427 1.426 1.369 
22 730.00 0.658 144.23 13.259 0.976 1.052 1.052 1.055 
23 732.50 1.638 171.32 2.824 0.971 2.485 2.485 2.491 
24 740.00 2.595 163.36 8.533 0.927 1.414 1.413 1.399 
25 220.00 2.182 10.58 3.032 0.935 0.608 0.607 0.597 
26 205.00 5.854 26.12 14.528 0.675 0.498 0.487 0.429 
27 220.00 8.727 87.32 92.153 0.365 0.527 0.509 0.311 
28 370.00 1.297 11.95 1.665 0.949 0.853 0.853 0.857 
29 385.00 3.117 27.37 2.650 0.919 1.039 1.038 1.028 
30 400.00 4.800 48.53 6.391 0.814 0.947 0.941 0.881 
31 550.00 0.873 23.94 3.801 0.950 0.805 0.805 0.802 
32 552.50 2.172 53.78 2.235 0.957 1.578 1.577 1.568 
33 560.00 3.429 50.27 3.781 0.854 1.224 1.221 1.166 
34 730.00 0.658 17.20 1.881 0.911 0.968 0.965 0.967 
35 920.00 1.304 53.44 9.411 0.903 0.789 0.785 0.762 
36 760.00 2.526 61.14 4.719 0.872 1.179 1.175 1.151 
37 185.00 2.595 36.96 3.139 0.989 1.102 1.102 1.097 
38 192.50 6.234 76.59 37.438 0.716 0.541 0.532 0.457 
39 200.00 9.600 71.17 25.346 0.494 0.760 0.737 0.536 
40 365.00 1.315 75.31 2.988 0.992 1.604 1.604 1.605 
41 372.50 3.221 84.21 12.056 0.941 0.863 0.863 0.845 
42 400.00 4.800 154.16 20.693 0.851 0.940 0.936 0.873 
43 550.00 0.873 106.89 1.686 0.992 2.545 2.545 2.546 
44 640.00 1.875 141.00 3.539 0.964 2.048 2.048 2.018 
45 620.00 3.097 147.03 13.140 0.902 1.102 1.098 1.070 
46 725.00 0.662 128.64 1.567 0.981 2.886 2.886 2.898 
47 732.50 1.638 174.64 9.803 0.973 1.347 1.347 1.350 
48 760.00 2.526 176.61 3.524 0.952 2.284 2.284 2.264 
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Table C.3. Clear Span Frame Study Output (continued) 

Model 
# 

H 
(in.) 

α W 
 (kips) 

klat 
(kips/in.) nM  T 

 (sec.) 
Tr1 

(sec.) 
Tr2 

(sec.) 
49 200.00 2.400 19.07 5.018 0.970 0.625 0.624 0.623 
50 192.50 6.234 50.06 43.789 0.578 0.451 0.440 0.342 
51 260.00 7.385 91.57 57.962 0.446 0.543 0.507 0.402 
52 365.00 1.315 20.77 3.081 0.962 0.826 0.826 0.830 
53 385.00 3.117 52.23 7.218 0.925 0.881 0.880 0.860 
54 380.00 5.053 90.58 18.250 0.768 0.810 0.803 0.712 
55 545.00 0.881 15.17 3.630 0.918 0.646 0.645 0.654 
56 552.50 2.172 29.05 1.325 0.941 1.491 1.490 1.497 
57 620.00 3.097 93.72 3.952 0.914 1.603 1.601 1.557 
58 740.00 0.649 17.63 1.936 0.899 0.955 0.953 0.965 
59 770.00 1.558 39.90 4.096 0.888 0.980 0.978 0.998 
60 740.00 2.595 95.59 3.578 0.937 1.673 1.672 1.653 
61 185.00 2.595 45.93 11.429 0.985 0.645 0.645 0.641 
62 205.00 5.854 56.54 12.811 0.871 0.716 0.712 0.672 
63 220.00 8.727 124.53 82.116 0.463 0.563 0.541 0.394 
64 380.00 1.263 78.81 3.227 0.992 1.578 1.578 1.580 
65 460.00 2.609 109.33 7.889 0.909 1.283 1.280 1.190 
66 520.00 3.692 100.81 3.460 0.839 1.970 1.960 1.726 
67 550.00 0.873 110.02 15.307 0.984 0.857 0.857 0.857 
68 552.50 2.172 113.78 2.268 0.973 2.275 2.275 2.265 
69 580.00 3.310 188.18 14.791 0.933 1.161 1.160 1.141 
70 725.00 0.662 142.59 13.317 0.975 1.043 1.043 1.046 
71 745.00 1.611 158.84 6.051 0.951 1.618 1.618 1.638 
72 740.00 2.595 163.36 1.647 0.963 3.203 3.203 3.184 
73 190.00 2.526 19.04 7.020 0.968 0.528 0.528 0.527 
74 192.50 6.234 49.72 40.460 0.633 0.442 0.431 0.354 
75 220.00 8.727 91.60 76.415 0.416 0.517 0.492 0.350 
76 370.00 1.297 20.73 1.703 0.967 1.114 1.114 1.115 
77 372.50 3.221 27.10 2.828 0.929 1.001 1.000 0.990 
78 400.00 4.800 47.28 5.527 0.834 0.999 0.993 0.935 
79 550.00 0.873 14.28 1.690 0.911 0.912 0.911 0.929 
80 565.00 2.124 54.48 2.097 0.965 1.633 1.632 1.630 
81 560.00 3.429 93.11 7.568 0.883 1.174 1.171 1.122 
82 730.00 0.658 25.71 1.877 0.933 1.185 1.184 1.183 
83 820.00 1.463 39.34 3.502 0.896 1.045 1.045 1.072 
84 880.00 2.182 98.23 3.294 0.914 1.823 1.819 1.746 
85 185.00 2.595 37.30 14.496 0.979 0.518 0.518 0.513 
86 192.50 6.234 76.69 38.651 0.732 0.527 0.519 0.450 
87 220.00 8.727 79.97 25.553 0.598 0.717 0.700 0.566 
88 370.00 1.297 68.19 3.241 0.993 1.465 1.465 1.467 
89 372.50 3.221 81.00 2.620 0.956 1.818 1.817 1.778 
90 520.00 3.692 100.11 3.308 0.830 2.024 2.013 1.759 
91 545.00 0.881 105.11 1.399 0.991 2.769 2.769 2.772 
92 640.00 1.875 113.27 10.249 0.938 1.088 1.086 1.063 
93 560.00 3.429 132.69 14.065 0.890 1.026 1.023 0.982 
94 730.00 0.658 142.31 3.882 0.981 1.932 1.932 1.936 
95 732.50 1.638 152.55 8.655 0.969 1.337 1.337 1.342 
96 760.00 2.526 222.43 10.462 0.954 1.479 1.479 1.474 
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Table C.4. Modular Frame Study Output 

Model 
# 

H 
(in.) 

α W 
 (kips) 

klat 
(kips/in.) nM  T 

 (sec.) 
Tr1 

(sec.) 
Tr2 

(sec.) 
97 190.00 2.526 19.13 2.642 0.917 0.885 0.883 0.861 
98 195.00 3.692 28.82 4.005 0.747 0.975 0.958 0.858 
99 300.00 2.400 56.40 5.348 0.967 1.040 1.036 1.038 
100 480.00 2.400 148.42 11.645 0.881 1.173 1.159 1.142 
101 380.00 1.297 39.81 3.583 0.961 1.066 1.066 1.066 
102 375.00 1.920 30.84 0.980 0.948 1.801 1.800 1.794 
103 390.00 1.297 58.08 1.480 0.983 1.994 1.993 2.003 
104 397.50 1.920 74.35 1.470 0.977 2.271 2.269 2.274 
105 560.00 0.873 26.55 3.570 0.924 0.861 0.860 0.872 
106 570.00 1.297 62.12 1.847 0.962 1.856 1.856 1.855 
107 660.00 0.857 117.82 2.758 0.980 2.083 2.081 2.090 
108 690.00 1.263 150.21 2.926 0.972 2.283 2.280 2.291 
109 200.00 2.526 67.10 6.180 0.957 1.076 1.074 1.054 
110 195.00 3.692 55.71 4.392 0.851 1.235 1.226 1.139 
111 240.00 2.526 146.87 40.308 0.954 0.627 0.622 0.610 
112 480.00 2.400 103.75 9.163 0.919 1.098 1.090 1.076 
113 380.00 1.297 96.98 12.737 0.973 0.887 0.887 0.882 
114 375.00 1.920 85.39 1.806 0.959 2.240 2.239 2.199 
115 390.00 1.297 166.28 3.429 0.992 2.225 2.224 2.227 
116 397.50 1.920 133.39 18.787 0.946 0.868 0.866 0.852 
117 560.00 0.873 110.27 9.916 0.969 1.060 1.060 1.066 
118 555.00 1.297 145.58 13.281 0.940 1.073 1.072 1.059 
119 660.00 0.857 221.78 16.170 0.954 1.173 1.171 1.184 
120 690.00 1.263 189.17 13.413 0.948 1.205 1.203 1.201 
121 200.00 2.526 36.97 3.116 0.941 1.125 1.124 1.101 
122 210.00 3.692 29.31 2.076 0.880 1.255 1.248 1.201 
123 300.00 2.400 56.94 9.619 0.957 0.783 0.778 0.778 
124 255.00 3.692 71.33 3.411 0.957 1.479 1.475 1.462 
125 440.00 1.091 23.25 2.618 0.924 0.964 0.962 0.953 
126 390.00 1.920 31.98 1.717 0.931 1.391 1.390 1.380 
127 420.00 1.297 112.70 4.802 0.982 1.553 1.551 1.549 
128 397.50 1.920 141.19 1.086 0.988 3.639 3.638 3.646 
129 550.00 0.873 24.17 1.365 0.926 1.329 1.328 1.345 
130 600.00 1.263 62.94 2.133 0.951 1.739 1.738 1.737 
131 600.00 0.873 64.45 4.385 0.962 1.213 1.211 1.226 
132 615.00 1.297 149.22 4.804 0.974 1.782 1.780 1.782 
133 200.00 2.526 49.48 4.404 0.970 1.086 1.086 1.072 
134 210.00 3.692 88.01 7.870 0.907 1.113 1.109 1.069 
135 210.00 2.526 83.68 25.336 0.948 0.596 0.593 0.581 
136 255.00 3.692 110.49 8.929 0.950 1.150 1.147 1.125 
137 380.00 1.297 96.64 2.006 0.988 2.226 2.225 2.220 
138 375.00 1.920 85.72 10.844 0.929 0.924 0.921 0.899 
139 600.00 1.091 179.73 22.874 0.974 0.889 0.886 0.896 
140 435.00 1.920 141.80 4.828 0.974 1.750 1.749 1.733 
141 550.00 0.873 105.60 1.148 0.988 3.066 3.066 3.067 
142 555.00 1.297 143.49 1.310 0.986 3.351 3.351 3.347 
143 570.00 0.873 145.52 14.472 0.966 1.007 1.006 1.014 
144 577.50 1.297 240.85 20.546 0.972 1.093 1.092 1.095 
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Table C.4. Modular Frame Study Output (continued) 

Model 
# 

H 
(in.) 

α W 
 (kips) 

klat 
(kips/in.) nM  T 

 (sec.) 
Tr1 

(sec.) 
Tr2 

(sec.) 
145 190.00 2.526 37.11 4.195 0.970 0.955 0.954 0.951 
146 195.00 3.692 56.82 10.857 0.879 0.770 0.764 0.732 
147 420.00 1.846 60.12 5.505 0.972 1.039 1.035 1.057 
148 217.50 3.692 138.46 10.110 0.873 1.282 1.270 1.183 
149 380.00 1.297 22.36 3.646 0.931 0.789 0.789 0.792 
150 480.00 1.500 33.78 2.002 0.915 1.375 1.370 1.314 
151 390.00 1.297 58.14 2.402 0.979 1.568 1.566 1.573 
152 397.50 1.920 143.05 3.878 0.972 1.952 1.949 1.942 
153 550.00 0.873 42.73 2.700 0.942 1.262 1.261 1.272 
154 600.00 1.263 36.23 2.123 0.925 1.315 1.314 1.321 
155 600.00 0.873 117.56 4.414 0.976 1.647 1.645 1.650 
156 577.50 1.297 145.02 1.133 0.983 3.609 3.608 3.617 
157 190.00 2.526 46.08 3.995 0.962 1.108 1.107 1.086 
158 210.00 3.692 61.13 5.412 0.866 1.147 1.141 1.075 
159 210.00 2.526 82.34 6.926 0.983 1.108 1.106 1.103 
160 217.50 3.692 99.53 25.775 0.786 0.711 0.700 0.628 
161 380.00 1.297 79.60 3.069 0.986 1.630 1.630 1.628 
162 375.00 1.920 113.45 14.810 0.927 0.915 0.912 0.885 
163 390.00 1.297 112.17 2.383 0.993 2.192 2.191 2.194 
164 435.00 1.920 209.29 25.005 0.952 0.941 0.936 0.925 
165 560.00 0.873 118.69 11.191 0.960 1.033 1.033 1.041 
166 570.00 1.297 150.32 1.611 0.973 3.104 3.104 3.088 
167 600.00 0.873 208.76 4.211 0.987 2.246 2.245 2.251 
168 577.50 1.297 160.69 14.055 0.953 1.078 1.076 1.081 
169 190.00 2.526 19.10 2.578 0.916 0.895 0.893 0.870 
170 195.00 3.692 56.82 11.583 0.863 0.752 0.745 0.708 
171 420.00 1.846 60.25 5.966 0.972 0.999 0.995 1.016 
172 217.50 3.692 70.80 4.686 0.915 1.297 1.289 1.243 
173 380.00 1.297 22.36 3.646 0.931 0.789 0.789 0.792 
174 375.00 1.920 58.69 2.184 0.971 1.664 1.664 1.658 
175 390.00 1.297 111.83 2.168 0.989 2.293 2.291 2.296 
176 435.00 1.920 143.93 3.536 0.973 2.052 2.048 2.040 
177 620.00 0.774 46.43 3.749 0.950 1.126 1.126 1.125 
178 555.00 1.297 33.78 1.148 0.924 1.731 1.730 1.735 
179 660.00 0.857 120.82 5.570 0.974 1.480 1.478 1.489 
180 615.00 1.297 147.11 2.136 0.979 2.652 2.650 2.654 
181 200.00 2.526 50.26 15.286 0.944 0.595 0.595 0.580 
182 195.00 3.692 56.80 15.290 0.722 0.723 0.713 0.616 
183 240.00 2.526 93.31 28.244 0.938 0.603 0.600 0.581 
184 255.00 3.692 180.67 46.431 0.886 0.665 0.657 0.631 
185 370.00 1.297 93.37 2.093 0.991 2.139 2.138 2.136 
186 375.00 1.920 113.10 2.145 0.987 2.329 2.329 2.322 
187 480.00 1.263 138.40 19.501 0.970 0.859 0.858 0.852 
188 435.00 1.920 147.07 19.938 0.945 0.884 0.881 0.868 
189 560.00 0.873 111.54 3.223 0.982 1.876 1.876 1.881 
190 600.00 1.263 155.92 4.280 0.969 1.938 1.938 1.930 
191 570.00 0.873 143.16 1.566 0.991 3.051 3.051 3.057 
192 615.00 1.297 174.46 13.304 0.960 1.158 1.156 1.158 
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Table C.5. Clear Span Panel Zone and Shear Study 

Fundamental Period Estimate (sec.) Model 
# Case A Case B Case C Case D Case E Case F 
1 0.546 0.540 0.520 0.514 0.541 0.535 
2 0.571 0.568 0.566 0.563 0.530 0.526 
3 0.606 0.603 0.603 0.600 0.567 0.562 
4 0.602 0.596 0.570 0.564 0.620 0.614 
5 0.881 0.874 0.850 0.842 0.866 0.858 
6 0.910 0.906 0.896 0.892 0.875 0.870 
7 0.646 0.636 0.622 0.612 0.684 0.673 
8 1.124 1.114 1.099 1.089 1.128 1.118 
9 1.106 1.099 1.074 1.067 1.094 1.087 

10 0.737 0.729 0.704 0.696 0.767 0.758 
11 1.798 1.786 1.719 1.707 1.797 1.785 
12 1.377 1.369 1.342 1.334 1.377 1.369 
13 0.527 0.516 0.502 0.491 0.530 0.519 
14 0.527 0.521 0.516 0.510 0.481 0.474 
15 0.680 0.677 0.675 0.672 0.620 0.616 
16 0.675 0.658 0.636 0.619 0.836 0.819 
17 1.625 1.611 1.575 1.561 1.591 1.577 
18 1.295 1.290 1.283 1.277 1.224 1.218 
19 0.877 0.851 0.825 0.797 1.088 1.058 
20 2.282 2.264 2.201 2.183 2.269 2.251 
21 1.427 1.415 1.404 1.391 1.386 1.373 
22 1.052 1.016 0.990 0.951 1.437 1.394 
23 2.485 2.461 2.384 2.359 2.493 2.468 
24 1.414 1.399 1.407 1.392 1.368 1.352 
25 0.608 0.601 0.583 0.577 0.609 0.603 
26 0.498 0.495 0.489 0.485 0.472 0.468 
27 0.527 0.525 0.525 0.523 0.472 0.469 
28 0.853 0.847 0.818 0.811 0.865 0.857 
29 1.039 1.033 1.006 0.999 1.023 1.017 
30 0.947 0.942 0.930 0.924 0.913 0.908 
31 0.805 0.795 0.772 0.761 0.844 0.832 
32 1.578 1.568 1.521 1.511 1.567 1.557 
33 1.224 1.217 1.207 1.199 1.202 1.194 
34 0.968 0.958 0.932 0.922 1.012 1.001 
35 0.789 0.780 0.763 0.754 0.803 0.794 
36 1.179 1.171 1.146 1.138 1.174 1.166 
37 1.102 1.089 1.046 1.033 1.082 1.069 
38 0.541 0.535 0.531 0.525 0.493 0.486 
39 0.760 0.758 0.757 0.754 0.689 0.687 
40 1.604 1.584 1.524 1.503 1.639 1.618 
41 0.863 0.851 0.840 0.827 0.864 0.852 
42 0.940 0.933 0.923 0.916 0.893 0.887 
43 2.545 2.510 2.398 2.362 2.602 2.565 
44 2.048 2.028 1.996 1.975 2.064 2.044 
45 1.102 1.088 1.099 1.084 1.053 1.038 
46 2.886 2.830 2.751 2.693 3.031 2.970 
47 1.347 1.324 1.283 1.259 1.419 1.396 
48 2.284 2.266 2.241 2.223 2.257 2.239 
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Table C.5. Clear Span Panel Zone and Shear Study (continued) 

Fundamental Period Estimate (sec.) Model 
# Case A Case B Case C Case D Case E Case F 

49 0.625 0.616 0.582 0.573 0.620 0.612 
50 0.451 0.447 0.446 0.442 0.411 0.407 
51 0.543 0.538 0.538 0.532 0.518 0.510 
52 0.826 0.817 0.788 0.778 0.842 0.832 
53 0.881 0.874 0.850 0.842 0.866 0.858 
54 0.810 0.806 0.798 0.794 0.765 0.760 
55 0.646 0.636 0.622 0.612 0.684 0.673 
56 1.491 1.483 1.438 1.429 1.488 1.479 
57 1.603 1.594 1.568 1.559 1.575 1.566 
58 0.955 0.945 0.915 0.906 1.005 0.994 
59 0.980 0.971 0.943 0.934 1.008 1.000 
60 1.673 1.662 1.621 1.610 1.655 1.644 
61 0.645 0.632 0.605 0.591 0.642 0.628 
62 0.716 0.710 0.697 0.691 0.670 0.664 
63 0.563 0.559 0.559 0.555 0.510 0.504 
64 1.578 1.557 1.481 1.458 1.602 1.579 
65 1.283 1.271 1.266 1.253 1.273 1.260 
66 1.970 1.962 1.954 1.946 1.924 1.917 
67 0.857 0.831 0.806 0.779 1.084 1.055 
68 2.275 2.254 2.226 2.205 2.280 2.259 
69 1.161 1.150 1.117 1.106 1.153 1.142 
70 1.043 1.008 0.982 0.945 1.437 1.395 
71 1.618 1.600 1.557 1.538 1.765 1.746 
72 3.203 3.185 3.128 3.110 3.190 3.171 
73 0.528 0.519 0.492 0.483 0.524 0.515 
74 0.442 0.438 0.435 0.431 0.401 0.397 
75 0.517 0.513 0.513 0.509 0.473 0.466 
76 1.114 1.106 1.057 1.048 1.118 1.109 
77 1.001 0.994 0.965 0.958 0.986 0.979 
78 0.999 0.993 0.978 0.972 0.960 0.953 
79 0.912 0.904 0.866 0.858 0.947 0.939 
80 1.633 1.621 1.561 1.549 1.618 1.607 
81 1.174 1.166 1.145 1.137 1.146 1.138 
82 1.185 1.174 1.140 1.129 1.241 1.227 
83 1.045 1.039 0.993 0.986 1.087 1.080 
84 1.823 1.811 1.783 1.771 1.840 1.828 
85 0.518 0.506 0.497 0.485 0.523 0.511 
86 0.527 0.521 0.516 0.510 0.481 0.474 
87 0.717 0.714 0.711 0.708 0.653 0.650 
88 1.465 1.443 1.393 1.370 1.506 1.482 
89 1.818 1.805 1.782 1.768 1.774 1.761 
90 2.024 2.016 2.007 1.999 1.970 1.962 
91 2.769 2.733 2.613 2.576 2.819 2.780 
92 1.088 1.076 1.087 1.075 1.060 1.047 
93 1.026 1.016 1.025 1.015 0.968 0.957 
94 1.932 1.890 1.825 1.781 2.019 1.972 
95 1.337 1.314 1.284 1.260 1.423 1.399 
96 1.479 1.465 1.419 1.404 1.473 1.458 
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Table C.6. Modular Panel Zone and Shear Study 

Fundamental Period Estimate (sec.) Model 
# Case A Case B Case C Case D Case E Case F 

97 0.885 0.880 0.850 0.844 0.864 0.858 
98 0.975 0.971 0.953 0.949 0.924 0.920 
99 1.040 1.026 0.997 0.983 1.031 1.016 
100 1.173 1.162 1.140 1.129 1.171 1.159 
101 1.066 1.056 1.015 1.004 1.075 1.064 
102 1.801 1.793 1.734 1.725 1.785 1.777 
103 1.994 1.981 1.897 1.883 2.006 1.992 
104 2.271 2.254 2.202 2.185 2.263 2.247 
105 0.861 0.852 0.828 0.819 0.877 0.868 
106 1.856 1.843 1.781 1.767 1.859 1.845 
107 2.083 2.052 1.992 1.960 2.124 2.092 
108 2.283 2.262 2.171 2.149 2.355 2.334 
109 1.076 1.063 1.017 1.004 1.040 1.026 
110 1.235 1.229 1.203 1.197 1.174 1.168 
111 0.627 0.611 0.607 0.590 0.611 0.594 
112 1.098 1.085 1.053 1.040 1.084 1.070 
113 0.887 0.870 0.870 0.852 0.865 0.847 
114 2.240 2.229 2.172 2.161 2.203 2.192 
115 2.225 2.194 2.091 2.060 2.224 2.193 
116 0.868 0.854 0.839 0.824 0.849 0.834 
117 1.060 1.045 1.050 1.035 1.062 1.046 
118 1.073 1.061 1.065 1.053 1.049 1.036 
119 1.173 1.151 1.166 1.144 1.140 1.116 
120 1.205 1.186 1.204 1.185 1.161 1.141 
121 1.125 1.116 1.073 1.063 1.101 1.090 
122 1.255 1.248 1.205 1.199 1.214 1.207 
123 0.783 0.772 0.748 0.737 0.780 0.769 
124 1.479 1.464 1.405 1.390 1.441 1.425 
125 0.964 0.959 0.928 0.924 0.990 0.985 
126 1.391 1.385 1.337 1.331 1.378 1.372 
127 1.553 1.527 1.491 1.464 1.566 1.540 
128 3.639 3.611 3.400 3.372 3.584 3.555 
129 1.329 1.321 1.285 1.278 1.348 1.340 
130 1.739 1.724 1.675 1.660 1.747 1.732 
131 1.213 1.197 1.149 1.132 1.262 1.245 
132 1.782 1.760 1.709 1.687 1.812 1.790 
133 1.086 1.076 1.032 1.022 1.055 1.044 
134 1.113 1.098 1.048 1.033 1.062 1.046 
135 0.596 0.587 0.578 0.568 0.584 0.574 
136 1.150 1.136 1.105 1.090 1.105 1.090 
137 2.226 2.210 2.111 2.094 2.206 2.189 
138 0.924 0.910 0.918 0.904 0.883 0.868 
139 0.889 0.868 0.858 0.836 0.923 0.901 
140 1.750 1.728 1.694 1.671 1.726 1.704 
141 3.066 3.044 2.934 2.911 3.128 3.105 
142 3.351 3.326 3.143 3.118 3.286 3.261 
143 1.007 0.992 0.999 0.984 1.017 1.003 
144 1.093 1.070 1.037 1.013 1.109 1.085 
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Table C.6. Modular Panel Zone and Shear Study (continued) 

Fundamental Period Estimate (sec.) Model 
# Case A Case B Case C Case D Case E Case F 

145 0.955 0.946 0.888 0.878 0.940 0.930 
146 0.770 0.761 0.728 0.719 0.743 0.733 
147 1.039 1.029 0.995 0.984 1.045 1.035 
148 1.282 1.270 1.252 1.239 1.220 1.207 
149 0.789 0.782 0.759 0.752 0.805 0.798 
150 1.375 1.370 1.336 1.331 1.381 1.376 
151 1.568 1.553 1.502 1.486 1.577 1.561 
152 1.952 1.929 1.878 1.855 1.936 1.913 
153 1.262 1.254 1.202 1.194 1.307 1.299 
154 1.315 1.305 1.270 1.260 1.325 1.315 
155 1.647 1.620 1.573 1.546 1.694 1.667 
156 3.609 3.586 3.424 3.400 3.620 3.596 
157 1.108 1.099 1.059 1.050 1.075 1.065 
158 1.147 1.139 1.113 1.105 1.090 1.081 
159 1.108 1.093 1.049 1.033 1.086 1.070 
160 0.711 0.703 0.701 0.693 0.658 0.649 
161 1.630 1.615 1.555 1.538 1.634 1.618 
162 0.915 0.896 0.896 0.877 0.876 0.855 
163 2.192 2.169 2.073 2.049 2.195 2.171 
164 0.941 0.919 0.938 0.916 0.913 0.889 
165 1.033 1.016 1.001 0.983 1.069 1.051 
166 3.104 3.085 3.005 2.986 3.093 3.074 
167 2.246 2.209 2.149 2.111 2.346 2.308 
168 1.078 1.065 1.076 1.062 1.058 1.044 
169 0.895 0.890 0.860 0.855 0.869 0.863 
170 0.752 0.744 0.710 0.702 0.720 0.711 
171 0.999 0.987 0.953 0.940 1.003 0.990 
172 1.297 1.285 1.255 1.243 1.246 1.235 
173 0.789 0.782 0.759 0.752 0.805 0.798 
174 1.664 1.653 1.575 1.564 1.637 1.626 
175 2.293 2.271 2.178 2.157 2.310 2.288 
176 2.052 2.024 1.975 1.947 2.029 2.001 
177 1.126 1.116 1.080 1.070 1.147 1.136 
178 1.731 1.724 1.668 1.661 1.723 1.715 
179 1.480 1.458 1.384 1.361 1.556 1.534 
180 2.652 2.625 2.540 2.512 2.680 2.653 
181 0.595 0.588 0.572 0.565 0.581 0.574 
182 0.723 0.719 0.712 0.708 0.673 0.669 
183 0.603 0.592 0.593 0.582 0.585 0.573 
184 0.665 0.652 0.644 0.631 0.629 0.614 
185 2.139 2.123 2.005 1.989 2.118 2.101 
186 2.329 2.314 2.162 2.146 2.250 2.234 
187 0.859 0.837 0.841 0.818 0.874 0.851 
188 0.884 0.867 0.859 0.842 0.873 0.855 
189 1.876 1.857 1.788 1.768 1.971 1.950 
190 1.938 1.920 1.869 1.850 2.057 2.038 
191 3.051 3.023 2.930 2.902 3.291 3.262 
192 1.158 1.136 1.156 1.134 1.136 1.113 
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