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A comprehensive and rigorous probabilistic methodology for performance-

based earthquake engineering (PBEE) has been under development under the auspice 

of the Pacific Earthquake Engineering Research (PEER) Center over the past thirteen 

years. The probabilistic estimation of the seismic demand is an important part of the 

PBEE methodology and consists of a two-step procedure: probabilistic seismic hazard 

analysis (PSHA), and probabilistic seismic demand analysis (PSDA). Two 

shortcomings are identified in past applications of the PBEE methodology: (i) the use 

of a single, or scalar, ground motion intensity measure (IM) which is typically taken as 
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the 5% damped linear spectral acceleration, Sa(T1), at the fundamental period of the 

structure;  and (ii) the use of testbed applications based on two-dimensional (2-D) 

finite element (FE) models (e.g., 2-D frame models) of the considered structures, 

which are three-dimensional in nature and cannot always be reduced to 2-D models. 

Sa(T1) represents an inefficient and insufficient predictor of the nonlinear structural 

response for structures with significant higher mode effects and significantly different 

fundamental periods in two orthogonal directions. 

This dissertation addresses both shortcomings. First, a simplified and 

computationally efficient vector-valued PSHA (VPSHA), making use of USGS scalar 

probabilistic seismic hazard maps results, is proposed. Second, a PSDA of an 

advanced 3-D nonlinear FE model of the 13-story National Earthquake Hazards 

Reduction Program (NEHRP) reinforced-concrete frame-wall building design example 

is performed based on the simplified VPSHA for a specific site located in Berkeley, 

California. Nonlinear dynamic time-history analyses (NDTHA) are performed by 

subjecting the 3-D nonlinear FE model to an ensemble of 90 bi-directional (horizontal) 

historical earthquake ground motions. The FE model was developed in OpenSees and 

results of the FE analyses are used to establish a statistical model between the IMs and 

different EDPs (e.g., roof drift ratio, interstory drift ratios, and floor absolute 

accelerations). Based on the computational results from NDTHA, it is found that, for 

the building structure considered, a vector-valued IM consisting of multiple spectral 

accelerations at different periods of interest is a sufficient and more efficient predictor 

of the structural response, and therefore provides for more reliable and mode accurate 

PSDA results. 
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  CHAPTER 1

 

INTRODUCTION 

1.1. MotivationEquation Chapter (Next) Section 1 

Several earthquakes in the past couple of years have highlighted the 

importance that proper seismic design have on life safety and structural collapse 

prevention of building structures (Haiti 2010, Maule 2010, Tohuko 2011). On the one 

hand, Haiti 7.0 Mw earthquake produced many deaths. Furthermore, many building 

collapsed, and in all the Haiti earthquake lead to catastrophic impacts on the social and 

economic resilience of the whole country. On the other hand, in the Maule Mw 8.8 

earthquake in Chile and the Tohuko Mw 9.0 earthquake in Japan, the collapse of 

buildings due the strong ground motions alone was limited. The main difference 

between the damage seen in last year’s Haiti earthquake and the ones seen in the Chile 

or the Japan earthquakes has to do with the existence of adequate engineering building 
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design and construction guidelines. In Haiti, seismic hazards were not accounted for in 

the design of the building structures, mainly because of the lack of official building 

codes, but also because of wide spread poverty and outright corruption, which also 

hinder the application of good building practices. In both Chile and Japan, countries 

that have experienced recent strong shaking since the 1980’s, building codes and 

regulations are of the highest standards and most buildings performed well under 

extreme seismic ground shaking. Tsunami induced collapse and damage aside, little or 

no structural collapses were observed in the both Chile and Japan. However, in Chile, 

extensive damage was observed in a few high-rise reinforced concrete structural wall 

buildings that did not collapse, but still had to be demolished due to extensive 

structural damage. These buildings were mainly residential buildings and shear wall 

lateral resisting systems were generally used in the buildings that showed structural 

damage (Rojas 2010). The code dispositions for walls in Chile were identical to the 

U.S. American Concrete Institute (ACI 318-95) code, with minor differences, and thus 

US engineers have been particularly interested in learning several lessons from the 

structural damage seen in the aftermath of Chile’s earthquake. These lessons are now 

guiding new experimental and computational research in earthquake engineering in the 

areas of design and assessment of building structures. As new and better design 

methodologies are put into place that also account for more sustainable and resilient 

designs, performance-based earthquake engineering methodologies can be used for 

assessing trade-offs in improving performance by providing a framework robust 

structural assessment and design of new structures. 
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1.2. Performance-based earthquake engineering 

Performance-based earthquake engineering (PBEE) has been developed under 

the auspice of the Pacific Earthquake Engineering Research (PEER) Center over the 

past decade for design of new and assessment of existing structures (Cornell and 

Krawinkler 2000, Moehle and Deierlein 2004). PBEE aims at quantifying the seismic 

performance and risk of engineered facilities using metrics that are understandable by 

both engineers and stakeholders. PBEE stands on the premise that performance can be 

predicted and evaluated with quantifiable confidence in order to make intelligent and 

informed decisions based on life-cycle considerations. To achieve this objective, 

PEER has focused on fundamental experimental research in order to better understand 

main sources of uncertainties, and at the same time has focused on developing 

methods of performance assessment that account for effects of all pertinent sources of 

uncertainties that enter the performance prediction process. The sources of uncertainty 

range from earthquake occurrence modeling to the assessment of earthquake 

consequences such as casualties, dollar losses and downtime (Porter et al. 2002, Conte 

and Zhang 2007). The PBEE methodology was first applied to existing facilities 

(buildings, bridges, network of highway bridges, campuses of buildings) within the 

PEER testbed program. PBEE is now being applied in the development of the next 

generation of building/design codes, such as, ATC-58 and ATC-63.  

Figure 1.1 illustrates the PBEE model and the interface variables IM, EDP, 

DM and DV. The methodology developed by PEER integrates the following four steps 

in a unified probabilistic framework: (i) seismic hazard analysis, (ii) seismic demand 
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analysis, (iii) fragility analysis, and (iv) loss analysis. This framework uses as interface 

variables the ground motion Intensity Measure (IM), the Engineering Demand 

Parameter (EDP) and the Damage Measure (DM). This dissertation deals only with the 

first two analytical steps of the PBEE methodology, which due the probabilistic nature 

of the analyses performed are designated, respectively, as: (i) probabilistic seismic 

hazard analysis (PSHA), and (ii) probabilistic seismic demand analysis (PSDA). 

 

1.3. Current shortcomings in the application of probabilistic seismic demand 

analysis (problem statement) 

Two shortcomings have been identified in the application of the first two steps 

of the PBEE methodology:  

(i) The first shortcoming is related to the use of a single, or scalar, ground 

motion intensity measure (IM) to characterize the ground motions and their 

effects on the structural response. The scalar IM commonly used in PSHA is 

the 5% damped linear spectral acceleration at a given period ( )1, 5%aS T ξ = , 

 
 

Figure 1.1: Illustration of the Performance-Based Earthquake Engineering (PBEE) 
model and interface variables IM, EDP, DM, and DV.  
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where T1 denotes a characteristic period of the structure most often taken as 

the fundamental period. ( )1, 5%aS T ξ = , or simply ( )1aS T , has been shown to 

be an inefficient and insufficient predictor of the structural response for 

structures that exhibit highly nonlinear response, significant higher mode 

effects, and have significantly different fundamental periods in two 

orthogonal directions (Shome 1999, Luco and Cornell 2002, Baker 2005, 

Faggella 2008). To address the first shortcoming discussed above, vector-

valued probabilistic seismic hazard analysis (VPSHA) and corresponding 

probabilistic seismic demand analysis based on vector-valued IMs were 

developed in 1998 (Bazzurro 1998, Shome et al. 1999). To date, due to 

inherent computational complexities of VPSHA, its use in practice is still 

rather limited.  

(ii) The second shortcoming identified is that, in the past decade, the PEER 

testbed applications that have been performed for validation purposes made 

use of two-dimensional (2-D) finite element (FE) models (e.g., 2-D frame 

models) of the considered structures, which are three dimensional in nature 

and cannot always reduce reliability to 2-D models. Furthermore, extensive 

experimental research has been carried out to study the behavior of 

reinforced concrete walls and frame-wall systems, and several nonlinear 

formulations for modeling of concrete walls have been developed. Even 

though refined modeling approaches for concrete walls can be adopted, they 

typically involve significant pre- and post-processing efforts and very time 
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consuming computations. Therefore, there is a need for use of relatively 

simple models that provide “high-fidelity” estimates of the nonlinear 

dynamic response quantities with reduced computer run times of 3-D 

computational models of frame-wall buildings, and/or use of distributed 

computing resources. 

Figure 1.2 provides a graphical sketch of the main identified shortcomings in 

the application of the PBEE.  

 

1.4. Research objectives and contributions 

The main goal of this dissertation is to address the shortcomings in the 

application of the PEER PBEE enunciated above. To achieve this goal the following 

research objectives are set: (i) development of sufficient and efficient intensity 

measures, (ii) development of simplified and computationally efficient methods for 

performing vector-valued probabilistic seismic hazard analysis, (iii) development of 

accurate nonlinear FE models for frame-wall buildings, and (iv) robust procedures to 

account for vector-valued intensity measures. 

Figure 1.2: Identified shortcomings in the application of the PBEE 
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The first and second research objectives were set to address the fact that 

( )1aS T  is neither sufficient nor efficient. This dissertation proposes a simplified and 

efficient approach for VPSHA that is based on the use of a vector of spectral 

accelerations at multiple periods. In this approach, publicly available scalar PSHA 

results are obtained from United States Geological Survey (USGS) probabilistic 

seismic hazard results, and these are combined by accounting for the statistical 

correlation coefficients between spectral accelerations at different periods. The 

formulation for PSDA based on the simplified VPSHA that makes use of the USGS 

probabilistic seismic scalar hazard results is also presented herein.  

The third and fourth research objectives address the second shortcoming 

enunciated in the previous section, where a PSDA of a 13-story reinforced concrete 

frame-wall building is performed based on the use of vector-valued IMs. The virtual 

reinforced-concrete frame-wall building was designed according to current ACI 318-

08 and ASCE 7-05 codes for a site located in Berkeley, California. An advanced three-

dimensional (3-D) nonlinear finite-element model was developed in the Open System 

for Earthquake Engineering Simulation (OpenSees) software, and it is subjected to an 

ensemble of 90 bi-directional (horizontal) historical earthquake ground motions. 

Results of the FE analysis are used to establish a statistical model between the IMs and 

different structural response parameters (e.g., roof drift ratio, interstory drift ratios, and 

floor absolute accelerations), designated herein as engineering demand parameters 

(EDPs). In this FE model, force-based fiber-section nonlinear beam-column elements 

are used to model beams and columns, nonlinear truss elements in combination with 
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force-based beam-column elements are used to model the structural walls, and several 

phenomenological models (e.g. for the modeling of the diaphragm, and beam-column 

joints) are developed to characterize realistically the structural response at the 

component level, and consequently also provide for reliable estimates of global 

response parameters (e.g. displacement, absolute acceleration and building force 

demands) at the system level.  

To alleviate the computational demand of the large number of 3-D nonlinear 

FE analyses, the Open Science Grid opportunistic computational resources were used. 

To this end, a Direct Job Submission Production-demo Phase for Integration of 

OpenSees on the Open Science Grid was completed, and guidelines for computation 

and data management of a large number of OpenSees runs and parameters were 

developed.  

Figure 1.3 provides an overview of areas in which contributions are made with 

the work presented in this dissertation. The first contribution of this dissertation is the 

proposed sufficient and efficient IM. The proposed IMs are used in a simplified 

vector-valued PSHA that incorporates the USGS scalar PSH results. The use of the 

simplified VPSHA with the USGS results provides for an efficient computational 

framework for the VPSHA which was a second contribution of this dissertation. 

Contributions are also made in the areas of nonlinear finite element modeling 

approaches for building frame-wall structures. First, a nonlinear dynamic truss 

modeling approach for 3-D structural wall components is proposed, and second, a 

phenomenological approach for modeling diaphragms for inclusion in nonlinear FE 
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models of buildings is presented. The combination of the validated nonlinear FE 

models with the simplified VPSHA, provides for robust structural analysis procedures 

that make use of vector-valued IMs. It should be emphasized, however, that the main 

focus of this dissertation is on the development of a vector of ground motion 

parameters to provide better predictions of the structural response and consequently 

provide for more accurate estimates of the mean annual rate of exceedance of a 

specific threshold on EDP. 

 

 
Figure 1.3: Overview of the research objectives and areas of contribution of this 

dissertation to PBEE  
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1.5. Dissertation outline 

The dissertation has been divided into eight chapters, the contents of which are 

outlined below. 

Chapter 2 presents developments made in the realm of probabilistic seismic 

hazard analysis. First, the background to conventional probabilistic seismic hazard 

analysis (PSHA) is presented. Then, an alternative simplified and efficient approach to 

vector-valued PSHA (VPSHA) is proposed. The new approach proposed for VPSHA 

makes use of United States Geological Survey (USGS) publicly-available results of 

conventional scalar PSHA (Petersen et al. 2008) for ( )aS T  at different periods of 

interest T, and combines them appropriately by accounting for the statistical 

correlation between spectral accelerations at different periods and for a given site 

(Baker and Jayaram 2008), to obtain the seismic hazard of a vector-valued ground 

motion IM. Even though any set of IMs can be used in this proposed approach, 

currently, the vector of intensity measures used is limited to spectral accelerations at 

multiple periods since correlation coefficients are only available in the literature for 

these quantities.  

Chapter 3 presents the adjustments made to conventional probabilistic seismic 

demand analysis (PSDA) so that VPSHA results may be incorporated in the PSDA. In 

this chapter, first, a brief overview of conventional PSDA is presented. Next, an 

extended form of the PSDA equation that accounts for uncertainties in the model class 

and in model parameters (Muto and Beck, 2006) is proposed. Then, the conventional 

PSDA is extended to account for results of the simplified VPSHA in the PSDA 
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computations. This format of the PSDA equation accounts for a vector-valued ground 

motion IM and extends the formulation presented by Bazzurro et al. (2009). 

Description of the software implementation details for the use of the USGS scalar 

probabilistic seismic hazard results is also presented. Issues related with the prediction 

of the structural response for the vector-valued IM based on multiple spectral 

accelerations at different periods are discussed. Finally, in this chapter, the formulation 

for vector-valued probabilistic seismic demand analysis (VPSDA) is established. 

Chapter 4 presents the development of a three-dimensional (3-D) nonlinear 

truss modeling approach for simulation of the nonlinear dynamic response of 

structural walls. Numerical results obtained with this model are compared to numerical 

results obtained using the two-dimensional (2-D) modeling approach developed by 

Panagiotou and Restrepo (2011) and experimental results obtained from the literature. 

Three case studies are used to validate the modeling approach. The first two case 

studies correspond to structural wall components that were cyclically tested. The last 

case study corresponds to the full-scale seven-story reinforced concrete wall building 

slice that was tested on the NEES-UCSD shake table in 2006. As part of the model 

validation efforts, in the last case study, two different nonlinear FE models are 

developed. In the first model, the nonlinear dynamic truss modeling approach 

presented is used to model the web wall, while, in the second model, the main 

structural wall is modeled using force-based nonlinear fiber beam-column elements. 

Finally, representative responses of the models subjected to a sequence of the shake 

table inputs are presented and compared to experimental responses.  
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Chapter 5 presents approaches for modeling of different building structural 

components. The structural components considered include columns, beam-column 

joints, and floor diaphragms. The modeling approaches used for columns and bram-

column joints are gathered from the literature, while a new phenomenological 

modeling approach for floor diaphragms is proposed. Significant and comprehensive 

validation is performed for each component with the goal of establishing a realistic 3-

D nonlinear FE model of a 13-story reinforced concrete building. The modeling 

approach proposed for the diaphragms accounts for plastic hinge elongation in beams 

and due to lack of experimental data on structural systems, a representative 

subassembly experiment was used for model validation.  

Chapter 6 presents an advanced three-dimensional (3-D) nonlinear FE model 

of the 13-story National Earthquake Hazards Reduction Program (NEHRP) reinforced 

concrete frame-wall building design example (FEMA451 2006). The building was re-

designed according to current code requirements in the United States, namely ACI 

318-08 and ASCE-7-05 (Barbosa 2009). Based on experimentally validated 

computational models presented in Chapters 4 and 5, a realistic nonlinear FE model 

that captures the expected nonlinear behavior of the building structure is developed. 

Nonlinear dynamic time-history analyses (NDTHAs) of the 3-D building model are 

performed using the Open System for Earthquake Engineering Simulations (OpenSees 

2011) software. The computed response of the nonlinear FE model subjected to bi-

directional horizontal seismic input from historical ground motion records allows for 
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an in-depth understanding of the behavior of the computational model. Thus in this 

chapter, insight is gained into the nonlinear seismic response of frame-wall systems. 

Chapter 7 presents the probabilistic seismic demand analysis (PSDA) of the 

13-story NEHRP reinforced concrete building design example. The formulations 

proposed in Chapter 2 and Chapter 3 are exercised on the nonlinear FE model 

developed in Chapter 6. The “cloud” method is used for establishing predictive models 

of the building response based scalar and vector-valued IMs. Computability, 

efficiency, and sufficiency of the scalar and vector-valued IMs used are addressed. 

Finally, in this chapter, comparative studies between the PSDA results based on scalar 

and vector-valued IMs (using the simplified VPSDA approach) are presented, 

illustrating the importance of considering vector-valued IMs for certain response 

quantities. 

Chapter 8 summarizes the research work performed in this dissertation, 

presents the main conclusions, emphasizes the main original contributions and 

findings of the research work, and discusses future research direction and 

recommendations.  
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  CHAPTER 2

 

VECTOR-VALUED PROBABILISTIC 

SEISMIC HAZARD ANALYSIS 

2.1. Summary Equation Chapter (Next) Section 1 

In the past 13 years, the Pacific Earthquake Engineering Research (PEER) 

center has focused on the development of methodologies and tools for performance-

based earthquake engineering (PBEE) of building and bridge structures (Cornell and 

Krawinkler 2000; Krawinkler 2002; Deierlein et al 2003; Krawinkler and Miranda 

2004; Moehle and Deierlein 2004). Although PEER initially concentrated its efforts 

on the assessment of building and bridge structures, the PEER PBEE framework was 

orchestrated so that it would also be used for design of new structures, and very 

recently, it has become an instrumental tool in the development of new guidelines for 

design of tall buildings (Moehle 2007; Bozorgnia, et al. 2009). Be it in the design of 
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new or the assessment existing of structures, one of the challenges in the evaluation of 

structural performance is the prediction of the seismic response of the structure when 

subjected to strong earthquakes.  

The probabilistic estimation of the seismic demand is an important part of the 

PBEE methodology and consists of a two-step procedure. The first step is referred to 

as probabilistic seismic hazard analysis (PSHA), and the second step is known as 

probabilistic seismic demand analysis (PSDA). This chapter addresses the first step–

the PSHA. 

Conventional PSHA provides the mean annual rate of exceeding a specified 

value of a single, or scalar, ground motion intensity measure IM, such as the 5% 

damped linear spectral acceleration at a given period ( )1, 5%aS T ξ = . The spectral 

acceleration ( )1, 5%aS T ξ =  the maximum acceleration of a single-degree-of-freedom 

(SDOF) system with a period of vibration 1T  and damping ratio ξ , typically taken as 

5%ξ = . Although ( )1, 5%aS T ξ = , or simply ( )1aS T , is the most widely used ground 

motion IM  in scalar PSHA, it has been shown by several authors that ( )1aS T  can be 

an inefficient and insufficient predictor of the structural response for structures that 

exhibit nonlinear response, significantly different fundamental periods in two 

orthogonal directions, or significant higher mode effects (Shome 1999, Luco and 

Cornell 2002, Baker 2005, Faggella 2008). 

To address the fact that ( )1aS T  is often not efficient nor sufficient, and my lead 

to incorrect results in the probabilistic demand hazard analysis, the formulation of 
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PSHA based on a vector of ground motion intensity measures (VPSHA) was 

developed by Bazzurro, (1998) along with the formulation for vector-valued 

probabilistic seismic demand analysis (VPSDA). Both VPSHA and VPSDA looked 

promising, but due to inherent computational complexities of the VPSHA, its use in 

practice have been rather limited (Bazzurro et al. 2009). 

This chapter proposes an alternative, simplified, and efficient approach to 

VPSHA that is based on the use of a vector of spectral accelerations at multiple 

periods. The new approach proposed for VPSHA makes use of United States 

Geological Survey (USGS) publicly available results of conventional scalar PSHA for 

( )aS T  at different periods T of interest (Petersen et al. 2008) and combines them 

appropriately, accounting for the statistical correlation between spectral accelerations 

at different periods for a given site (Baker and Jayaram 2008), to obtain the seismic 

hazard of a vector-valued ground motion IM. Since the seismic hazard is defined in 

terms of a vector of ground motion IMs, it is crucial that the estimation of the seismic 

response be based on the same set of ground motion parameters. To this effect, several 

extensions also have to be made to the original VPSDA formulation of Bazzurro 

(1998). These extensions to VPSDA are discussed in Chapter 4. 

2.2. Introduction 

In past research, scalar IMs such as PGA were commonly used. Shome et al. 

(1998) found that the spectral acceleration at an elastic first-mode period ( )1aS T  of the 

structure was a more efficient IM when compared to PGA. Recent research has shown 
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that using ( )1aS T  alone as an IM may not be efficient nor sufficient in characterizing 

the ground motion intensity for multiple response parameters or Engineering Demand 

Parameters (e.g., interstory drift ratio, maximum floor acceleration, in one or two 

horizontal directions of the building), be it due to increased significance of higher 

mode participation in the dynamic response of the structure, or due to the period 

elongation when the structure undergoes significant nonlinear response (e.g., for 2-D 

analyses: Baker and Cornell (2005), Baker and Cornell (2006b), Luco and Cornell 

(2007), Tothong and Luco (2007) and for 3-D analyses: Faggella (2008). 

In many applications, the accuracy in estimating the seismic demand hazard 

can be significantly improved by considering the joint statistical behavior of multiple 

ground motion parameters gathered in a vector-valued IM. Bazzurro (1998) introduced 

the methodology for computing the joint hazard of multiple ground motion parameters 

through a hazard analysis, designated as vector-valued probabilistic seismic hazard 

analysis (VPSHA). Even though vector-valued IMs are very appealing and the 

framework for VPSHA was introduced more than 10 years ago, their proliferation in 

the industry has been reduced due to two main limitations. The first limitation has to 

do with the fact that there are only two existing seismic hazard computer codes 

incorporating vector-valued IMs. Furthermore, these computer codes only allow for 

the inclusion of two scalar IMs (Bazzurro et al. 2009), and access to the software and 

their documentation is limited. The second limitation is related to the fact that 

statistical correlation coefficients between ground motion parameters have only been 

developed for spectral accelerations at different periods at a given site (Baker and 
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Cornell 2006a; Baker and Jayaram 2008; Jayaram and Baker 2009). While some 

solutions for the first limitation have been proposed and will be addressed in this 

study, further research should also be undertaken in the future towards the 

determination of the correlation coefficients between other informative parameters of 

ground motion intensity — for instance, peak ground displacement (PGD), peak 

ground velocity (PGV), elastic or inelastic spectral displacements, duration of the 

ground motion, among others — so that these may also be included in VPSHA. 

In order to account for multiple ground motion parameters in the estimation of 

the seismic response, without having to face the current limitations of the full blown 

VPSHA, two main approaches have been proposed. The first approach involves the 

use of advanced scalar IMs that are a linear or nonlinear combination of multiple 

scalar IMs and make use of existing standard PSHA, typically by adapting existing 

ground motion prediction equations (GMPEs) and introducing these into the existing 

PSHA codes (Cordova et al. 2001; Baker and Cornell 2006b; Luco and Cornell 2007; 

Tothong and Luco 2007). In the second approach, introduced by Bazzurro and Cornell 

(2002), a simplified form of VPSHA can be used to compute the joint hazard by 

taking advantage of the results of conventional scalar PSHA, namely the (marginal) 

hazard curves for spectral accelerations at two different periods. Even though the 

initial developments of this simplified approach involved the use of an equation that 

was of limited application, as was recognized by Bazzurro et al. (2009), it led to the 

development of an efficient approach to simplified VPSHA that was first presented in 

2009 by Bazzurro et al. (2009). This approach makes use of scalar PSHA results 
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(hazard curves and deaggregations) and the statistical correlation matrix of all ground 

motion parameters included in the vector-valued IM . Bazzurro et al. (2009) 

developed the procedure for a vector IM consisting of three (3) spectral accelerations. 

The correlation matrix of spectral accelerations at different periods can be computed 

using results from Baker and Cornell (2006a) or Baker and Jayaram (2008) depending 

on the GMPEs used in the seismic hazard computation. 

2.3. Background to probabilistic seismic analysis (PSHA) 

The main goal in performance based seismic assessment and/or design of 

structures is to establish that a structure will perform with a desired behavior at a given 

reliability level accounting for the seismic hazard at the site. In order to be able to 

reliably predict the performance of a structure subjected to an earthquake excitation 

that has sufficient intensity to produce damage, the first topic that has to be addressed 

is the definition of the intensity of ground shaking. Since there is great uncertainty in 

the quantification of the ground shaking, be it in the definition of the location (e.g. 

location of the epicenter, extension of fault rupture), size (magnitude) and resulting 

intensity of a future earthquake, PSHA (Cornell 1968, McGuire 1995, Kramer 1996) 

was developed as an analytical tool that can be used to characterize probabilistically 

the seismic hazard. PSHA has become the most widely used method for assessing 

seismic hazard at a specific site. The theoretical framework of PSHA was developed 

by Cornell (1968) with the main objective of providing the mean annual rate (MAR) 

of seismic events with ground motion IM values exceeding specified levels of 

intensity. Cornell and co-workers (e.g. Shome et al. 1998, Luco and Cornell 2002) 
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have shown that for most civil structures (and for displacement or drift-based 

engineering demand parameters (EDPs)), the 5%  damped elastic spectral acceleration 

at a specified period of vibration (usually the fundamental period 1T ), ( )1, 5%aS T ξ = , 

is an efficient and sufficient predictor of the structural response. This IM, spectral 

acceleration at a given period and for 5% damping, is the ground motion parameter 

chosen for development of the latest U.S. probabilistic seismic hazard maps (Petersen 

et al. 2008). 

The mean annual rate (MAR) of IM exceeding a ground motion parameter 

value im is given by the seismic hazard analysis. PSHA integrates, according to the 

Total Probability Theorem (TPT), the contributions of all possible seismic sources and 

for each of them, all possible values of earthquake magnitude and source-to-site 

distance as: 

( ) ( ) ( )
1

,
Sources

i i

N

IM i i i M R
i r m

im P IM im M m R r f m f r dm drν ν
=

=  > = =  ∑ ∫ ∫  (2.1) 

where SourcesN  denotes the total number of seismic sources; ν i  is the mean annual rate 

of occurrence of earthquakes with magnitude greater than a lower bound threshold 

value, m0 (say 5), of seismic source i. The functions ( ) ( ) and  
i iM Rf m f r  denote the 

probability density functions of the magnitude Mi and source-to-site distance Ri, 

respectively, given the occurrence of an earthquake on seismic source i. It is assumed 

that earthquake occurrences at different sources are statistically independent (in terms 

of occurrence time, M, R, etc.), implying that earthquake occurrences from all possible 
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sources follow a Poisson process.  It is also assumed that within each seismic source i, 

the magnitude Mi and location Ri of different earthquakes are statistically independent. 

Thus, the summation in Equation (2.1) considers the contributions from all seismic 

sources, while the integrations over M and R account for earthquakes of all possible 

magnitudes and locations for each seismic source.  

The conditional probability ,P IM im M m R r > = =   , with 0im > , 

represents the complementary cumulative distribution function (CCDF) of the IM 

conditional on M and R and is given by a ground motion prediction equation (GMPE) 

— previously known as “attenuation relations” — which is dependent on the local and 

regional site conditions.  GMPEs are typically developed by applying statistical 

regression analyses to data either recorded or derived from recordings.  Different 

GMPEs for various IMs have been developed for different parts of the world. In the 

US, for example, in the development of the 2008 USGS PSHA code (Petersen et al. 

2008), eight GMPEs were selected for the eastern US, three were selected for southern 

California, and six were selected for the Pacific Northwest. In this model, for example, 

in a narrow transition region between eastern and western USA, there can be more 

than eight GMPEs in the model. For all sites in the western US, the three Next 

Generation of Attenuation models that are used are Boore–Atkinson 2008 (BA2008), 

Campbell–Bozorgnia 2008 (CB2008), and Chiou–Youngs 2008 (CY2008). Since the 

work presented in this study pertains to a site in California, the next subsection 

presents and discusses particularities of these three NGA models. 
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A crucial part in PSHA performed according to Equation (2.1) lies is the 

correct characterization of the significant sources of uncertainty. The sources of 

uncertainty in PSHA are considered in three main ways listed below (Kramer 1996) 

which are combined using the total probability theorem. 

1. Earthquake source characterization, which is achieved through explicit 

consideration of the spatial uncertainty, ( )Rf r , magnitude (or size) 

uncertainty, ( )Mf m , and the mean annual rate of occurrence, iν , at a given 

seismic source i: 

(i) In the source characterization of the earthquakes, all earthquake sources 

capable of producing damage have to be identified. Definition of these 

sources is based on available historical, seismological, and geophysical 

data. Typically, the geometries assumed for the earthquake sources are 

points, line or area sources, depending on their size and the degree of 

scientific knowledge of the geometry of the faults; 

(ii) Once the earthquake sources are identified and their geometry defined, the 

expected size (i.e. magnitude) of earthquakes is estimated. This is done by 

developing, for each source, rates of recurrence of earthquakes of given 

magnitude, which are based on the statistical analysis of historical records 

of earthquakes and, when available, paleoseismic studies of active faults. 

The magnitude of earthquakes that are expected to occur at a given site is 

given by a recurrence law (e.g. Gutenberg-Richter recurrence law) that 



23 

 

estimates the mean annual rate of occurrence, which—under a Poisson 

model—is associated with a distribution of the random variable M,  

(for , in the case of the Gutenberg-Richter recurrence law or in 

 in the case of modified Gutenberg-Richter recurrence laws); 

(iii) The distribution of source-to-site distances  associated with potential 

earthquakes also needs to be characterized. For a given earthquake source, 

it is generally assumed that earthquakes will occur with equal probability at 

any location of a fault (Kramer 1996). 

2. Ground motion prediction equations (GMPEs): GMPEs – also known as 

ground motion models or, until recently, as attenuations relations – are 

obtained through statistical regression of existing historical earthquake records, 

and have as output a mean regression model and associated variance of the IM 

given the occurrence of an earthquake. The distribution of the IM is also 

provided by GMPE and for a given definition of the ground motion IM, the 

probability that IM exceeds a specified intensity level im, is obtained as a 

function of earthquake magnitude, distance, and other source characteristics.  

3. Temporal uncertainty: to calculate the probabilities of various hazards 

occurring in a given period, the distribution of earthquake occurrence with 

respect to time must be considered. To derive an expression for the mean 

annual rate (MAR) of exceeding a ground motion parameter IM, it is necessary 

( )Mf m

0m m>

0maxm m m> >

( )Rf r
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to define a random occurrence model in time of earthquakes which could affect 

the structure of interest. In other words the temporal uncertainty is considered 

by assuming a recurrence model for the earthquake occurrences, which can be 

transformed into a recurrence law for the event { }IM im>  in t  years. Most of 

the current applications of the PSHA are based on the memoryless Poisson 

model, i.e., it is assumed that random occurrence of earthquakes in time 

follows a homogeneous Poisson process (Cornell 1968, Cornell 1970, Kramer 

1996). Let ( )N t  denote a random variable that corresponds to the total number 

of earthquakes (of all magnitudes greater than a certain value 0m ) that will 

occur in the next t  years, based on the assumption that the earthquake 

occurrences is Poisson distributed with mean tλ ν= , and assuming that the 

independence among N  and the sizes and location of future earthquakes, the 

probability that n earthquakes, { }( )N t t= , with random magnitudes and 

source-to-site distance will occur in t years is given by Equation (2.2): 

 ( ){ } ( ) ( )
0

exp
,  

!

nt t
P N t n n

n
ν ν−

 = = ∀ ∈    (2.2) 

where { }0 0,1,2,...=  is the set of all non-negative integers. 

The Poisson process has an important property: if a random selection is made 

from a Poisson process with mean rate ν  such that each occurrence is selected with 

probability , independently of the others, the resulting process is also a Poisson 

process, called a Censored Poisson process, with a mean rate pν  (Benjamin and 

p
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Cornell 1970). Let  denote the IM values of a sequence of random 

ground motions at the site. Then, random events defined by  belong to an 

underlying Censored Poisson process with mean rate of occurrence 

 ( ) [ ]IM im p P IM imν ν ν= = >  (2.3) 

Under the Poissonian assumption, the probability that there is at least one event 

of earthquake occurrence with , in any time interval of t years, can be 

expressed as,  

 

[ ] { }
{ }

[ ]( )
[ ] [ ]( )
( )

 in  years 1 in  years

1 0 in  years

1 exp

     if 1 

IM

P IM im t P N IM im t

P N IM im t

tP IM im

tP IM im tP IM im

im t

ν

ν ν

ν

> = > ≥  
= − > =  
= − − >

≈ > > <<

=

  

  (2.4) 

in which ν denotes the mean rate of occurrence of earthquakes from all sources, all 

magnitudes ( 0m> ), and locations.  Typically, and also in this study, the exposure time 

is taken as one year, i.e., 1t = , and the various occurrence rates become mean annual 

rate (MAR) of occurrence of an earthquake event with { }>IM im , or equivalently the 

MAR of exceeding a ground motion parameter IM. 

Even though ( )IM imν  corresponds to the result of a PSHA, if this analysis is 

done within the PBEE framework, a quantity of interest that is used in subsequent 

steps of PBEE is the differential quantity of the seismic hazard curve. For 

( )1, 2, 3,iIM i = …

{ }IM im>

{ }IM im>
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completeness of this work, the derivation of the differential term of the hazard curve is 

obtained by differentiating Equation (2.3) w.r.t the im and recalling that the PDF is the 

negative derivative of the CCDF,  

 ( ) ( )IM IMd im f im dimν ν= −  (2.5) 

Using the definition of the probability density function for a random variable X 

(shown in Equation (2.6)), and recalling from probability theory that the probability 

that an outcome of a random variable X is between a and b can be computed by 

integrating the density function over the interval of interest, (a,b), (Equation (2.7) or 

similarly Equation (2.8)),  

 ( ) [ ]= < ≤ +Xf x dx P x X x dx  (2.6) 

 
[ ] ( ) ( ) ( )

−∞ −∞

< ≤ = = −∫ ∫ ∫
b b a

X X X
a

P a X b f x dx f x dx f x dx  (2.7) 

 [ ] [ ] [ ] [ ] [ ]< ≤ = ≤ − ≤ = > − >P a X b P X b P X a P X a P X b  (2.8) 

an alternative form of Equation (2.5) is obtained  

 [ ] [ ] [ ]< ≤ + = > − > +ν ν νP im IM im dim P IM im P IM im dim  (2.9) 

 ( ) ( ) ( )= − +ν ν νIM IM IMd im im im dim  (2.10) 

It should be noted that the form of the differential ( )IMd imν presented in 

Equation (2.10), is the usual form in which the hazard contribution is considered for 

the computation of the seismic demand hazard.  
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Bazzurro (1998) defined the mean rate density of an event as: 

 
( ) ( ) ( ) ( ),

1

,
Sources

i ii i

i i

N

i M R i iIM M R
i R M

MRD im f im m r f m f r dm drν
=

= ∑ ∫ ∫  (2.11) 

While Equation (2.11) provides the complete definition of the MRD its 

computation is only possible using a PSHA code. However, the MRD can also be 

obtained by differentiation of Equation (2.11), and noting that the negative derivative 

of a CCDF of a random variable is the PDF of that variable and making use of results 

readily available by the PSHA code by USGS, the MRD can also be computed based 

on Equation (2.12) 

 
( ) ( )IMd imMRD im

dim
ν

= −
 

(2.12) 

Once the MRD is defined, the mean annual rate (MAR) of events at the site 

being between 1im  and 2im  is obtained by integrating Equation (2.11)  

 
( )

2

1 2

1

im

im IM im IM
im

MRD im dimν < < = ∫  (2.13) 

Based on Equation (2.13), two limit cases can be defined. In the first case, 

when 2 1= +im im dim , Equation (2.13) can be seen as the MAR of being in the 

neighborhood (or of equaling when IM is discretized for numerical computation of the 

hazard) of an IM value of 1im . In the second case, when 2 → ∞im , Equation (2.13) 

can be read as the MAR of exceeding an IM value of 1im , or in other words, it 

corresponds to the seismic hazard curve ( )
1 1IM im imν > . 
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Numerically, the integral equation for PSHA provided by Equation (2.1) can 

be computed by dividing magnitudes and source-to-site distances into a set of MN  and 

RN  bins, respectively. This is equivalent to assuming that each source is capable of 

generating MN  different earthquakes with magnitudes jm  and at RN  different 

source-to-site distances kr . Equations(2.14) and (2.15) correspond to the discretized 

versions of the Equation (2.1). 

 
( ) ( ) ( )

1 1 1

| , · · · ·
sources M R

i i

N N N

IM i j k M j R k
i j k

x P IM x m r f m f r m rν ν
= = =

 = > ∆ ∆ ∑ ∑∑  (2.14) 

 
( ) [ ]

1 1 1

| , · ·
sources M RN N N

IM i j k i j i k
i j k

x P IM x m r P M m P R rν ν
= = =

   = > = =   ∑ ∑∑  (2.15) 

where  

 

( )( ) ( )max 0 max 0
0

0.5
;j

M M

j m m m m
m m m

N N
− − −

= + ∆ =
 

(2.16) 

 

( )( )max min
min

0.5
k

R

k r r
r r

N
− −

= +
( )max min;

R

r r
r

N
−

∆ =  (2.17) 

In Equation (2.1), the conditional probability [ ]| ,i iP IM im M m R r> = =  

corresponds to the CCDF of the IM conditional on M and R and given by a GMPE. 

The GMPEs are of special importance for the computation of the PSHA, and different 

GMPEs have been developed over the years, and the next section addresses a subset of 

those that have made way to the USGS Seismic Hazard Maps computations. NGA 
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Ground Motion Prediction Equations (GMPEs) implemented in the development of 

the 2008 USGS Seismic Hazard Maps. 

2.3.1. NGA ground motion prediction equations (GMPEs) for Western US 

included in the 2008 USGS probabilistic seismic hazard maps 

USGS 2008 Seismic Hazard Maps are obtained based on a logic tree where 

different earthquake scenarios and several GMPEs are used. For most sites in Western 

US (which are not significantly influenced by the Cascadian subduction zone) three 

GMPEs are used to predict spectral accelerations values: Boore and Atkinson 2008, 

Campbell and Bozorgnia 2008, and Chiou and Youngs 2008, referred to herein as 

BA2008, CB2008 and CY2008, respectively. 

In general, ground motion prediction equations (GMPEs) provide the 

logarithmic spectral acceleration at a given period, ln ( )Sa T . A general expression for 

the models can be written as 

 ln ( )ln ( ) ( , , , ) Sa TSa T f T M R θ ε= + ⋅σ  (2.18) 

where f  is the predicted mean of the natural log (median estimate) of spectral 

acceleration, aS , at a specified period T , and it is a function of: the magnitude M , a 

distance-attenuation term R , and a list of other fault parameters indicated here simply 

by θ . The term ε  corresponds to the standardized values of ln ( )aS T . For a specific 

GMPE, this parameter can also be interpreted as the number of standard deviations 

away from the mean ground motion prediction obtained using a GMPE, and is given 

by: 
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ln ( )

ln ( )

ln ( )
a

a

a S T

S T

S T µ
ε

σ
−

=
 

(2.19) 

Jayaram and Baker (2009) showed that the residuals ε  of the spectral 

acceleration at a given site ( )ln aS T  follow a normal conditional distribution. Thus 

for each GMPE, ln ( )aS T  given by a specific set of parameters, namely an M  and R  

values (and for a specific site), is approximately normally distributed with 

(logarithmic) mean ground motion, ln ( ) ( , , , )Sa T f T M Rµ θ= , and standard deviation 

ln ( )Sa Tσ . 

The main predictive parameters included in the three GMPEs used for 

Southern California are summarized in Table 2.1 (adapted from Abrahamson, et al. 

2008)). The reader should refer to the original documents listed above for a complete 

list of all the parameters and coefficients used in each of the GMPEs.  

The first row listed in Table 2.1 corresponds to the definition of the spectral 

accelerations used in the USGS PSHA. Boore et al. (2006) introduced the measure 

GMRotI50 which is not dependent on the in-situ orientations of the sensors. It is based 

on the 50-th percentile of the geometric-mean response spectra of two horizontal 

components of ground-motion rotated in small increments over a 90º sorted by 

amplitude. GMRotI50 corresponds to a single rotation angle which is independent of 

the orientation of the sensors (under the minimization of a penalty function) and that is 

close to the median geometric-mean. As reported in this table, GMRotI50 is the 

ground motion intensity measure used in the development of NGA GMPE. Boore 

(2010) notes that in the development of building codes, such as that of the Building 
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Seismic Safety Council (2009), the maximum spectral amplitude over all rotation 

angles would be a quantity of interest, and several publications have provided ways to 

convert GMRotI50 to maximum spectral amplitude (Beyer and Bommer 2006, 

Campbell and Bozorgnia 2007, Watson-Lamprey and Boore 2007, Huang, Whittaker 

and Luco 2008). Nonetheless, current GMPE implementation only considers the 

GMRotI50 definition of the spectral acceleration. 

Three models are listed in Table 2.1: BA2008, CB2008 and CY2008. The 

BA2008 model has the simplest parameterization: magnitude, distance, style-of-

faulting, 30SV , and  nonlinear site effects. CB2008 and CY2008 have more complicated 

parameterizations as these include additional parameters to account for hanging wall 

(HW) effects, rupture-depth effects, and soil/sediment depth effects. All models are 

based on the moment magnitude WM , and they all include style-of faulting 

parameters. In the CB2008 and CY2008 models the rupture-depth is parameterized by 

the depth to the top of rupture torZ .  

Two primary distance measures are used by the three models. The BA2008 

model uses the Joyner-Boore distance defined as the closest distance to the surface 

projection of the fault jbR . The other two models use the distance measure rupR , 

which is the shortest distance from the recording site to the ruptured plane. Other 

distance metrics are also used by the CB2008 and CY2008 models to account for the 

HW effects: xR is distance is defined as the horizontal distance from the top edge of 
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the rupture, measured perpendicular to the fault strike (positive for HW and negative 

over the footwall FW), and δ  is the dip angle of the fault plane. 

All models include the 30SV  as the primary site condition effects parameter, 

and all models also include parameters for the nonlinear site response. Two models, 

CB2008 and CY2008, also include the soil depth as an additional site parameter.  

It should be noted that the standard deviation of the natural log of spectral 

accelerations at a specified period ln ( )Sa Tσ  is different for the three models. In the 

CY2008 model the standard deviations are magnitude-dependent, while the other two 

models (BA2008 and CB2008) have standard deviations that are magnitude-

independent. Two of the models (CY2008 and CB2008) include some or all effects of 

nonlinear site amplification on the standard deviation, while the BA2008 does not 

consider the effects. Comparison of the NGA ground-motions relations have been 

discussed in-depth by Abrahamson et al. 2008. USGS (Petersen et al. 2008) included 

the three models listed in Table 2.1 in order to account for epistemic uncertainty in the 

computation of the probabilistic seismic hazard. The next section introduces the main 

equations used in the development of the probabilistic seismic hazard and provides 

new expressions that will be useful for the definition of the vector-valued probabilistic 

seismic hazard. 
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Table 2.1: Predictive variables used in the NGA GMPE 

  Boore and 
Atkinson 2008 

Campbell and 
Bozorgnia 2008 

Chiou and 
Youngs 2008 

( )aS T
 

Definition of 
Spectral 

Accelerations 
GMRotI50 GMRotI50 GMRotI50 

M  
Moment 

Magnitude WM  WM  WM  

R  
Site-to-source 

distance jbR  , ,a a
rup jbR R δ  

, , ,a a a
rup jb xR R Rδ

 

θ
 

Fault type NM, SS, RV NM, SS, RV NM, SS, RV 

Site condition 
effects 30SV  30SV  30SV  

Hanging wall 
effects No Yes Yes 

Depth to top of 
rupture ( torZ ) No Yes Yes 

Soil/sediment 
depth 

information 
- 2.5Z  1.0Z  

used for HW scaling onlya
: moment magnitude  

WM : moment magnitude 
jbR : Joyner-Boore distance (defined as the closest distance to the surface projection of the 

fault), 
rupR : shortest distance from the recording site to the ruptured area 

:xR  surface projection of the distance of a point in the fault plane closest to the site, strictly 
measured normal to the fault strike 

:δ  dip angle 
Fault type: strike-slip (SS), reverse (RV) and normal (NM) 

30SV : average shear-wave velocity in the top 30 m 

torZ : depth to top of rupture 

1.0Z : depth to 1.0 km/sSV =  

2.5Z : depth to 2.5 km/sSV =  
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2.3.2. Equations in the USGS probabilistic seismic hazard analysis 

In order to express the uncertainty of the ground motion characteristics, the 

equation used by USGS to compute the seismic hazard can be expressed as: 

( ) [ ] ( )
1

| , , · , , · · ·
sources

i i i

i i i

N

IM i M R
i M R

I IM im m r f m r dm dr dim ε
ε

ν ν ε ε ε
=

  = > 
  

∑ ∫ ∫ ∫  (2.20) 

where ε  correspond to the error term shown in Equation (2.19), and all other variables 

have also been defined previously, and [ ]| , ,I IM im m r ε>  are an indicator function 

that takes the value of 1 in case IM im>  or 0 otherwise. 

The numerical counterpart of Equation (2.20) is given by 

( )
1 1 1 1

, , , ,
source Ms RN

IM i
i

NN N

j k l i j i k i l
j l ik

I IM im m r P M m R r Eim
ε

ν ε εν
= = ==

 
=     > ⋅ = = = 

 
 ∑∑∑∑  (2.21) 

If only the seismic hazard results were presented, the rich information about 

the seismic sources and their contribution would be lost. To address this fact, 

deaggregation of the seismic hazard is introduced and can be obtained as follows. 

First, let the MAR of exceeding a given IM be written as: 

 
( ) ( )

1 1 1

, , ,
M R NN N

IM IM j k l
j k l

im im m r
ε

ν ν ε
= = =

= ∑∑∑
 

(2.22) 

where ( ), , ,IM j k lim m rν ε  is the contribution of bin ( , , )j k l  to the total seismic hazard 

( )IM imν . An equation for the normalized deaggregation can also be defined as: 

 
{ } ( ) ( )1, ,E , , ,j k l IM j k l

IM

P M m R r im im m r
im

ε ν ε
ν

  = = = =  (2.23) 



35 

 

The USGS seismic hazard computations include epistemic uncertainty also by 

considering different GMPEs in the computation of the seismic hazard. In this case, 

the mean annual rate of exceeding an IM can be written as (Bazzurro 1999, Harmsen 

2001): 

( ) [ ] ( )
1 1

| , , · , , · · ·
GMPE sources

i i i

i i i

N N

IM gmpe i M R
gmpe i M R i gmpe

im w I IM im m r f m r dm dr dε
ε

ν ν ε ε ε
= =

     = >   
    

∑ ∑ ∫ ∫ ∫  (2.24) 

where [ ]gmpe P GM ew PE gmp= =  is the weight associated with the GMPE. USGS 

assigns equal weights for each GMPE. 

Once the seismic hazard has been computed, the USGS M R ε− −  normalized 

deaggregation can then be given by: 

{ } ( ) ( ){ }
1

 1, , , , ,
GMPEN

j k l m IM j k l gmpegmpeIM

P M m R r E IM im w x m r
im

ε ν ε
ν =

 = = = > =  ∑  (2.25) 

while the normalized contribution of each GMPE to the total M R ε− −  bin may be 

given as: 

{ } ( ) ( ){ }1 , , , , , ,j k l gmpe IM j k l gmpe
IM

P M m R r E GMPE gmpe IM x w im m r
im

ε ν ε
ν

  == = = = >  (2.26) 

The contribution to the seismic hazard expressed in terms of the source-to-site 

distance can be obtained by summing the RHS of equation (2.26) over all bins ,j lm ε  

and all g m p e . This deaggregation as a function of the source-to-site distance is given 

as: 
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( ) ( ){ }
1 1 1

1 · , , , 
GMPE MN NN

k gmpe IM j k l gmpegmpe j lIM

P R r IM im w im m r
im

ε

ν ε
ν = = =

 = >  =  ∑ ∑∑  (2.27) 

Similar expressions can be obtained for the hazard contribution by M and 

epsilon ε as given by Equation (2.28) and Equation (2.29), respectively. 

( ) ( ){ }
1 1 1

1 · , , ,
GMPE RN NN

j gmpe IM j k l gmpegmpe k lIM

P M m IM
im

im w im m r
ε

ν ε
ν = = =

 = > =  ∑ ∑∑  (2.28) 

( ) ( ){ }
1 1 1

1 · , , ,
GMPE M RN N N

l gmpe IM j k l gmpegmpe j kIM

P IM im w im m r
im

ε ε ν ε
ν = = =

 = >  =  ∑ ∑∑  (2.29) 

The hazard contribution by GMPE can be obtained from the 

M R GMPEε− − −  by summing over all , ,M R ε  bins: 

( ) ( ){ }
1 1 1

1 · , , ,
M R NN N

m gmpe IM j k l gmpej k lIM

P GMPE gmpe IM im w im m r
im

ε

ν ε
ν = = =

 = >  =  ∑∑∑  (2.30) 

Other useful equations for the deaggregation of the hazard may also be written. 

Examples are the deaggregation of the hazard by the source-to-site distance and 

GMPE (see Equation (2.31)), as well as the magnitude and GMPE (see Equation 

(2.32)). Equation (2.33) provides the equation for deaggregation of the seismic hazard 

with respect to M, R and GMPE. 

( ) ( ){ }
1 1

1, · , , ,
M NN

k m m IM j k l mj lIM

P R r GMPE gmpe IM x w x m r
x

ε

ν ε
ν = =

 = = >  =  ∑∑  (2.31) 

( ) ( ){ }
1 1

1, · , , ,
R NN

j m m IM j k l mk lIM

P M m GMPE gmpe IM x w x m r
x

ε

ν ε
ν = =

 = = > =  ∑∑   (2.32) 
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( ) ( ){ }
1

1, , · , , ,
N

j k m m IM j k l mlIM

P M m R r GMPE gmpe IM x w x m r
x

ε

ν ε
ν =

 = = = > =  ∑   (2.33) 

To date (July 2011), USGS PSHA deaggregation results are given for both the 

total hazard accounting for the epistemic uncertainty (i.e. for different ground motion 

prediction equations) and individually per GMPE. USGS provides results for a total of 

31 points that range from a probability of exceedance of 50% in 30 years to 1% in 200 

years. For each of these 31 points the USGS PSHA tool outputs a plot and a text file 

that has deaggregations associated with each GMPE as well as the deaggregation of 

the mean hazard. The plot, however, corresponds to the mean–hazard deaggregation 

only.  

Figure 2.1 shows a typical plot that is output by USGS. This M R ε− −  

deaggregation plot corresponds to a return period of 2475 years. Mean and modal 

values for each of the three variables are also listed. Furthermore, the binning used for 

the plot is also defined, i.e., 10 kmR∆ = , 0.20M∆ = , and 1.0ε∆ = .  

 
Figure 2.1: Probabilistic Seismic Hazard M R ε− −  deaggregation for all 2008 

GMPEs for Berkeley (122.290W,  37.870N) for ( 1.0 sec, =5%)aS T ξ=  value for PE 
of 2% in 50 years (obtained from USGS) 
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Figure 2.2 shows the contribution of each M E ε− −  bin to the total hazard, i.e., 

accounting to all GMPEs. Figure 2.3, Figure 2.4, and Figure 2.5 show the contribution 

of each GMPE to the total hazard. It is worth noting that although the equal weights 

are used in the logic tree for each GMPE, for 1.0 secT = , the contribution of each 

GMPE to the total hazard varies from 25.9%  to 48.2%  (as obtained from Equation 

(2.30). Figure 2.6 to Figure 2.9 show similar plots for the deaggregation, but for the 

case of a period of 0.20 secT = . For this period the contribution of each GMPE to the 

total hazard varies from 22.9% to 47.1%. 

 
Figure 2.2: Probabilistic Seismic Hazard M R ε− −  Deaggregation for all GMPE 2008 
for Berkeley (122.290W,  37.870N) for ( 1.0 sec, =5%)aS T ξ=  value for PE of 2% in 

50 years  
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Figure 2.3: Probabilistic Seismic Hazard M R ε− −  Deaggregation for Boore Atkinson 
2008 for Berkeley (122.290W,  37.870N) for ( 1.0 sec, =5%)aS T ξ=   value for PE of 

2% in 50 years  
 

 
Figure 2.4: Probabilistic Seismic Hazard M R ε− −  Deaggregation for Campbell-
Bozorgnia 2008 for Berkeley (122.290W,  37.870N) for ( 1.0 sec, =5%)aS T ξ=   

value for PE of 2% in 50 years  
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Figure 2.5: Probabilistic Seismic Hazard M R ε− −  Deaggregation for Chiou-Youngs 
2008 for Berkeley (122.290W,  37.870N) for ( 1.0 sec, =5%)aS T ξ=   value for PE of 

2% in 50 years  
 

 
Figure 2.6: Probabilistic Seismic Hazard M R ε− −  Deaggregation for all GMPE for 
Berkeley (122.290W,  37.870N) for ( 0.2 sec, =5%)aS T ξ=  value for PE of 2% in 50 

years  
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Figure 2.7: Probabilistic Seismic Hazard M R ε− −  Deaggregation for Boore Atkinson 
2008 for Berkeley (122.290W,  37.870N) for ( 0.2 sec, =5%)aS T ξ=  value for PE of 

2% in 50 years  
 

 

 
Figure 2.8: Probabilistic Seismic Hazard M R ε− −  Campbell Bozorgnia 2008for 

Berkeley (122.290W,  37.870N) for ( 0.2 sec, =5%)aS T ξ=  value for PE of 2% in 50 
years  
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Figure 2.9: Probabilistic Seismic Hazard M R ε− −  Deaggregation for Chiou Youngs 
2008 for Berkeley (122.290W,  37.870N) for ( 0.2 sec, =5%)aS T ξ=  value for PE of 

2% in 50 years  
 

The results obtained for the R-GMPE deaggregation (Equation (2.31)) and M-

GMPE deaggregation (Equation (2.32)) are shown for two cases. First, in Figure 2.10 

and Figure 2.11 these results are shown for a period of 1.0 second period. Next, in 

Figure 2.12 and Figure 2.13 similar results are shown for a period of 0.2 seconds. 
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Figure 2.10: R and GMPE deaggregation of the seismic hazard for 

( 1.0 sec, =5%)aS T ξ=  
 

 
Figure 2.11: M and GMPE deaggregation of the seismic hazard for 

( 1.0 sec, =5%)aS T ξ=  
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Figure 2.12: R and GMPE deaggregation of the seismic hazard for 

( 0.2 sec, =5%)aS T ξ=  
 

 
Figure 2.13: M and GMPE deaggregation of the seismic hazard for 

( 0.2 sec, =5%)aS T ξ=  
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2.4. Vector-valued probabilistic seismic hazard analysis (VPSHA) 

Vector-valued Probabilistic Seismic Hazard Analysis was developed by 

Bazzurro (1998). Even though Bazzurro’s Ph.D. work is considered to be an 

exceptional contribution to the field of PSHA, its application in the scientific and 

engineering communities has been rather limited. Therefore, several simplified 

approaches have been proposed in order to allow efficient probabilistic seismic hazard 

analyses based on a VPSHA (Bazzurro and Cornell 2002, Bazzurro et al. 2009).  

The derivation of the VPSHA by Bazzurro (1998) starts from the definition of 

the joint mean rate density (MRD) of the hazard. For a vector of ground motion 

parameters { }1 2,IM IM=IM  the joint MRD of the hazard is given by: 

( ) ( ) ( ) ( )
1 2 1 2, 1 2 , 1 2

1

, , ,
sourcesN

IM IM i IM IM M R
i R M

MRD im im f im im m r f m f r dmdrν
=

= ∑ ∫ ∫  (2.34) 

The complexity of the current VPSHA approach is related to the computation 

of the joint conditional PDF term ( )
1 2, 1 2, ,IM IMf im im m r  shown in Equation (2.34), 

where for different vector-valued intensity measures different attenuation relations for 

the vector-IM would have to be developed. Once the MRD is defined, however, the 

MAR of events at the site with 1 2 and IM IM  being between 1,1 1 1,2im IM im< <  and 

2,1 2 2,2im IM im< < , respectively, is expressed as: 

 
( )

1,2 2,2

1,1 1 1,2 2,1 2 2,2 1 2

1,1 21

, , 1 2 2 1,
im im

im IM im im IM im IM IM
im im

MRD im im dim dimν < < < < = ∫ ∫  (2.35) 
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However, the vector of ground motion parameters may contain more than two 

variables, and need not be restricted to spectral accelerations, as was done in the 

original work developed by Bazzurro (1998). Variables such ε , period of velocity 

pulses, or inelastic spectral displacements have been included as secondary intensity 

(Baker 2005), by assuming joint lognomality between the iIM , and by decomposing 

the joint distribution into a product of conditional pdfs making use the correlation 

coefficient (or full covariance matrix) between the ground motion parameters.  

The approach proposed in this section makes use of results presented by 

Bazzurro in 2009, and extends them such that it may be used in conjunction with 

USGS scalar PSHA results. The main novelty in the work presented herein is that the 

approach for VPSHA makes use of the USGS probabilistic results, namely the seismic 

curve providing the mean annual rate of exceedance of a given spectral acceleration 

value at a given period, and the corresponding deaggregation results. 

The vectors of ground motion intensity measures used herein all include 

spectral accelerations. The reasons are twofold: first, USGS only provides PSHA 

results for spectral accelerations, and second, the correlation models between different 

IMs, to this date and for the NGA GMPEs, have only been developed for spectral 

accelerations at different periods.  

2.5. Efficient approach to simplified vector-valued probabilistic seismic hazard 

analysis using USGS scalar probabilistic seismic hazard results 

The formulation presented herein can be used for computing the joint mean 

rate density and mean annual rate of “equaling” (used here as a proxy to “being in the 
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neighborhood of”) or of exceeding values of a vector-IM, and also not less 

importantly, it can also be used to compute the deaggregation of the seismic hazard. 

For clarity of the exposition of this section, first, the approach is described for the two 

dimensional case, i.e., for a vector of ground motion parameters { }1 2,IM IM=IM , 

followed the derivation for a vector of three or more spectral accelerations 

{ }1, , qIM IM=IM  . It is worth noting, that even though the size of the vector-IM is 

potentially unlimited, application examples are shown for the vectors of two- and 

three-dimensions in order to highlight the computational procedures and give physical 

insight to the results obtained. Another important point worth mentioning is that even 

though the presented framework is scientifically sound, the comparison of the current 

approach to the full blown VPSHA was not performed within the scope of this 

dissertation, although it is part of future goals, conditioned on the author being granted 

access to one of the existing PSHA code developed by Bazzurro or Sommerville. In 

the computation of the joint MRD, no special VPSHA software is required.  

2.5.1. Two-dimensional vector-IM 

The joint mean rate density MRD for a vector-IM consisting of two ground 

motion parameters { }1 2,IM IM=IM  is given in Equation (2.34). For the purpose of 

the derivation shown next, let MRD of the vector-IM at a site be given by: 

 ( ) ( )
1 2 1 2, 1 2 , 1 2, ,IM IM IM IMMRD im im f im imν= ⋅  (2.36) 

where ν  corresponds to a rate of occurrence of an earthquake event with ground 

motion parameters 1 2,IM IM  being in the neighborhood of 1 2,im im .  
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Making use of the definition of conditional probabilty for continuous random 

variables, Equation (2.36) can be re-written as: 

 ( ) ( ) ( )
1 2 2 1 1, 1 2 | 2 1 1, |IM IM IM IM IMMRD im im f im im f imν  = ⋅   (2.37) 

which also allows for the defintion of the joint MRD as:  

 ( ) ( ) ( )
1 2 2 1 1, 1 2 | 2 1 1, |IM IM IM IM IMMRD im im f im im MRD im= ⋅  (2.38) 

where ( ) ( )
1 11 1IM IMMRD im f imν= ⋅ . 

The conditional PDF shown in Equation (2.38) is expressed as:  

( ) ( ) ( )
2 1 2 1 1| 2 1 2 1 1, , ,| , , ,  IM IM IM IM M R M R IM

R M

f im im f im im m r f m r im dmdr= ∫ ∫  (2.39) 

The MAR of the two IM quantities 1 2,  and  IM IM  being between 

1,1 1 1,2im IM im≤ ≤  and 2,1 2 2,2im IM im< < , respectively, is expressed by: 

) ) ( )
1,2 2,2

1 21 1,1 1,2 2 2,1 2,2

1,1 21

, 1 2 2 1, , , ,
im im

IM IMIM im im IM im im
im im

MRD im im dim dimν  ∈ ∈ 
= ∫ ∫  (2.40) 

which substituting Equation (2.38) into the RHS of Equation  (2.40) gives 

) ) ( ) ( )
1,2 2,2

2 1 11 1,1 1,2 2 2,1 2,2

1,1 21

| 2 1 1 2 1, , , |
im im

IM IM IMIM im im IM im im
im im

f im im MRD im dim dimν  ∈ ∈ 
= ⋅∫ ∫  (2.41) 

Considering the limit case that 1,2 1,1 1im im dim= +  and 2,2 2,1 2im im dim= +   

) ) ( ) ( )
1,1 1 2,2 2

2 1 11 1,1 1,2 2 2,1 2,2

1,1 21

| 2 1 1 2 1, , , |
im dim im dim

IM IM IMIM im im IM im im
im im

f im im MRD im dim dimν
+ +

 ∈ ∈ 
= ⋅∫ ∫  (2.42) 
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Numerically (discretizing and using a finite difference approach), and considering 

bins of a finite length 1im∆  and 2im∆ , Equation (2.42) can be computed as: 

) ) ( ) ( )1 1 2 2 2 1 11 1 1 2 2 22 2 2 2
| 2 1 2 1 1, , ,

|im im im im IM IM IMIM im im IM im im
f im im im MRD im imν ∆ ∆ ∆ ∆ ∈ − + ∈ − + 

   = ∆ ⋅ ∆     (2.43) 

Let [ ] ( )
2 12 2 1 1 | 2 1 2| |IM IMP IM im IM im f im im im= = = ∆  be the probability content 

that 2IM  is in the bin 2 2
1
2

im im± ∆  given that 1IM  is in the bin 1 1
1
2

im im± ∆ . Thus, 

Equation (2.43) can be written in a discrete form as: 

( ) ( )
1 1, 2 2 , 1, 1, 2, 2 2, 1 1, 1,, |

i jIM im IM im i j j i IM iim im P IM im IM im imν ν= =  = = = ⋅ ∆   (2.44) 

where { } { }1 21, 2,, 1,  and , 1,i im j imim i N im j N= =  correspond to a discrete set of values of 

1imN  of 1im  values and 
2imN  of 2im . 

In the case that the vector-valued intensity measure { }1 2,IM IM=IM  consists 

of spectral accelerations at different periods, say 1 1( )aIM S T=  and 2 2( )aIM S T= , the 

inputs for using this approach are: (i) the hazard curve at ( )1aS T , M, R deaggregations 

at different ( )1aS T  levels, and (ii) the conditional pdfs of spectral accelerations given 

other spectral accelerations obtained on the basis of the assumption of jointly 

lognormal distribution for ( )1aS T  and ( )2aS T , conditional on M and R, and the 

correlation coefficients by Baker and Jayaram 2008. Let 1Sa  be discretized as shown 

in Figure 2.14, i.e., consider three consecutive values 1, 1 1, 1, 1i i ix x x− +< <  for random 

variable 1Sa  and 2, 1 2, 2, 1j j jx x x− +< <  for random variable 2Sa . 
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Figure 2.14: Discretization of spectral accelerations for numerical integration 

 

Under these considerations, and using the discretization shown in Figure 2.14, 

the last term on the RHS of Equation (2.44) can be given as:  

 
( ) ( ) ( ) ( ) ( )1, 1 1, 1, 1 1,

1 1 1 1 11, 1, 1 1, 1 2 2
i i i ix x x x

Sa i Sa i Sa i Sa Sax x xν ν ν ν ν− ++ +
− +∆ = − = −   (2.45) 

The MAR of the 1Sa  and 2Sa  are in the neighborhood of 1,ix  and 2, jx  can be 

given as: 

( )

( ) ( )

( )( ) ( )( )

2 1

2 1 1

2 1 1

2 2, 1 1, | 2, 1, 2,

2 2, 1 1,

2, 1, 1, 2,, , ,
1 1

| , , 2, 1, 2, 1,,
1

|

    , , ,

    , , ,

M R

j i Sa Sa j i j

j i

N N

j i k n k n i jSa Sa M R M R Sa
k n

Sa Sa M R j i k n j k n iM R Sa
n

P Sa x Sa x f x x x

P Sa x Sa x

f x x m r f m r x m r x

f x x m r x f m r x m r

= =

=

 = = = ∆ 
 = = = 

 
= ⋅ ∆ ∆ ∆ 

 

= ∆ ⋅ ∆ ∆

∑∑

1

2 2, 1 1, 1 1,
1 1

   , , , |

M R

M R

N N

k
N N

j i k n k n i
k n

P Sa x Sa x M m R r P M m R r Sa x

=

= =

   = = = = = ⋅ = = =  

∑∑

∑∑

 (2.46) 

In Equation (2.46), the first term within the summation is obtained assuming 

that the random variables 1Sa  and 2Sa are jointly lognormal (see Jayaram and Baker, 

2008) for a given specific site. This is computed as: 

1, 1 1, 1, 1 1, 1, 1 1,

1, 1 1,
1, 1 1, 1, 1 1,

1, 1 1, 1, 1 1,
1, 1 1, 1

;  
 

;  
2 2

;  
2 2

i i i i i i

i i
i i i i

i i i i
i i

x x x x x x
x x

x x x x

x x x x
x x

− − +

−
− +

− +
− +

∆ = − ∆ = −

∆ ∆
= − = +

+ +
= =

 
 

 

 

1, 1+ix1,ix

1,ix∆1, 1ix −∆

1, 1−ix

1Sa

1, 1+ ix1, 1− ix 1,ix∆
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( ) ( )2 1 2 2 2 1

2 1

2 1

2 2 1 1

2 2 1 1 1 2 2 1 1 1

2 2

 

   

   1 1
, j , j , j , j

,i k n

,i k n

, j ,i k n

, j ,i k n , j ,i k n

x x x x
ln Sa x ,m ,r ln

ln Sa x ,m ,r

P Sa x Sa x ,M m ,R r

P Sa x Sa x ,M m ,R r P Sa x Sa x ,M m ,R r

ln ln− +

− +

+ +

 = = = = = 
   = ≥ = = = − ≥ = = =   

  − µ − µ
  = − Φ − − Φ  σ
   

 

( ) ( )

2 1

2 1

2 2 1 2 1 2

2 1 2 1

2 1 2 1

2 2
   

,i k n

,i k n

, j , j , j , j

,i k n ,i k n

,i k n ,i k n

Sa x ,m ,r

ln Sa x ,m ,r

x x x x
ln Sa x ,m ,r ln Sa x ,m ,r

ln Sa x ,m ,r ln Sa x ,m ,r

ln ln+ −+ +

  
  
  σ
   

   − µ − µ
   = Φ − Φ
   σ σ
   

(2.47) 

where ( )Φ •  corresponds to the standard normal CDF of the argument, and 

2 1,i k nln Sa x ,m ,rµ  and 
2 1,i k nln Sa x ,m ,rσ  correspond to the conditional mean and conditional 

standard deviation defining the conditional PDF of 2Sa  given 1  and Sa ,m r :  

 
( ) 2 1

2 1

2 1 2 1

2
2 1

2

1 lnSa x ,m,r
Sa Sa

, j lnSa x ,m,r lnSa x ,m,r

ln x
f x x ,m,r

x

 −µ
 = φ
 σ σ   

(2.48) 

with  

 
( )2

1 22 1 2 1

1

1
lnSa m,r

lnSa ,lnSalnSa x ,m,r lnSa m,r lnSa m,r
lnSa m,r

ln x
σ

µ = µ + ρ −µ
σ

 (2.49) 

 1 22 1 2

21 lnSa ,lnSaln Sa x ,m,r lnSa m,rσ = σ − ρ  (2.50) 

and 
1ln Sa m,rµ , 

1ln Sa m,rσ , 
2lnSa m,rµ , 

2lnSa m,rσ  being obtained from GMPEs, and 
1 2ln Sa ,ln Saρ  

using expressions presented in Baker and Jayaram (2008). 

Computation of the M-R deaggregation for 1 1=Sa x  

In order to compute the second term on the RHS of Equation (2.46) it should 

be first noted that the deaggregation of the seismic hazard in terms of M and R bin is 
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routinely done in PSHA codes. USGS provides the results in terms of 

1 1,, |k n iP M m R r Sa x = = >  , which is conditional on the IM exceeding the specified 

value 1,ix , while the RHS of Equation (2.46) is conditional on the 1 1,iSa x= , i.e., 1Sa  

being in the neighborhood of 1,ix  — the 1Sa  bin associated that contains 1,ix . To 

compute the deaggregation conditional on 1 1,iSa x= : 

1 1,
1 1,

1 1,

,  ,  
, | k n i

k n i
i

P M m R r Sa x
P M m R r Sa x

P Sa x
 = = =  = = = = =   =    

1 1, 1 1 1, 1

1 1, 1 1 1, 1

, , , ,
     k n i k n i

i i

P M m R r Sa x P M m R r Sa x
P Sa x P Sa x

− +

− +

   = = > − = = >   =
   > − >   

 
 

 
(2.51) 

and using the definition of conditional probability: 

[ ] [ ] [ ]1 1 1 1 1 1, , , |k n k nP M m R r Sa x P M m R r Sa x P Sa x= = > = = = > ⋅ >  (2.52) 

Thus the probability content in a bin mk and rn given 1 1,iSa x=  is expressed as: 

1 1,

1 1, 1 1 1, 1 1 1, 1 1 1, 1

1 1, 1 1 1, 1

, |

, | , |
k n i

k n i i k n i i

i i

P M m R r Sa x

P M m R r Sa x P Sa x P M m R r Sa x P Sa x
P Sa x P Sa x

− − + +

− +

 = = = = 
       = = > > − = = > >       =

   > − >   

   
 

 (2.53) 

where the annual probability of a spectral acceleration exceeding a specific threshold 

is computed using the Poissonian assumption for the mean rate of exceedance,  

 ( )( )1, 1 1,

11 1, 1 21 exp i ix x
i SaP Sa x ν − +
− > = − −   (2.54) 

 ( )( )1, 1, 1

11 1, 1 2 1 exp i ix x
i SaP Sa x ν ++
+ > = − −   (2.55) 
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and the terms 1 1, 1 1 1, 1, |   and  , |k n i k n iP M m R r Sa x P M m R r Sa x− +   = = > = = >      are 

obtained through log-linear interpolation of the USGS deaggregations at the closest 

hazard points. 

2.5.2. Three-dimensional vector-IM 

For convenience of the derivation that follows consider a vector consisting of 

three ground motion parameters { }1 2 3, ,Sa Sa Sa=IM  where ( ), 5%i a iSa S T ξ= =  and 

iT  correspond to the i-th period chosen for defining the vector-IM. In this three-

dimensional case, let the MRD for the vector-IM at a given site be expressed by: 

 ( ) ( )
1 2 31 2 3 , , 1 2 3, , , ,Sa Sa SaMRD x x x f x x xν=  (2.56) 

Using the definition of conditional probabilities, we can rewrite Equation 

(2.56) as: 

 ( ) ( ) ( ) ( )
3 1 2 2 1 11 2 3 | , 3 1 2 | 2 1 1, , | , |Sa Sa Sa Sa Sa SaMRD x x x f x x x f x x f xν= ⋅ ⋅  (2.57) 

Or equivalently, as: 

 ( ) ( ) ( ) ( )
3 1 2 2 11 2 3 | , 3 1 2 | 2 1 1, , | , |Sa Sa Sa Sa SaMRD x x x f x x x f x x MRD x= ⋅ ⋅  (2.58) 

It is important to note that the conditional probability terms in Equation (2.58) 

correspond to a specific site and thus have to be computed accouting for the 

magnitude and source-to-site distances. For brevity, these are only shown below for 

the discretized versions of these PDFs.  

Analogously to what was defined for the two-dimensional case, the MAR of 

events at a given site can be defined as 
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) ) ) ( )

( ) ( ) ( )

1 1,1 1,2 2 2,1 2,2 3 3,1 3,2

1,2 2,2 3,1

3 1 2 2 1 1

1,1 2,1 3,1

1 2 3, , , , ,

| , 3 1 2 | 2 1 1 3 2 1

, ,

      | , |

Sa x x Sa x x Sa x x

x x x

Sa Sa Sa Sa Sa Sa
x x x

x x x

f x x x f x x MRD x dx dx dx

ν
  ∈ ∈ ∈  

=

= ⋅∫ ∫ ∫
 (2.59) 

Numerically, and considering bins of a finite length 1x∆ , 2x∆ , and 3x∆ , Equation 

(2.59) can be computed as: 

 

) ) ) ( )

( ) ( ) ( )
3 31 1 2 2

1 1 1 2 2 2 3 3 32 2 2 2 2 2

3 1 2 2 1 1

1 2 3, , , , ,

| , 3 1 2 3 | 2 1 2 1 1

, ,

       | , |

x xx x x xSa x x Sa x x Sa x x

Sa Sa Sa Sa Sa Sa

x x x

f x x x x f x x x MRD x x

ν ∆ ∆∆ ∆ ∆ ∆  ∈ − + ∈ − + ∈ − −  
=

= ∆ ⋅ ∆ ⋅ ∆
 (2.60) 

Equation (2.60) can be written in a discrete form 

 

( )
( )

1 1, 2 2, 3 3,

1

, , 1, 2, 3,

3 3, 1 1, 2 2, 2 2, 1 1, 1,

, ,

      ,

i j lSa x Sa x Sa x i j l

l i j j i Sa i

x x x

P Sa x Sa x Sa x P Sa x Sa x x

ν

ν

= = =

  = = = = ⋅ = = ⋅∆   

 (2.61) 

where  

3 3 1 1 2 2,  P Sa x Sa x Sa x = = =   is the probability content that 3Sa  is in the bin 

3 3x x± ∆  given that 1Sa  and 2Sa  are in bins 1 1x x±∆  and 2 2x x± ∆ , respectively, and it 

is given by: 

 

{
}

3 3, 1 1, 2 2,

3 3, 1 1, 2 2,
1 1

1 1, 2 2,

,

, , ,

                                   , | ,  

M R

l i j

N N

l i j k n
k n

k n i j

P Sa x Sa x Sa x

P Sa x Sa x Sa x M m R r

P M m R r Sa x Sa x
= =

 = = = = 

 = = = = = = ⋅ 

 ⋅ = = = = 

∑∑  (2.62) 

The first term in the RHS of Equation (2.62), under the assumption of joint 

lognormality between the spectral accelerations { }1 2 3, , ,Sa Sa Sa  is computed as 

follows: 
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( )3 1 3

3 1 2

3 1 2

3 3 1 2

3 3 1 1 2 3 3 1 1 2

2

 

               

               1
,l ,l

,i , j k n

,i , j k n

,l ,i , j k n

,l ,i , j k n ,l ,i , j k n

x x
ln Sa x ,x ,m ,r

ln Sa x ,x ,m ,r

P Sa x x ,x ,m ,r

P Sa x x ,x ,m ,r P Sa x x ,x ,m ,r

ln −

− +

+

 = = 
   = ≥ − ≥   

  − µ
  = − Φ
  σ

  

 

( )

( ) ( )

3 3 1

3 1 2

3 1 2

3 3 1 3 1 3

3 1 2 3 1 2

3 1 2

2

2 2

1

               

q , ,l

,i , j k n

,i , j k n

,l ,l ,l ,l

,i , j k n ,i , j k n

,i , j k n

x x
ln Sa x ,x ,m ,r

ln Sa x ,x ,m ,r

x x x x
ln Sa x ,x ,m ,r ln Sa x ,x ,m ,r

ln Sa x ,x ,m ,r

ln

ln ln

+

+ −

+

+ +

  − µ
  − − Φ   σ
   

 − µ − µ
 = Φ − Φ
 σ
  3 1 2,i , j k nln Sa x ,x ,m ,r

 
 
 σ
 

(2.63) 

where the conditional mean and conditional standard deviations can be computed by 

(i) assuming joint lognormality between the spectral accelerations and (ii) by making 

use of a theorem of multivariate normal distributions (theorem 2.5.1, page 37, 

Anderson 1984). In order to define several terms defined in Equation (2.63) let  X  be a 

random vector of the natural logarithm of the spectral accelerations given M and R 

(obtained using a GMPE) that can be partitioned into  

 { }1 2

TT X=X X  (2.64) 

where ( ) ( ){ } { }1 1 2 2 3,  
T

ln Sa m,r , ln Sa m,r X ln Sa m,r= =X  

Analogously, the conditional means and conditional standard deviations can also be 

partitioned to: 

 { }1 21 2 3
 

T

X Xln Sa m ,r ln Sa m ,r ln Sa m ,r, ,= µ µ µ = µμ  (2.65) 
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( )

1 21 1 2

1 2 1 2 2

1 21 2

3

11 12

21 22

2

11 2

21 12

22

where

q qq q

lnSa ln SalnSa m,r ln Sa m,r lnSa m,r

lnSa ln Sa ln Sa m,r lnSa m,r lnSa m,r

T
lnSa lnSa lnSa lnSalnSa m,r ln Sa m,rln Sa m,r lnSa m,r

lnSa m,

 
=  Σ 

 σ ρ σ σ
 =
ρ σ σ σ  

 = = ρ σ σ ρ σ σ  
Σ = σ

Σ Σ
Σ

Σ

Σ

Σ Σ

2
r

 (2.66) 

The definitions shown in Equations (2.65) and (2.66) allows for the defintion of the 

following terms (shown in Equation (2.63)): 

 ( )2 13 1 2

1
21 11 1X XlnSa x ,x ,m,r

−µ = µ + −Σ Σ x μ  (2.67) 

 
3 1 2

1
22 21 11 12ln Sa x ,x ,m,r

−σ = Σ −Σ Σ Σ  (2.68) 

The second term in the RHS of Equation (2.62) corresponds to the M-R 

deaggregation for the joint hazard. This term is derived making used of definitions of 

conditional pribabilities and it is expressed as: 

1 1, 2 2,

2 2, 1 1, 1 1,

2 2, 1 1, 1 1,
1 1

, | ,

, , , |

, , , |
M R

k k i j

j i k n k n i

N N

j i k n k n i
k n

P M m R r Sa x Sa x

P Sa x Sa x M m R r P M m R r Sa x

P Sa x Sa x M m R r P M m R r Sa x
= =

 = = = = = 
   = = = = = = =  =

   = = = = = = =  ∑∑
 (2.69) 

From inspection of the numerator and denominator of Equation (2.69), it may 

be seen that the M-R deaggregation for the joint hazard depends on the M-R 

deaggregation for scalar PSHA and the PMF function for Sa2 conditional on Sa1, M 

and R, which are values that had been computed previously.  
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2.5.3. N-dimensional vector-IM 

The equations presented in the previous sections were derived for the three-

dimensional vector-IM consisting of three spectral accelerations at different periods. 

This section generalizes the computation for q-dimensional vector-IM 

consisting of q-spectral accelerations at q different periods. An algorithm is presented 

that allows for the computations involved to be performed in a more efficient way 

recognizing the hierarchical nature of the M-R deaggregations for joint seismic 

hazards (under the assumption of joint lognormality). 

For convenience, the derivation that follows considers a vector consisting of 

three ground motion parameters { }1,..., qSa Sa=IM . In this q-dimensional case, MRD 

for the vector-IM at a site is given by: 

 ( ) ( )
11 , , 1, , , ,

qq Sa Sa qMRD x x f x xν=  
 

(2.70)
 

Using the definition of conditional probabilities: 

( ) ( ) ( ) ( )
1 1 2 1 11 | ,..., 1 1 | 2 1 1, , | ,..., |

q qq Sa Sa Sa q q Sa Sa SaMRD x x f x x x f x x f xν
− −= ⋅   (2.71) 

which can also be written as: 

( ) ( ) ( ) ( )
1 1 2 1 11 | ,..., 1 1 | 2 1 1, , | ,..., |

q qq Sa Sa Sa q q Sa Sa SaMRD x x f x x x f x x MRD x
− −= ⋅   (2.72) 

It is important to note that the conditional probability terms in the Equation 

above correspond to a specific site and thus have to be computed accouting for the 

magnitude and source-to-site distances. For brevity, these are only shown below for 

the discretized versions of these PDFs.  
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Analogously to what was defined for the two-dimensional case, the MAR of 

events at a site can be defined as 

) ) ) ( )

( ) ( ) ( )

1 1,1 1,2 2 2,1 2 ,2 ,1 ,2

,21,2 2,2

1 1 2 1 1

1,1 2,1 ,1

1, , , ,..., ,

| ,..., 1 1 | 2 1 1 2 1

,...,

| ,... |

q q q

q

q q

q

qSa x x Sa x x Sa x x

xx x

Sa Sa Sa q q Sa Sa Sa q
x x x

x x

f x x x f x x MRD x dx dx dx

ν

−

 ∈ ∈ ∈  

−

=

= ⋅∫ ∫ ∫  
 (2.73) 

Numerically, and considering bins of a finite length 1x∆ , 2x∆ , …, qx∆ , Equation 

(2.73) can be computed as: 

( )
( ) ( ) ( )

1 1 2 2

1 1 2 1 1

, ,..., 1 2

| ,..., 1 1 | 2 1 2 1 1

, ,...,

 | ,..., |
q q

q q

Sa x Sa x Sa x q

Sa Sa Sa q q q Sa Sa Sa

x x x

f x x x x f x x x MRD x x

ν

−

= = =

−

=

= ∆ ∆ ⋅ ∆
 (2.74) 

Equation (2.74) can be written in a simpler form 

( )
( )

1 1 2 2

1

, ,..., 1 2

1 1 1 1 2 2 1 1 1

, ,...,

      ,...,
q qSa x Sa x Sa x q

q q q q Sa

x x x

P Sa x Sa x Sa x P Sa x Sa x x

ν

ν

= = =

− −

=

   = = = = = = ⋅∆  
 (2.75) 

where 1 1 1 1,...,q q q qP Sa x Sa x Sa x− −
 = = =   is the probability content that qSa  is in the 

bin  
2

q
q

x
x

∆
±  given that 1Sa  to 1qSa −  are in bins 1

1 2
xx ∆

±  to 1
1 2

q
q

x
x −

−

∆
± , 

respectively, and it is given by: 
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1 1 1 1
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                                   , | ,...,

M R

q q q q
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∑∑   (2.76) 
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The first term in the RHS of Equation (2.76) is computed as follows, under the 

assumption of joint lognormality between the spectral accelerations { }1 2, ,..., qSa Sa Sa : 

( ) ( )1 1

1 1 1 1

1 1 1 1

1 1

2 2

 

q ,l q ,l q ,l q ,l

q ,i q , j k n q ,i q , j k n

q ,i q , j k n q ,i q , j k n

q q,l ,i q , j k n

x x x x

lnSa x ,...,x ,m ,r lnSa x ,...,x ,m ,r

lnSa x ,...,x ,m ,r ln Sa x ,...,x ,m ,r

P Sa x x ,...,x ,m ,r

ln ln+ −

− −

− −

−

+ +

 = = 
   − µ − µ
   = Φ − Φ   σ σ   
     

(2.77) 

where the conditional mean and conditional standard deviations can be computed 

assuming joint lognormality between the spectral accelerations and making use of a 

theorem of multivariate normal distributions (theorem 2.5.1, page 37, Anderson 1984) 

 
( )2 11 1

1
21 11 1

q q
X XlnSa x ,...,x ,m,r−

−µ = µ + −Σ Σ x μ  (2.78) 

 1 2

1
22 21 11 12

qlnSa x ,x ,m,r
−σ = Σ −Σ Σ Σ  (2.79) 

and where X  is a random vector of the natural logarithm of the spectral accelerations 

given M and R (obtained using a GMPE) that can be partitioned into:  

{ } ( ) ( ){ } { }1 2 1 1 1 2; where ,  
TTT

q qX ln Sa m,r , , ln Sa m,r X ln Sa m,r−= = =X X X

 
(2.80)

 

 { }1 21 1
 

q q

T

X Xln Sa m ,r ln Sa m ,r ln Sa m ,r
, , ,

−
= µ µ µ = µμ  (2.81) 

and  
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  (2.82) 

The second term in the RHS of Equation (2.76) corresponds to the M-R 

deaggregation for the joint hazard. The expression for the deaggregation of the joint 

hazard of q  ground motion parameters of the vector-IM of size q  is given by 

 
( )

( )

, ,
, ,

1 1, , , ,, ,...,
i l

q k n
k n i q q l i l

q

A
P M m R r Sa x Sa x

B
 = = = = = 



  (2.83) 

where  
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,..., , ,

,..., ,
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and it can be shown that  
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 (2.85) 
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Even though the equation written in this form would yield the correct 

deaggregation for a joint hazard, its computation would not be efficient. Thus, an 

algorithm is proposed to perform the computation of the M and R deaggregation for a 

set of q  ground motions parameters (Table 2.2). 

Table 2.2: Proposed algorithm for computation of MR deaggregation for joint hazard 

( )

( )

1 1,

,
2, , 2 2, 1 1, 1 1,

1. Get , |  from USGS deaggregation results

2. Set 2
  2.1. for each ,  bin:
         compute 

             , , , |
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=
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2.6. Application example: Two-dimensional case 

Figure 2.15 shows the hazard curves provided by USGS for a specific location 

(37.87N, 122.29W). In this plot the results for the mean hazard (Equation 3.18) are 
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shown in dark blue and at several hazard levels. At the acceleration values that 

produce the specified mean hazard probability of exceedances, the corresponding 

hazard for the individual GMPEs are also shown in this plot. The output of USGS 

includes not only the four seismic hazard curves but also the deaggregations for the 

mean seismic hazard curve and for each GMPE. To illustrate all the terms involved in 

the computation of the deaggregation conditional on the spectral acceleration 

“equaling” a specific spectral acceleration, consider the computation of this 

deaggregation for a the CY2008 GMPE and for the hazard level of to 2% in 50 years. 

The spectral acceleration corresponding to the 2% in 50 years hazard level is 

1, 0.9210 gix = . Considering the discretization of the spectral accelerations shown in 

Figure 2.14, let the 1, 1 0.8106 gix − =  and 1, 1 0.9808 gix + = , which correspond to 

spectral acceleration values for which hazard values and deaggregations are output by 

the USGS PSHA code. Figure 2.16 shows the M-R deaggregation plots for four 

spectral accelerations (at different hazard levels) for the CY2008 GMPE in the format 

[ ]1, |k nP M m R r Sa x= = > . The binning used in these plots corresponds to the one 

provided by USGS results 0.2M∆ =  and 10 kmR∆ = . The spectral acceleration 

values for which the M-R deaggregations are shown in Figure 2.16(a) and (b) 

correspond to specific hazard levels for the mean seismic hazard of2% in 50 years and 

1% in 50 years, respectively. Comparing, for example, Figure 2.16 (a) and Figure 2.16 

(b), slight differences are noticeable in the deaggregation plots, namely the large 

magnitude earthquakes have larger contribution to the total hazard in the case of larger 

intensities of the ground motion (larger spectral acceleration). Figure 2.17 shows the 
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M-R deaggregation of the seismic hazard of a spectral acceleration being equal to 

0.921 g. It is worth noting that due to the discretization used here for the IM, the M-R 

deaggregation performed is conditional corresponds to 

1, 1 1 1, 1, |k n i iP M m R r x Sa x− + = = ≤ <    where the spectral accelerations 

1, 1, 1 1, 1, 1
1, 1 1, 12 2

0.8654 g;   0.9554 gi i i i
i i

x x x x
x x− +

− +

+ +
= = = =   and thus based on the M-R 

deaggregations conditional on exceeding these values, respectively. 

 
Figure 2.15: USGS seismic hazard curves for different GMPEs. Illustration of 

interpolations involved in estimating the seismic hazard and deaggregations based on 
values obtained from USGS PSHA. 
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Figure 2.16: M-R deaggregation conditional on exceeding 4 different spectral 

acceleration values 

 
Figure 2.17: M-R deaggregation conditional on equaling (being in the neighborhood) 

of a spectral acceleration value. 
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2.7. Application example: Three-dimensional case 

In this section examples for the computations of the intermediate terms that are 

needed to compute the vector-valued seismic hazard are shown. First, consider that the 

interest lies in computing the M-R deaggregation of the joint hazard for 

{ } ( ) ( ){ }1 2 1 2, 1.0 sec, 5% , 2.0 sec, 5%a aSa Sa S T S Tξ ξ= = = = = =IM , i.e., that the 

interest lies in the computation of the term: 

1 1, 2 2,

2 2, 1 1, 1 1,

2 2, 1 1, 1 1,
1 1

, | ,

, , , |

, , , |
M R

k n i j

j i k n k n i

N N

j i k n k n i
k n

P M m R r Sa x Sa x

P Sa x Sa x M m R r P M m R r Sa x

P Sa x Sa x M m R r P M m R r Sa x
= =

 = = = = = 
   = = = = = = =  =

   = = = = = = =  ∑∑
 (2.86) 

Equation (2.86) takes as input the M-R deaggregation conditional on the scalar 

1 1, 0.921 giSa x= =  and thus results shown in section 2.6, can be used here as building 

blocks in the computation of Equation (2.86). 

Figure 2.18 shows a graphical representation of the terms involved in the 

computation of the M-R deaggregation for a vector-IM consisting of two spectral 

acceleration { } ( ) ( ){ }1 2 1 2, 1.0 s , 2.0 sa aSa Sa S T S T= = = =IM . The second period is 

chosen as to simulate an elongation of the structural period due to inelasticity. Figure 

2.18 (a) corresponds to the M-R deaggregation of the spectral acceleration 

1 0.921 gSa = , and the Figure 2.18 (b) to (d) show the distribution of the value of the 

conditional probability mass of 2 0.1gSa = , 2 0.2 gSa = , and 2 0.3gSa = , respectively, 

given 1 0.921gSa =  and various M and R values.  
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Figure 2.18: Graphical representation of the terms involved in the computation of the 

M-R deaggregation for a vector-IM consisting of two spectral accelerations. 
 

It may be seen in Figure 2.18 (b) that the crest of the PMF is not parallel to the 

distance axis. Instead, the location of the peak follows a line that increases with both 

distance and magnitude. As the second spectral acceleration increases 2 0.1gSa =  to 

2 0.2 gSa =  (from Figure 2.18 (b) to (c)) the crest advances in the magnitude direction. 

These results are expected since the earthquake that a larger 2Sa  value given the same 

1Sa  has to be one that has a larger magnitude. As the 2Sa  is further increased from 

2 0.2 gSa =  to 2 0.3gSa =  (from Figure 2.18 (c) to (d)) the crest is seen to advance in 

terms of the magnitudes once again. 
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Figure 2.19: M-R deaggregation for a scalar IM and three different values of vector-

IM consisting of two spectral accelerations. 
 

Figure 2.19(a) shows the M-R deaggregation for the scalar IM ( 1 0.921gSa = ) and 

Figure 2.19(b), (c) and (d) show three different M-R deaggragations for the vector-IM 

consisting of three spectral accelerations { }1 20.921 g, 0.10 gSa Sa= = , 

{ }1 20.921 g, 0.20 gSa Sa= = , and { }1 20.921 g, 0.30 gSa Sa= = . It may be seen that as 

the second spectral acceleration increases, the corresponding magnitude is obtained 

from the larger magnitude earthquakes. It can also be inferred that the source-to-site 

distance does not have a very big role in the contribution to the hazard for SDOF with 

large periods. This was also visible in the terms shown in Figure 2.18. 
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Figure 2.20: Graphical representation of the terms involved in the computation of the 

M-R deaggregation for a vector-IM consisting of three spectral accelerations. 
 

Figure 2.20 illustrates the terms involved in the computation of the M-R 

deaggregation for a vector-IM consisting of three spectral accelerations 

{ }1 2 3, ,Sa Sa Sa=IM , and where: 

 { } ( ) ( ) ( ){ }1 2 3 1 2 3, , 1.0 s , 2.0 s , 0.20 sa a aSa Sa Sa S T S T S T= = = =  (2.87) 

Figure 2.20(a) shows the M-R deaggregation conditional on the spectral 

acceleration values of the two ground motion parameters { }1 20.921 g, 0.30 gSa Sa= =

. The other three plots show the conditional probability masses of for a vector-IM 

consisting of three spectral acceleration values, where { }1 20.921 g, 0.30 gSa Sa= =  

are held constant and 3Sa  is varied and takes values 3 1.0 gSa = , 3 1.75 gSa = , and 
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3 2.5 gSa = , Figure 2.20(b), Figure 2.20(c), and Figure 2.20(d), respectively. When the 

spectral acceleration of 3Sa  is changed, not only is the influence of magnitude is 

noticeable, but also the influence of the source-to-site distance is clearly discernible. 

For example, it can be seen that for the case of 3 2.5 gSa =  (in Figure 2.20(d)) the 

conditional probability masses are largest for short source-to-site distances and 

relatively large magnitudes. This is expected since for the relatively short periods of 

the associated with 3Sa  ( )3 0.20 sT = , high spectral accelerations values are typically 

generated by near-fault earthquakes, or moderate distances (10 km – 20 km) but with 

large magnitudes. 

Figure 2.21(b), (c), and (d) show the final M-R deaggregation plots for the vector-

IM consisting of three spectral accelerations values, where 

{ }1 20.921 g, 0.30 gSa Sa= =  are held constant and 3Sa  is varied and takes values of 

3 1.0 gSa = , 3 1.75 gSa = , and 3 2.5 gSa = , respectively. Figure 2.21(a) shows the 

original M-R deaggragation based on the vector-IM at values 

{ }1 20.921 g, 0.30 gSa Sa= =  for comparison. Clear differences can be seen in Figure 

2.21(b), (c), and (d). The effect of increasing the spectral acceleration of the third 

ground motion parameter corresponds to an increased importance of the bins nearest 

to the site, showing that high spectral values at shorter periods are mainly produced by 

near-fault earthquakes.  
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Figure 2.21: Graphical representation of the terms involved in the computation of the 
M-R deaggregation for a vector-IM consisting of three spectral accelerations. 

 

2.8. Conclusions 

This chapter presented an alternative, simplified and efficient method for 

computing the vector-valued probabilistic seismic hazard analysis based on a vector of 

spectral accelerations at different period that builds upon publicly available USGS 

probabilistic seismic hazard results (seismic hazard curves and M-R deaggregations of 

the seismic hazard). The formulations for VPSHA for vector-IMs consisting of two, 

three, and N-ground motion parameters were presented, and an efficient algorithm for 

computation of the M-R deaggretions for a joint hazard was also disclosed. The main 

advantage of this proposed framework is that it may be seamlessly incorporated (or 
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coupled) with hazard and deaggregation USGS scalar hazard maps results 

(http://earthquake.usgs.gov/hazards/) to make VPSHA more appealing to the 

earthquake and structural engineering community. Two application examples were 

shown here for a two-dimensional and a three-dimensional vector-valued IM, which 

were based on a specific location given by latitude and longitude. Two limitations of 

the current work should be indicated. The first limitation has to do with the 

assumption that the spectral accelerations at multiple periods, at a given site and from 

a single M-R bin can be considered to be jointly lognormal. Work by Jayaram and 

Baker (2008) concluded that the assumption of joint lognormality holds for a given a 

site, during a given earthquake, for vector-valued IMs consisting of spectral 

accelerations of up to 5 parameters. However, in certain cases, more than one seismic 

source may contribute to the same M-R bin, and as long as there is a source 

dominating the hazard the assumption should still hold for multiple earthquakes. 

Furthermore, even though the code developed herein has not been validated against 

one of the existing VPSHA codes, the development of the formulation included herein 

was closely followed by Professor Jack Baker (Stanford University), and several 

discussions by the author and the chair of the committee with Dr. Paolo Bazzurro (Air 

Worldwide), and Dr. Stephen Harmsen (USGS), were very helpful for the final 

drafting of the formulations proposed in this Chapter. 
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  CHAPTER 3

 

PROBABILISTIC SEISMIC DEMAND 

ANALYSIS BASED ON THE USE OF 

SIMPLIFIED VECTOR-VALUED 

PROBABILISTIC SEISMIC HAZARD 

ANALYSIS RESULTS 

3.1. SummaryEquation Chapter (Next) Section 1 

Probabilistic seismic demand analysis (PSDA) is a tool for computing the 

mean annual rate (MAR) of exceedance of specified seismic response parameters, 

herein referred to as engineering demand parameters (EDPs), for a given structure and 
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a designated site. PSDA combines the ground motion hazard for a designated site with 

the seismic response results from nonlinear dynamic time-history analyses (NDTHAs) 

of the structure under an ensemble of ground motions records. The ground motion 

hazard is computed through the probabilistic seismic hazard analysis (PSHA) that 

provides the MAR of exceedance of a ground motion intensity measure (IM) of a 

future earthquake ground motion (hazard). The IM used in the PSHA is also used to 

quantify the effect of the ground motions on the response of the structure, in what is 

called probabilistic structural response assessment that allows for the estimation of the 

relationship between ground motion intensity measures and the structural response 

(Baker, 2007).  

Conventional PSHA is done for a scalar ground motion IM, such as peak 

ground acceleration or spectral acceleration at a given period. In this chapter, intensity 

measures consisting of multiple spectral accelerations (at different periods) are used to 

characterize the ground motion intensity. These multiple spectral accelerations are 

grouped in a vector, and thus, the IM consisting of several scalar ground motion IMs is 

designated as a vector-valued ground motion IM, or simply, vector-valued IM. The 

theoretical framework for PSHA that incorporates vector-valued IMs was developed 

by Bazzurro (1998), and it is designated as vector-valued probabilistic seismic hazard 

analysis (VPSHA). Even though VPSHA is a tool that has been available for several 

years, inherent computational complexities have hindered its use by the earthquake 

engineering community. To address this fact a simplified vector-valued PSHA was 

presented by Bazzurro et al. (2002, 2009), and in Chapter 2, the extensions of 
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Bazzurro’s approach were presented for the case in which spectral accelerations and 

USGS scalar PSHA results are used to build the vector-valued ground motion seismic 

hazard.  

In this chapter, after a brief overview of conventional PSDA, an extended form 

of the PSDA equation is presented so as to account for uncertainties in the model class 

and in model parameters (Muto and Beck, 2006). It is shown that this extended 

equation can be simplified to the equation presented by Zhang (2006) that accounts for 

model parameter uncertainty only. Next, the conventional PSDA is extended to 

account for results of the simplified VPSHA in the PSDA computations. Software 

implementation details for the use of the USGS scalar probabilistic seismic hazard 

results are also addressed. Issues related with the prediction of the structural response 

for the vector-valued IM based on multiple spectral accelerations at different periods 

are discussed. Finally, the formulation for vector-valued probabilistic seismic demand 

analysis is established (VPSDA). While the result of PSDA is the MAR of exceeding 

specified seismic demands for a given structure and a designated site, VPSDA yields 

the MAR of exceedance (or occurrence) of a vector of response parameters. Even 

though the advantages of vector-valued PSDA will not be fully exercised within this 

dissertation, the consideration of VPSDA is especially important in loss computations 

within the PBEE for highly correlated response parameters conditional on the IMs 

(such as interstory drift ratios at two different stories, or floor absolute accelerations at 

different floor levels).  



75 

 

3.2. Background to probabilistic seismic demand analysis  

The goal of a probabilistic seismic demand analysis (PSDA) is to estimate, in 

probabilistic terms, the seismic demands that future earthquake ground motions will 

impose on the structure. PSDA couples the seismic hazard and structural seismic 

demand conditioned on the ground motion intensity measure (IM) to produce the 

seismic demand hazard curve, which provides the mean annual rate of events 

{ }EDP edp> , i.e. the mean rate that random variable EDP exceeds a specified 

threshold edp, and it is given by (Cornell and Krawinkler 2000, and Krawinkler 2000): 

 
( ) ( )EDP IM

IM

edp P EDP edp IM im d imν ν=  > =  ∫   (3.1) 

where the term P EDP edp IM im > =    is obtained from nonlinear dynamic time-

history analyses (NDTHAs) of a computational structural model subjected to an 

ensemble of ground motion records, and ( )IMd imν  is the differential of the seismic 

hazard curve at IM im= .  

Equation (3.1) corresponds to a curve representing ( )EDP edpν  versus edp  and 

is called the seismic demand hazard curve. In this equation, the ground motion 

intensity is being described by a single ground motion parameter. The IM is typically 

taken as the PGA or ( )1aS T , and this same IM is used as the predictor of the structural 

response, namely EDP conditional on IM. To obtain probabilistically accurate results, 

the IM has to be: (i) a measure that is sufficient to characterize the ground motion, thus 

containing within itself the information regarding magnitude, source-to-site distance 
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and any other ground motion characteristics (Shome et al. 1998, Luco and Cornell 

2006); and (ii) an efficient measure (Luco and Cornel 2006), in which a more efficient 

IM will render a smaller variance in the prediction of the EDP conditional on the IM. 

These issues were already discussed in Baker (2005) and will be later addressed in 

Chapter 7 showing that vector-valued IMs are ideal candidates for improving 

efficiency. Other authors (Shome et al. 1999, Baker 2005) have also shown that 

vector-valued IMs are also better at the “sufficiency” condition. As it was described in 

the previous chapter, the measure IM can be vector-valued, in which case the 

corresponding integral shown in Equation (3.1) may be re-written to involve several 

folds to account for vector-valued IMs as shown in Chapter 2. 

An EDP typically characterizes the structural demand in terms of structural 

global and/or local response quantities. Examples of EDPs commonly used for 

building structures include peak interstory drift ratio (PIDR), peak floor absolute 

acceleration (PFA), and peak inelastic component deformations (e.g., plastic hinge 

rotations), but other response quantities may also be considered, e.g. system forces, 

component forces and deformations, and section forces and deformations.  

Several possible sources of uncertainty are expected to define the MAR of 

events { }EDP edp> . Equation (3.1) implicitly accounts for aleatory and epistemic 

uncertainties of the structural system and its computational model, respectively. 

Krawinkler (2002), Porter (2003), and Baker and Cornell (2003) listed potential 

sources of uncertainty in the computations involved in the PBEE. Of special interest to 

this study are the uncertainties associated with the IMs and the uncertainties associated 
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with the EDPs. The uncertainties associated with the IM were discussed in Chapter 2. 

The main sources of uncertainty associated with the EDPs are related to 3-D effects, 

location of the earthquake input, material and geometric structural characteristics, and 

hysteretic characteristics of all important components of the soil-foundation-structural-

nonstructural systems and their interaction. These uncertainties associated with the 

EDPs tend to increase with the severity of structural response (Krawinkler 2002, 

Zhang 2006, Faggella 2008). Most of the aforementioned uncertainties are considered 

to be epistemic, except for the ones related to material properties that are usually 

considered to be aleatory in nature. As many sources of epistemic uncertainty are 

present, effect screening (parametric sensitivity studies) should first be performed 

before all sources of uncertainty are accounted for in the computations, namely by 

identifying the sensitivity of the EDP to different sources of uncertainty.  

Baker and Cornell (2003, Appendix E) proposed a procedure to study the 

propagation of the various sources of uncertainty in the seismic performance 

assessment of structures using the first-order second-moment (FOSM) method. The 

FOSM method is designed to approximate the mean and the variance of model outputs 

by using Taylor series expansion at a specific linearization point. Lee and Mosalam 

(2006) applied the FOSM method to study the seismic demand sensitivity of 

reinforced concrete shear-wall 2-D building model to future earthquake ground 

motions and to structural properties. Faggella (2008) and Faggella et al. (2009) applied 

the same methodology to a 3-D low-rise reinforced concrete building model. These 

two publications reached similar conclusions, mainly that: (i) the intensity measure 
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(IM) is the dominant source of uncertainty for all global EDPs (e.g., peak floor 

displacement/acceleration (PFD/PFA), peak interstory drift ratio, peak curvatures at 

critical cross-sections); (ii) uncertainties in ground motion are more significant for 

global EDPs than those in structural properties; and (iii) for global and local EDPs, the 

combined effect of randomness in the structural properties is more significant at low 

IM levels, while the opposite is true at high IMs levels. To further understand these 

issues, for large 3-D nonlinear finite element models, parameter sensitivity type 

studies are carried out to rank the model parameters in terms of their contribution to 

variance in the response.  

To date, and to the author’s knowledge, only one attempt has been performed 

at directly accounting for the model parameter uncertainty in the PBEE computations, 

namely for a two-dimensional (2-D) model of the Humbold Bay Bridge (Zhang, 

2006). Zhang (2006) considered the randomness in the model parameters in the 

computation of the MAR of { }EDP edp>  and estimated the response conditional on 

IM using the “stripe” method (Baker 2005).  Zhang (2006) concluded that: (i) at a 

given IM level, the record-to-record variability is the dominant contributor to the 

uncertainty of the EDPs, for the bridge-foundation-ground (BFG) system considered. 

The effects of the randomness in the structural mass and structural material (concrete 

and steel) properties on the EDP statistics were not significant, while on the other 

hand, randomness in the soil material properties appears to have appreciable effects on 

the first- and second-order statistics; (ii) based on reliability studies, the randomness in 

the system properties affected mainly the structural capacity (and not the demand), but 
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the randomness in the geotechnical, inertial and damping properties affected only the 

uncertainty in the structural seismic demand.  

Zhang (2006) also concluded that the accuracy in computing the MAR of 

events EDP exceeding specific values edp is greatly influenced by the probabilistic 

prediction of the EDP conditional on the IM. Zhang (2006) also mentions that it is 

important to understand the effects of all pertinent uncertainties and their propagation. 

This dissertation addresses such concerns by (i) considering a large number of ground 

motion records in the generation of the statistical model between IM and EDPs, and 

(ii)  accounting for vector-valued ground motion IM in the computation of the seismic 

demand hazard. 

Muto and Beck (2006) introduced the concepts for dealing with Bayesian 

model class selection and Bayesian updating of corresponding model parameters used 

for predicting the response of hysteretic SDOF systems using simulated data. In their 

work, the framework that allows for uncertainty quantification in candidate model 

classes and corresponding model parameters is presented. Based on concepts defined 

in Muto and Beck (2006), the PSDA framework is extended in the next section to 

account for modeling uncertainty (model class selection uncertainty and model 

parameter uncertainty).  

3.3. Probabilistic seismic demand analysis accounting for model class selection 

and model parameter uncertainty.  

Sources of uncertainty are typically categorized as aleatory or epistemic. 

Aleatory uncertainty is related to randomness in basic random variables defining the 
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real structural system (and thus they cannot be reduced). Epistemic uncertainty, or 

uncertainty in the models used to describe physical (real) structural systems and 

physical phenomena, includes the uncertainty in model class and in the model 

parameters used to describe the computational model of a structural system (Muto and 

Beck, 2006). A model class (seen here as a computational model that is selected from 

an appropriate class of models developed to describe a nonlinear structural system) is 

by definition an entity that involves epistemic uncertainty related to prior confidence 

or expert judgment of the engineer/scientist involved in the development of a 

computational model of a structural system. This epistemic uncertainty can be 

accounted for by having different engineers/researchers repeating the computational 

model development for the same structural system, for example, as it has been done 

recently in several blind-prediction contests organized in the US and Japan (e.g.: 

http://nisee2.berkeley.edu/peer/prediction_contest/). The uncertainty in model 

parameters is typically considered to be epistemic in nature, with the exception of 

some experimentally measurable material parameters. 

To account for the uncertainty associated with the use of different candidate 

computational models, their corresponding model parameters, and the intensity level 

of the seismic excitation characterized by a ground motion IM (assuming that IM is 

sufficient to characterize the ground motion, and that it is an efficient predictor for 

structural response of interest, see Luco and Cornell 2006), the predictive model for 

the EDP conditional on the IM and a candidate model class Γ can be defined using the 

Total Probability Theorem as:  
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γ θ θ

 > = Γ =  = 
 = > = = Γ = ⋅ 

⋅  Γ =  

∫ ∫ Θ

Θ

 



 (3.2) 

where ,  1,...,k classk nγΓ = =  denotes classes of discrete computational models selected 

from classn  candidate models, { }:  1, ,k i k
i nθ= =Θ   is a specific set (vector) of model 

parameters with n being the number of parameters used to define the model of the 

structural system, and 
k k kf γΓ  Γ =  Θ Θ  is the conditional distribution of the model 

parameters given that the model class kγ  is selected. Examples of model parameters 

{ }1, ,k n k
θ θ=Θ   assigned to the k-th computational model are mass, damping, and 

stiffness and strength of the structural materials (Baker and Cornell 2003, Lee and 

Mosalam 2006, and Faggella 2008). The probability term 

{ }1, , , ,k n kk
P EDP edp IM im θ θ γ > = = Γ = Θ  corresponds to the complementary 

cumulative distribution function (CCDF) of EDP conditional on IM, model 

parameters, and model class. This term can be obtained by using the “cloud” analysis 

method (Baker 2007) and thereby: (i) running NDTHAs for models kγ  with 

parameters { }1, , n k
θ θ…  for an ensemble of earthquake records, (ii) performing a 

regression analysis to estimate the conditional mean and conditional standard 

deviation of the events { }{ }1, , , ,k n kk
EDP edp IM im θ θ γ> = = Γ =Θ  , and (iii) by 

fitting a distribution for EDP conditional on IM, model class Γ, and other model 
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parameters kΘ , or by assuming that it follows a specific distribution, which could be, 

for example, the lognormal distribution. 

The MAR of { }EDP edp> accounting for the probability that a model class is 

selected, [ ], 1,...,k classP k nγΓ = = , is given by:  

( ) [ ] ( )
1

,
classn

EDP k k IM
k IM

edp P P EDP edp IM im d imν γ γ ν
=

 
= Γ =  > = Γ =   

 
∑ ∫  (3.3) 

where the predictive CCDF , kP EDP edp IM im γ > = Γ =    is given by Equation (3.2) 

in the case that the randomness of the model parameters is accounted for. This term 

can be estimated through various methods (Baker 2007). Equation (3.3) corresponds to 

a weighted average of the seismic demand hazard, and thus the product of the weight 

[ ]( )kP γΓ =  with the term inside the curly brackets corresponds to the contribution of 

each model class MAR of { }EDP edp> . 

The form of the Equation (3.3) accounts for class model averaging that may be 

useful in cases where there are multiple computational models (model classes) of the 

structure available, developed, for example, with different software, different 

formulations, and different levels of local refinement. It is the responsibility of the 

engineer/researcher performing the structural analysis and PSDA to assign different 

probabilities [ ]kP γΓ =  to each model class based on his prior confidence or expert 

judgment. In the absence of particular model selection criteria, the probability of 

selecting a model class may be given as [ ] 1
k

class

P
n

γΓ = = . In practice, it is often the 
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case that only one model class is developed due to complexities in: (i) time and effort 

that goes into the development of different nonlinear computational models of 

structural systems; and (ii) computational complexity involved in performing large 

number of NDTHA (and their post-processing) to establish the predictive model 

shown in Equation (3.3). It is worth noting that this number increases greatly if 

Equation (3.2) is used to establish the predictive model of the response conditional on 

each model class. Nonetheless, combined efforts of scientists involved in recent blind-

prediction contests, could potentially serve as the basis for fully exercising Equation 

(3.3) in the pre-test phase (Ebrahimian et al. 2012) of the new Full-Scale Structural 

and Nonstructural Building System Performance during Earthquakes & Post-

Earthquake Fire (BNCS) test under preparation at the University of California, San 

Diego.  

In the case that only one class model is used, and randomness in the model 

parameters is considered, by substituting Equation (3.2) into Equation (3.3), the MAR 

of EDP exceeding a specific value is given by (Zhang, 2006):  

( ) { } ( ) ( )1, , ,EDP n IM
IM

edp P EDP edp IM im f d d imν θ θ ν = > = = ∫  ΘΘ θ θ  (3.4) 

where  ( )fΘ θ  is the joint probability density function (PDF) of Θ, and the index 1k =  

(i.e. one model class only) was omitted in order to present the equation in a more 

compact form. Zhang (2006) accounted for model parameter uncertainty in the PBEE 

study of the Humbold Bay Bridge (Zhang, 2006). Zhang (2006) estimated the 

probability distribution of the EDP given IM and model parameters through ensembles 
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of NDTHA combined with Latin hypercube sampling following the approach 

suggested by Baker and Cornell (2003).  

For large computational models, the computation of the seismic demand 

hazard ( )EDP edpν  requires a Monte Carlo-type analysis and a large number of 

NDTHA of the computational model set at different values of θ  and for a sufficient 

large number of earthquakes ground motion records. The number of runs necessary to 

estimate these quantities can be very large and the computational complexity is often 

times still considerable for large number of parameters and runs. In this dissertation, in 

the computations for PSDA using vector-valued IM shown in Chapter 7, it is assumed 

that the uncertainties in seismic sources and GMPEs are the dominant contributors to 

the total uncertainty in EDPs (Baker and Cornell 2003). Therefore, a deterministic 

estimate of the model parameters of Θ  is set to the expected values of the model 

properties { }1 2, , , nθ θ θ=θ  , and the demand events { }EDP edp> , which are thus a 

function of the  and IM θ  are considered to be Censored Poisson events in time (since 

the sources of uncertainty in the IM renew at each earthquake occurrence in time) with 

mean rate of occurrence, ( )EDP edpν  (Der Kiureghian 2005), which can be obtained 

using the T.P.T. as:  

 
( ) ( ),EDP IM

IM

edp P EDP edp IM im d imν ν = > = ∫ θ  (3.5) 

where ,P EDP edp IM im > = θ  or equivalently as P EDP edp IM im > =    for 

conciseness yielding the form shown in Equation . 
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3.4. Probabilistic seismic demand analysis based on simplified VPSHA using 

USGS scalar probabilistic seismic hazard analysis results 

The discussion in the previous section was centered on the computation of the 

seismic demand hazard curve making use of single, or scalar, ground motion IMs. In 

this section the focus is shifted to PSDA based on vector-valued IMs, namely the 

simplified VPSHA approach introduced in Chapter 2.  

The seismic demand hazard equation that makes use of vector-valued IM 

(Bazzurro 1998, and Shome et al. 1999) is given by: 

 
( ) ( )EDP edp P EDP edp dν ν=  > =  ∫ IM

IM

IM im im  (3.6) 

 The main advantage of using vector-valued IMs is that these describe better 

the properties of the ground motions that influence the seismic response of structures. 

Shome et al. (1999) found that the PSDA based on a vector-valued IM estimated of the 

seismic demand hazard more accurately than the scalar IMs. Shome et al. (1999) used 

a two-dimensional vector { }1 2,IM IM=IM , and for this IM, Equation (3.6) can be 

expanded to: 

( ) [ ] ( )2
1 2

1 2

1 2

,
1 1 2 2 1 2| , im im

EDP im im
IM IM

edp P EDP edp IM im IM im dim dimνν ∂
∂ ∂= > = = ⋅∫ ∫ IM

 (3.7) 

where [ ]1 1 2 2| ,P EDP d IM im IM im> = =  is the predictive term of the response 

conditional on the IM, and the second partial derivative term of the seismic hazard 

ν IM  is written in a format that allows for the introduction of the definition of the joint 
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mean rate density (MRD), shown in Equation (2.11) in Chapter 2. Using the definition 

of MRD of a joint hazard, Equation (3.7) can alternatively, and equivalently, be given 

by:  

( ) [ ] ( )
1 2

1 2

1 1 2 2 , 1 2 1 2| , ,EDP IM IM
IM IM

d P EDP d IM im IM im MRD im im dim dimν = > = = ⋅∫ ∫  (3.8) 

Note that Equation (3.8) includes the use of the MRD of the vector-valued 

seismic hazard { }1 1 2 2,IM im IM im= = . In this equation there are no inherent 

approximations and results are accurate as long as the IM verifies the sufficiency 

condition. However, the complexities associated with the computation of the MRD for 

different vector-valued IMs have hindered its use in the PSDA, as was also discussed 

to great extent in Chapter 2. Bazzurro and Cornell (2002) and Bazzurro et. al (2009) 

proposed an alternative approach for VPSHA that included an assumption on the joint 

distribution of the seismic hazard, which is that the marginal and joint seismic hazard 

follows lognormal distributions. This assumption has been verified by Baker and 

Jayaram (2008) for a vector-valued IM consisting of two spectral accelerations 

(including PGA), while for other scalar IMs and vector-values IMs goodness-of-fit 

tests still have to be conducted to validate this type of assumption. Nonetheless, under 

the assumption of marginal and joint lognormality of IM, the simplified approach for 

VPSHA (see Chapter 2) makes use of: (i) site-specific marginal seismic hazard curves 

for each of the scalar ground motions parameters; (ii) the correlation matrix between 

scalar IMs (e.g. those used by Jayaram and Baker 2008); and (iii) deaggregation 

results from scalar PSHA.  
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In this dissertation, the novelty introduced in the computation of the VPSHA is 

that the scalar PSHA results are obtained from publicly available USGS seismic 

hazard results. These results include not only the marginal seismic hazard curves, but 

also the M-R deaggregation results for scalar PSHA. It is worth noting that USGS uses 

GMPE model averaging in the hazard computations and therefore in order to obtain 

seismic demand hazard consistent with the GMPEs included in the USGS hazard 

results, the seismic demand hazard and M and R deaggregation results have to be also 

given per GMPE, and only then can the MAR of events { }EDP edp>  be computed as 

the sum of the individual contributions of the seismic demand hazard computed for 

each GMPE to the total MAR of events { }EDP edp> . Details about the formulation, 

computation, and implementation of the simplified VPSHA were presented in Chapter 

2 of this dissertation.  

Next the equation for the PSDA (Equation (3.7)) is extended to allow for the 

use of the simplified VPSHA in particular for use of the USGS results. Consider a 2-D 

vector-valued IM, ( ) ( ){ } { }1 2 1 2, ,Sa T Sa T Sa Sa= =IM . The equation for the seismic 

demand hazard based on the two spectral acceleration IM is given by: 

( ) [ ] ( )
1 2

1 2

1 1 2 2 , 1 2 1 2| , ,EDP Sa Sa
Sa Sa

edp P EDP edp Sa x Sa x MRD x x dx dxν = > = = ⋅∫ ∫  (3.9) 

Equivalently (as shown in the derivations presented in Chapter 2), the seismic 

demand hazard can be expressed as: 

( ) [ ] ( ) ( )
2 1 1

1 2

1 1 2 2 | 2 1 1 1 2| , |EDP Sa Sa Sa
Sa Sa

edp P EDP edp Sa x Sa x f x x MRD x dx dxν = > = = ⋅ ⋅∫ ∫  (3.10) 
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Rearranging the terms on the RHS of Equation (3.10): 

 
( ) [ ] ( ) ( )

2 1 1

1 2

1 1 2 2 | 2 1 2 1| , |EDP Sa Sa Sa
Sa Sa

edp P EDP edp Sa x Sa x f x x dx d xν ν= > = = ⋅ ⋅∫ ∫

 (3.11) 

where the scalar differential term of the seismic hazard curve is given by 

Equation (2.10), and  

 
( ) ( ) ( )

2 1 2 1 1| 2 1 2 1 1, , ,| , , ,Sa Sa Sa Sa M R M R Sa
R M

f x x f x m r f m r x dmdrx= ∫ ∫  (3.12) 

with ( )
1 1, ,M R Saf m r x  being the PDF of M and R deaggregation of the seismic hazard 

conditional on values of 1Sa  equaling 1x , and ( )
2 1 2 1Sa Saf x x ,m,r  having to be 

computed independently for different GMPEs. 

At this stage in the development of the formulation is where the assumption of 

marginal and joint lognormality between the spectral accelerations 1 2 and Sa Sa  

becomes particularly useful. Under this assumption (Benjamin and Cornell 1970): 

 
( ) 2 1

2 1

2 1 2 1

2
2 1

2

1 lnSa x ,m,r
Sa Sa

, j lnSa x ,m,r lnSa x ,m,r

ln x
f x x ,m,r

x

 −µ
 = φ
 σ σ 

 (3.13) 

 
( )2

1 22 1 2 1

1

1
lnSa m,r

lnSa ,lnSalnSa x ,m,r lnSa m,r lnSa m,r
lnSa m,r

ln x
σ

µ = µ + ρ −µ
σ

 (3.14) 

 1 22 1 2

21 ln Sa ,lnSaln Sa x ,m,r ln Sa m,rσ = σ − ρ  (3.15) 
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and where 
1ln Sa m ,rµ , 

1ln Sa m ,rσ , 
2ln Sa m ,rµ , 

2ln Sa m ,rσ  are obtained from GMPEs and 

1 2ln Sa ,ln Saρ  is obtained using expressions presented in Baker and Jayaram (2008). 

In practical terms, the integrals involved in Equation (3.11) are computed 

numerically (discretizing and using a finite difference approach). Under the 

consideration of bins of a finite length 1x∆  and 2x∆ , for 1 2 and Sa Sa , respectively, the 

seismic demand hazard equation can be computed as: 

( ) ( ) ( )
2 1 1

1, 2,

1 1, 2 2, | 2, 1, 2, 1,
  

| , |
i j

EDP i j Sa Sa j i j Sa i
all x all x

edp P EDP d Sa x Sa x f x x x xν ν = > = = ⋅ ∆ ⋅ ∆ ∑ ∑
 (3.16) 

where { } { }1 21, 2,, 1,  and , 1,i Sa j Sax i N x j N= =  correspond to a discrete set of values of 

1SaN  of 1x  values and 
2SaN  of 2x , and where 1Sa  and 2Sa  are discretized in a form 

shown in Figure 3.1. Thus, the differential term of the scalar seismic hazard is given 

by:  

( ) ( ) ( ) ( ) ( )1, 1 1, 1, 1 1,

1 1 1 1 11, 1, 1 1, 1 2 2
i i i ix x x x

Sa i Sa i Sa i Sa Sax x xν ν ν ν ν− ++ +
− +∆ = − = −   (3.17) 

Defining ( )
2 12 2, 1 1, | 2, 1, 2,|j i Sa Sa j i jP Sa x Sa x f x x x = = = ∆   to be the probability 

content that 2Sa  is in the neighborhood of 2, jx  given that 1Sa  is the neighborhood of 

1,ix , Equation (3.16) can be, equivalently, expressed as: 

( ) ( )
1

1, 2 ,

1 1, 2 2, 2 2, 1 1, 1,
  

| , |
i j

EDP i j j i Sa i
all x all x

edp P EDP edp Sa x Sa x P Sa x Sa x xν ν   = > = = ⋅ = = ⋅ ∆   ∑ ∑  (3.18) 
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Figure 3.1: Discretization of spectral accelerations for numerical integration 

 

The MAR of the 1Sa  and 2Sa  are in the neighborhood of 1,ix  and 2, jx  can be 

given by (derivation shown in Chapter 2): 

2 2, 1 1,

2 2, 1 1, 1 1,
1 1

   , , , |
M R

j i

N N

j i k n k n i
k n

P Sa x Sa x

P Sa x Sa x M m R r P M m R r Sa x
= =

 = = = 

   = = = = = ⋅ = = =  ∑∑
 (3.19) 

In Equation (3.19), the first term within the summation is obtained assuming 

that the random variables 1 2 and Sa Sa  are jointly lognormal (see Jayaram and Baker, 

2008) given a specific site, and is computed as:  

( ) ( )2 2 1 2 1 2

2 1 2 1

2 1 2 1

2 2 1 1

2 2

 

   
, j , j , j , j

,i k n ,i k n

,i k n ,i k n

, j ,i k n

x x x x
ln Sa x ,m ,r ln Sa x ,m ,r

ln Sa x ,m ,r lnSa x ,m ,r

P Sa x Sa x ,M m ,R r

ln ln+ −+ +

 = = = = = 
   − µ − µ
   = Φ − Φ
   σ σ
   

 (3.20) 

where ( )Φ •  corresponds to the standard normal CDF of the argument, and 

2 1 ,i k nln Sa x ,m ,rµ  and 
2 1 ,i k nln Sa x ,m ,rσ  correspond to the conditional mean and conditional 

standard deviation that define the conditional PDF of 2Sa  given 1   and Sa , M R  

(shown in Equation (3.20)). 

1, 1 1, 1, 1 1, 1, 1 1,

1, 1 1,
1, 1 1, 1, 1 1,

1, 1 1, 1, 1 1,
1, 1 1, 1

;  
 

;  
2 2

;  
2 2

i i i i i i

i i
i i i i
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i i
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x x

− − +

−
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∆ ∆
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Figure 3.2 presents the software implementation architecture for computation 

of a mean annual rate of { }EDP edp>  based on a vector of spectral accelerations. 

Three branches show the functions involved in the computation of the terms in 

Equation (3.18). The first term (branch of on the left) allows for the computation of 

the differential terms in the of the scalar seismic hazard, which involve automatized 

gathering of the publicly available USGS PSH results for the specific site of interest. 

The second branch, corresponds to the term shown in Equation (3.19). For this second 

branch, the MR deaggregation results are also obtained automatically, the functions in 

grey were developed by Professor Jack Baker’s research group and are also publicly 

available for download (http://stanford.edu/~bakerjw/attenuation.html). Note that the 

graph plotted corresponds to the computation of the ( )EDP edpν  for a specific GMPE. 

In order to obtain the ( )EDP edpν  accounting for the models used in the USGS PSHA, 

these computations have to be performed for each GMPE and can then be combined 

by appropriate model averaging. The third and final branch corresponds to the 

prediction of the EDP response conditional on the vector-valued IM considered, which 

is obtained as discussed in detail in section 3.6.  
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Figure 3.2: Tree diagram illustrating functions implemented in MATLAB for 
computation of the seismic demand hazard curve based on a specific GMPE (CY2008) 

 

3.5. Bivariate vector-valued probabilistic seismic demand analysis based on 

scalar and vector-valued ground motion intensity measures. 

The MAR of exceedence of a vector of engineering demand parameters may be 

an informative quantity for engineering purposes. For example, one could be 

interested in computing the MAR of exceeding a vector peak interstory drift ratios 

(IDRs) at two different stories, or one could also be interested in computing the mean 

demand hazard rate of exceeding either that a peak IDR exceeds a specified value 1edp  

or that the maximum floor absolute acceleration at a particular floor exceeding a 
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particular acceleration value 2edp . The computation of the vector-valued EDP seismic 

demand hazards is particularly important in the loss estimations within the PBEE 

framework, in which the highly correlated EDPs may significantly affect the loss 

computations. To establish a model that defines a relationship between the vector of 

correlated response parameters and a vector of ground motion intensity measures, a 

multivariate multiple (linear or nonlinear) regression analysis (Rencher 2002) has to 

be used. It is worth noting that if the response variables are uncorrelated under the 

lognormality assumption, the multivariate multiple regression analysis is similar to 

multiple regression analysis, and yields the same regression model coefficients and the 

same conditional variances. 

Three definitions of the seismic demand hazard are developed next for: (i) the 

mean annual joint rate of events ( ) ( ){ }1 1 2 2EDP edp EDP edp> > or  ; (ii) mean rate of 

joint events ( ) ( ){ }1 1 2 2EDP edp EDP edp> >  and ; and (iii) mean annual joint rate  of 

events ( ) ( ){ }1 1 1 1 2 2 2 2d     dedp EDP edp edp edp EDP edp edp< < + < < +and . 

First, extending the Equations (3.6) for the scalar EDP based on a vector of 

ground motions parameters, the mean hazard rate of events 

( ) ( ){ }1 1 2 2EDP edp EDP edp> >  or  is given by: 

( ) ( ) ( )
1 2, 1 2 1 1 2 2, |EDP EDP edp edp P EDP edp EDP edp dν ν= > ∪ > ⋅  ∫ IM

IM

IM im  (3.21) 

which, using De Morgen’s rule can also be expressed as: 
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( ) ( ){ } ( )

( ){ } ( )

1 2

1 2

, 1 2 1 1 2 2

, | 1 2

, 1 |

                          1 ,

EDP EDP

EDP EDP

edp edp P EDP edp EDP edp d

F edp edp d

ν ν

ν

= − ≤ ∩ ≤ ⋅  

= − ⋅

∫

∫

IM
IM

IM IM
IM

IM im

im
 (3.22) 

where ( )
1 2, | 1 2,EDP EDPF edp edpIM  is the joint CDF of 1EDP  and 2EDP  conditional on IM. 

The joint CDF ( )
1 2, | 1 2,EDP EDPF edp edpIM  conditional on vector-valued IM may 

be computed as: 

 
( ) ( )

1 2

1 2 1 2, | 1 2 , | 1 2 2 1
0 0

, ,  
edp edp

EDP EDP EDP EDPF edp edp f d d du du= ∫ ∫IM IM

 (3.23) 

where ( )
1 2, | 1 2,EDP EDPf edp edpIM  is the joint PDF of 1EDP  and 2EDP  conditional on IM. 

Making use of the defintion of conditional probability, Equation (3.23) is 

expressed as:  

( ) ( ) ( )
1 2

1 2 2 1 1, | 1 2 | , 2 2 | 1 1
0 0

,  
edp edp

EDP EDP EDP EDP EDPF edp edp f d du f d du
  =  
  

∫ ∫IM IM IM  (3.24) 

where ( )
1| 1EDPf edpIM  is the marginal PDF of 1EDP  conditional on IM, 

( )
2 1| , 2EDP EDPf edpIM  is the marginal  PDF of 2EDP   conditional on 1EDP  and IM.  

Alternatively, the interest in the computation of the mean rate of vector-valued 

seismic demand events may lie in the estimation of the mean hazard rate of events 

{ }1 1EDP edp>  and { }2 2EDP edp> . This computation can be performed by defining:  

( ) [ ] ( )
1 2, 1 2 1 1 2 2, |EDP EDP edp edp P EDP edp EDP edp dν ν= > ∩ > ⋅∫ IM

IM

IM im
 (3.25) 
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where 

[ ] ( )
1 2

1 2

1 1 2 2 , | 1 2 2 1| ,  EDP EDP
edp edp

P EDP edp EDP edp f u u du du
∞ ∞

> ∩ > = ∫ ∫ IMIM  (3.26) 

and ( )
1 2, | 1 2,EDP EDPf edp edpIM  is the joint PDF of 1EDP  and 2EDP .  

[ ] ( ) ( )
2 1 1

1 2

1 1 2 2 | , 2 2 | 1 1|  EDP EDP EDP
edp edp

P EDP edp EDP edp f u du f u du
∞ ∞  > ∩ > =  

  
∫ ∫ IM IMIM  (3.27) 

Typically, EDPs such as IDR and PFA are assumed to follow marginal log-

normal distributions (ATC-58 2011). Under the additional assumption of joint 

lognormality between the EDPs, Equation (3.24) and Equation (3.27)—that make use 

of the conditional PDFs of the EDPs—become particularly useful. In this case, the 

inputs for computing a vector-valued EDP hazard are: (i) marginal PDFs of the scalar 

EDPs (estimated using one of the methods described by Baker (2007)); and the 

correlation coefficient between EDPs conditional on the IM. Namely, the computation 

of the conditional distribution between two different EDPs is given by: 

( ) 2 1

2 1

2 1 2 1

2
2 1

2

1 ln EDP edp ,
EDP EDP ,

ln EDP edp , ln EDP edp ,

lnedp
f edp edp ,

edp

 − µ
 = φ
 σ σ 

im
IM

im im

im  (3.28) 

where 

( )2

2 1 2 1 2 1

1

1
lnEDP

ln EDP edp , lnEDP lnEDP ,lnEDP lnEDP
ln EDP

lnedp
σ

µ = µ + ρ −µ
σ

im
im im IM im

im  (3.29) 

 2 1 2 1 2

21ln EDP edp , ln EDP ln EDP ,ln EDPσ = σ − ρim im IM  (3.30) 
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Summarizing, in order to compute the marginal and conditional PDFs shown 

in Equation (3.24) or Equation (3.27), for example, the following procedure may be 

employed: 

(i) Run a sufficiently large NDTHA such that the quantity ( )
1| 1EDPf edpIM  

can be defined based on 
1ln EDPµ im  and 

1ln EDPσ im . 

(ii) Use the same NDTHA runs used in (i) to estimate 
2ln EDPµ im  and 

2ln EDPσ im   

(iii) Compute the structure specific correlation coefficient between EDP1 

and EDP2, 
1 2ln EDP ,ln EDPρ IM  

(iv) Compute the conditional mean and standard deviation: 
2 1ln EDP edp ,µ im  and 

2 1ln EDP edp ,σ im  

3.5.1. Multivariate vector-valued probabilistic seismic demand analysis based on 

vector-valued ground motion intensity measures. 

Following similar approaches used in the previous section, expressions for 

mmultivariate vector-valued probabilistic seismic demand analysis based on vector-

valued ground motion intensity measure are presented in this section.  

The joint hazard of n  vectors of  different EDPs is given by 

 
( ) ( )

1

|
n

i i
i

P EDP edp dν ν
=

 
= > ⋅ 

 
∫EDP IM

IM

edp IM im  (3.31) 

or using de Morgen’s rule: 
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( ) ( )

1

1 |
n

i i
i

P EDP d dν ν
=

  
= − ≤ ⋅  

  
∫ EDP IM

IM

edp IM im  (3.32) 

 
( ) ( ){ } ( )|1 F dν ν= − ⋅∫EDP EDP IM IM

IM

edp edp im  (3.33) 

with { }1 2, , , nEDP EDP EDP=EDP  , { }1 2, , , nedp edp edp edp=  .  

Both the bivariate mean demand hazard Equation (3.22) and the more general 

Equation (3.33) for the multivariate mean demand hazard do not bring any added 

conceptual difficulties to the formulation of the problem when compared to the 

univariate mean demand hazard equations. However, several problems arise in the 

direct evaluation of the multifold integral shown in Equation (3.33), most of which are 

associated with the estimation of the joint distribution of the multiple EDPs 

conditional on a vector-valued IM.  

The numerical evaluation of the MAR of event 

{ }1 1 2 2 3 3   ...  EDP edp EDP edp EDP edp> ∪ > ∪ ∪ >  requires the knowledge of the 

joint distribution of multiple EDPs conditioned on a vector IM, and therefore a 

multivariate distribution model is needed to describe the vector of the dependent 

random variables. While it was shown that for the univariate mean demand hazard, the 

probability of exceeding the EDP given a scalar or even a vector-IM could be obtained 

under the reasonable assumption of conditional marginal lognormality of the EDPs 

conditioned on IM, an extension of this assumption of the joint lognormality of 

multiple EDPs may be far-fetched, especially as the number of random variables 

considered increases. Most often in engineering applications, the statistical model 
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selection and inferences are only performed for the marginals and covariances of a 

random vector. This is the process that was used for the scalar EDP case, when the 

different engineering demand parameters were treated separately and structure-specific 

and site-specific correlation coefficients can be computed, provided a sufficiently 

large number of NDTHA are performed. Even though the available observations of the 

various outputs may be sufficient for selecting the marginal distributions the joint 

statistics beyond the covariances may require a prohibitive number of runs. When a set 

of marginal distributions and their covariances are known for several EDPs, and when 

assumptions of joint lognormality are not deemed to be acceptable, the NATAF model 

may also be used to fit the joint distribution, and therefore the joint hazard. 

3.6. Probabilistic structural response assessment for scalar and vector-valued 

EDPs using the cloud method for scalar and vector-valued intensity 

measures 

At this stage in this presentation, and in order to compute the seismic demand 

hazard curve expressed in Equation (3.18), the only term that requires further 

discussion is related to the estimation of 1 1, 2 2,| ,i jP EDP edp Sa x Sa x > = =   , which 

is the subject of discussion in the next section. It is also worth noting that the 

computation of the seismic demand hazard curve is not limited to two-dimensional 

vector-valued IMs. The form of Equation (3.6) separates the estimation of the response 

conditional on the IM (obtained from NDTHA) from the computation of the vector-

valued seismic hazard, and as long as the seismic hazard can be computed for a multi-

dimensional vector of ground motion parameters and the estimation of the response of 
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the structural model can be done efficiently for the multi-dimensional vector-valued 

IM (introduced in Chapter 2), the seismic demand hazard curve can also be computed 

for the multi-dimensional vector-valued IM.  

An important objective in the computation of the seismic demand hazard 

function concerns the prediction of probability distribution of the dependent random 

variable EDP given a set of ground motion intensity measures (IMs). The methods that 

can be used for EDP estimation using a scalar and vector-valued IMs have been 

described in detail by Jalayer (2003) and Baker (2006). Jalayer (2003) presented 

several methods for the probabilistic estimation of a single response parameter given a 

single scalar intensity measure, while Baker (2006) reviewed the methods presented 

by Jalayer and extended them to single response parameters given vector-valued 

intensity measures consisting of two or more parameters.  

Baker (2007) presented methods for probabilistic structural response 

assessment using scalar and vector-valued IMs and also discussed the advantages and 

disadvantages of each of the methods. The procedures described for use in the 

estimation of the EDP|IM are: (i) Perform multiple linear regression with a cloud of 

ground motions; (ii) Scale of records to the target IM1 and regress on additional 

parameters; (iii) Fit a conditional distribution for IM1 capacity to incremental dynamic 

analysis (IDA) result; (iv) Scale records to specified IM levels and calculate an 

empirical distribution; (v) Process records to match target values of all IM parameters. 

For completeness of this dissertation, a table that summarizes the pros and cons and 

applicability of the different methods is transposed from Baker (2007) and it is shown 
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in Table 3.1. It can be seen in Table 3.1 that the most straightforward methods for use 

of vector-valued IMs and for the estimation of the EDP|IM are: (i) linear regression on 

a cloud of points, and (ii) incremental dynamic analysis (IDA, Vamvatsikos and 

Cornell 2002). The main advantage of the first method is that record scaling may be 

avoided (something that has been defended by many earth scientists and 

seismologists), and generally it requires fewer computational runs than other methods. 

However, in the use of the “cloud” method standard assumptions include that: (i) the 

conditional mean is a linear function of the range of the IM considered, and (ii) 

constant variance over large ranges of IM, which is often not appropriate. The second 

method is the IDA, which may require many extra runs since the records are scaled to 

different intensities, but generalization to vector-valued IMs is straightforward (Baker 

2007). 

The cloud method is the method chosen for analysis of the PSDA 

computations performed in Chapter 7. In Chapter 7, the different EDP|IM models are 

obtained through the use of multiple linear regression analysis based on different 

vector-valued IMs (i.e. consisting of different scalar ground motion parameters), 

making the cloud method a good candidate for these type of studies since no additional 

runs are required when different sets of ground motion IMs are used in the 

computation of the seismic demand hazard curve. 
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Table 3.1: Summary of EDP IM  estimation methods (Baker, 2007) 

Method Pros Cons 
Ease of 

generalization to 
vector-valued IMs 

Linear regression on a 
cloud. 

Possible to avoid 
record scaling. 

Generally requires 
fewer records than 

other methods. 
Compatible with 

closed-form 
solutions for drift 

hazard. 

Standard assumptions 
(linear conditional mean and 
constant variance) are often 
not appropriate over large 
ranges of IM; relaxation of 

the approximations is 
possible but removes some of 
the advantages of this choice. 

Multiple regression 
on vector IMs is a 
simple extension.  

Collinearity among 
predictors may be a 

problem. 

Parametric distributions 
on IM stripes. 

Fewer parametric 
assumptions than 
with clouds. IM 
dependence can 

vary by IM level. 

Typically requires more 
dynamic analyses than cloud 

methods. 

Regression on stripes 
is less restrictive than 
regression on all IM 

parameters 
simultaneously, while 

also limiting the 
required number of 
dynamic analysis. 

Empirical CCDF on IM 
stripe. 

No parametric 
assumptions about 

response 
distribution. 

Requires a significant number 
of records for estimation. 

Curse of 
dimensionality is a 
significant problem. 

Application to 
vectors requires a 

significant number of 
records, carefully 

selected. 
Incremental Dynamic 

Analysis (IDA). 
Requires fewer 
runs than IM 

stripes if IDAs are 
formed carefully. 

Requires a few extra steps to 
create IDAs and interpolate 

to compute capacity 
distributions. 

Generalization to 
vectors is 

straightforward. 

Hybrid method: Scale 
ground motions to IM1, 
while re-weighting the 
data to match the target 
distribution of other IM 

parameters. 

Achieves the gains 
of vector IM 

methods. Records 
do not need to be 
reselected at each 

IM1 level. 

Weights for results from 
some records will be zero or 

nearly zero, essentially 
throwing away data. The 

curse of dimensionality is a 
problem for vectors with 

many parameters. 

Simpler processing 
than with explicit 
vector procedures. 

Hybrid method: Scale 
ground motions to IM1, 

while carefully 
selecting the records to 

match other IM 
parameters. 

Achieves the gains 
of vector IM 

methods while 
requiring only the 

scalar-IM 
processing 
procedure. 

Requires careful record 
selection. Records likely 
need to be re selected at 

differing IM1 levels. 

Simpler processing 
than with explicit 
vector procedures. 
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3.6.1. Main assumptions for use of the cloud method 

In the “cloud” method, the structure is subjected to a set of ground motions that 

are unscaled or that are all scaled by the same constant factor in the case that the 

unscaled ground motions do not produce structural responses large enough. For each 

of the n  earthquake records considered, the intensity of the earthquake can be 

characterized by a set of r  ground motion intensity measures, say vector-valued 

ground motion intensity measure { }1, ,=IM  rIM IM . A nonlinear finite element 

model of the structure is then subjected to the set of n  ground motions, and for each 

ground motion, an EDP value can be collected. Thus, a finite sample of n  data points 

with coordinates ( ),IMEDP  is generated. When plotted on a Cartesian coordinate 

system, these data points form a rough ellipse or “cloud” of points, giving rise to the 

name given to this method: the cloud method. In the interest of defining a model that 

relates the IM values to the collected EDP values, assume that a power law model can 

be used to describe the relation between the response and the intensity measures. This 

power law can have the form given by:  

 
0

1

,  1, , ,  1, ,ββ ε
=

∀ == ⋅ ⋅ =∏ j
r

i ji i
j

IM jEDP i n r  (3.34) 

where iEDP  is the i-th component of the response variable vector, jiIM  is the i-

th value of the j-th predictor variable, 0β  and jβ  are unknown model parameters to be 

determined, and iε  is an error term associated with each response variable data point 

iEDP . 
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By taking the natural logarithm of both sides of Equation (3.34), the model 

described by the power law can be transformed into a linear model in the log-log space 

that is expressed as:  

 
0

1
ln ,  1, ,  aln 1, ,nd β β ε

=

∀= =+ + =∑ 
r

i j ji i
j

EDP i nIM j r
 (3.35) 

With the model written in Equation (3.35), the theory of multiple linear 

regression analysis can be used to estimate the unknown model parameters, 0β  and 

β j , which are named the regression coeficients. 

If a single IM is used as the predictor variable, i.e. 1=r , , and the functional 

form of the regression model is assumed to be linear with respect to the regression 

coefficients, the theory of simple linear regression analysis can be used to estimate the 

regression coefficients. In this sense, ln iEDP , and ε i  can be considered random 

variables, since for a deterministic set of ground motion inputs, i.e. = iiIM im , for 

Equation (3.35) can be re-written as: 

 0 1n lnl i i iEDP IM IMimβ β ε= + +  (3.36) 

where the ln iEDP  are random variables representing the values of ln iedp  given a 

specified =i iIM im , which is the predictor value corresponding the ground-motion 

intensity measure of an earthquake ground-motion i ;  the linear regression 

parameters, 0β  and 1β , are the intercept and slope of the linear regression model, 

respectively; and the iε  are random error terms (variables) for a given value iim . Two 
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main assumptions are considered here. The first assumption is the error terms are 

independent of the IM  predictor variables, i.e. ε ε≡i iIM , and therefore Equation 

(3.36) can be written as: 

 0 1n lnl i i iiIM mEDP β β ε= + +  (3.37) 

The second assumption is that the error terms are independent and identically 

distributed random variables, and the error terms are assumed to have zero mean, 

constant variance and to be uncorrelated amongst themselves. In probabilistic terms 

the last sentence can be written as [ ] [ ] 20;  ;  0  i i i jVar Var i jE ε ε σ ε ε = = =  ∀ ≠ . 

Taking expectations on both sides of Equation (3.37) and using the zero mean 

assumption of the error yields the following expression 

 1ln 0ln ˆ lnˆ
EDP IM i iE EDP IM imµ β β=   = +  (3.38) 

where the linear regression parameters 0β̂  and 1β̂  are the estimates of 0β  and 1β , 

respectively. The second assumption on the variance of the errors also holds for the 

variance of the ln E D P , or equivalently :  

 [ ] 2
lnlni i EDP IMVar Var EDP IMε σ  = =

 (3.39) 

The variance 2σ  can be estimated using from the sample variance 2Ŝ : 

 

( )( )2

0 1
2 1

l lnˆ ˆn
ˆ

2

n

i i
i

edp im
S

n

β β
=

− +
=

−

∑
 (3.40) 
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Under these assumptions the simple or multiple linear regression analysis may be 

employed to estimate the regression coefficients and thus provide for estimates of the 

conditional mean and conditional standard deviations of the EDP conditional on IM. 

3.6.2. Cloud method and multiple linear regression analysis 

In this study, particular interest falls on obtaining the relationship between the 

response and the explanatory variables to make predictions about the response based 

on observing different set realizations of the explanatory variables. If the aim of the 

analysis is making predictions, the tendency could be to include all possible 

explanatory variables in construction of the regression model to be used as a predictor. 

However, as is well-established in the literature of linear regression analysis, it is often 

better to discard a portion of the variables, by using a combination of the least squares 

and methods for estimating the predictive accuracy of the regression model. When 

there is a need to select a subset of all explanatory variables to be included in the 

regression model, two main approaches are available (Seber & Lee, 2003). The first 

approach is known as all possible regressions (APR). In this approach, a criterion (or 

a set of criteria) is defined, and based on this criterion appropriate tests are performed 

for each possible subset of variables. Criteria may be based on a standard goodness-of-

fit statistics, on estimating the prediction error or on estimating some measure distance 

between the subset and the true model. The second approach is to apply a sequence of 

hypothesis tests to the problem and attempt to identify the nonzero β 's in the linear 

regression model. Several techniques are available in the literature, of which the best 

known are forward selection, backward elimination, and stepwise regression. The 
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second approach is less computationally expensive, but there is no guarantee that the 

models found will be optimal in terms of the criteria described in the first approach. It 

is worth noting that besides these approaches for subset model selection, topics such 

as ridge regression and model averaging are alternate ways of performing prediction 

estimations, although these will not be addressed in this study.  

In the prediction problem in this study, the explanatory variables are an initial 

set of spectral accelerations at different natural periods, while the dependent variables 

are the engineering response parameters. Thus, we have an initial data set 

( )( ) , ,  1, ,i i iEDP i n= =Sa T sa   consisting of ( )1n k× + − dimensional multivariate 

observations, each consisting of a response iEDP  and a k − dimensional vector of 

explanatory variables isa . Since the values of the spectral accelerations for 

earthquakes can be highly correlated the first transformation performed to the 

explanatory variables is to create a new vector to define the ground motion, which is 

given by 

 
( ) ( )

( )
( )

( )
2

1
1 1

, , ,
T

k

k

Sa T Sa T
Sa T

Sa T Sa T
IM 

−

  =  
  

 (3.41) 

The observed variability in the spectral acceleration, ( )iSa T , has been shown 

to be well represented by a lognormal distribution. Thus, the ratios of spectral 

accelerations at different periods included in the IM  vector will also follow lognormal 

distributions. The EDP response conditional on the spectral accelerations are assumed 

to follow a lognormal distribution. Based on these observations, the multiple linear 
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regression model that relates the ground motion intensity measures with the EDP 

response is defined to be of the form:  

 1, 20 2, ,1 ln lln n lnβ β β β ε+ + ++= +IM i i i k k iiim imP mED i  (3.42) 

where the index  1, ,i n=  , 1, 1, 2, 2, 1, , , 1,, , ,i i i i i k i k i k iim sa im sa sa im sa sa −= = =  are the 

explanatory variables and iε  are the independent and identically distributed (i.i.d.) 

error terms. This model describes a hyperplane in the  k − dimensional space of the 

regression variables 1.. , 1..ln j k i nim = = .  In this model, both the natural logarithm of the 

response and the natural logarithm of the explanatory terms are considered to be 

normally distributed, and consequently the error terms are also assumed to be 

normally distributed. Note that ln iEDP IM  corresponds to the response or given a 

specific set of ground motion parameters i iIM im=  (transformed by the natural 

logarithm). 

Equation (3.42) can also be written in matrix form as  

 +=Y Xβ ε  (3.43)  

where { }ln=Y IMiEDP  is an 1n×  vector of the response parameter values, X  is an 

( 1)n k× +  regression model matrix of the ground motion intensity measure 

parameters, β  is a ( 1) 1k + ×  vector of the regression coefficients, and ε  is an 1n×  

vector of random errors. Notice that the columns of X  include, not only the natural 

logarithm of the ground motions parameters ,ln k iim , for  1, ,i n=  ground motion 

and k  predictors, but also an additional column of 1s to account for the intercept term 
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0β . Theory of multiple linear regression analysis may be used to estimate the 

regression coefficients. 

3.6.3. Cloud method and multivariate multiple regression analysis 

In the simulation of the response of the nonlinear finite element, often, more 

than one response variable is of interest and these response parameters can be 

correlated. For example, it is expected, that at least until a certain degree, the increase 

in the maximum roof displacement increases as the inter-story drift also increases. To 

a lesser extent the maximum floor acceleration is also nominally correlated to the 

maximum bending moments observed at a structural component, for example.  

The general problem with performing several univariate regression analyses on 

the same set of data is that it does not take into account the inter dependence among 

the response variables. One possible way to account for accounting for multiple 

responses is to combine various responses to a single outcome variable by combining 

the various responses in some linear form using subjectively assigned weights. 

However, this method does not allow for a complete understanding on how the 

response parameters behave together. Multivariate multiple regression techniques can 

be used for such cases as multivariate multiple linear regression analyses can be 

employed to study these problems. 

In the previous sections, the work presented focused on the estimation a single 

response (dependent) variable, named an engineering demand parameter (EDP), from 

a set of predictor variables, which were designated as vector-valued ground-motion 

intensity measures (IMs). In this sub-section, with the objective of estimating the 
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relation between a set or vector of correlated response parameters, there is a need to 

predict several response variables simultaneously from a given set of predictor 

variables. For example, instead of estimating the peak inter-story drift ratio over all 

floors for a given vector IM, one may want to estimate the joint response of the peak 

inter-story drift ratio and the peak floor absolute acceleration for a given set of 

predictor variables (IMs). Since both these response variables are expected to increase 

with increasing IMs it is only natural that these response quantities are correlated. 

Such a problem of estimating the response of a vector of correlated EDPs given a 

vector of IMs may be formulated as the following multivariate multiple regression 

model:  

 ( )1 2ln , , , ,     1, , ; 1, ,im m k imEDP f im im im i n m p  ε= + = =  (3.44) 

where p  represents the number of responses, n  represents the total number of 

observations, k  is the number of input variables (intensity measures), ikim  is the value 

of the thk−  predictor variable in the thi −  observation (the IMs for a specific 

earthquake record), and imε  is the error for the thm−  response parameter for the thi  

observation. If a multivariate multiple linear regression model is considered, then 

Equation (3.44) can be written as:  

 

0 1 1 2 2ln ln ln ln ,     
                                              1, , ;  1, ,

im m m m km k imEDP b b im b im b im
i n m p

ε= + + + + +

∀ = =

IM 
 

 (3.45) 

or equivalently in matrix form: 

 
= +ΞY XB  (3.46) 
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where [ ]( , ) ( , )
lnn p im n p

EDPY Y= =  is an n p×  matrix of the natural logarithms of the n  

observed values (one for each of the n  earthquake records used in the simulation) on 

the p  response parameters (EDPs), ( , 1) ( ,1) ( , ) ( , 1)
lnn k n n k n k

X X 1 IM+ +
 = =    is an 

1n k× +  matrix with a first column of ones and k  columns for each predictor variable 

(natural logarithms of k  ground motion intensity measures, IMs), ( 1, )k pB B +=  is a 

( )1k p+ ×  matrix of the unknown regression parameters, and [ ]( , ) ( , )n p im n p
εΞ = Ξ =  is 

an n p×  matrix of the error terms, whose rows for given X are uncorrelated. 

By analogy with the univariate case, assuming that [ ]E Y XB=  or [ ]E 0Ξ = , 

the unbiased least squares estimator of B , i.e., β̂  and is given by the equation 

 ( ) 1β̂ X X X Y−= ′ ′  (3.47) 

where X ′  is the transpose of X . β̂  is the least squares estimate because it minimizes 

ˆ ˆE Ξ Ξ′= , which is a matrix analogous to the error sum of squares (SSE) of the 

univariate multiple linear regression. 

The unbiased estimator of the covariance matrix Σ  can be given by  

 1eS
n k

E
=

− −  (3.48) 

that is  

 
[ ]

ˆ ˆ

1e

E
E S

n k

Ξ Ξ
Σ

 ′ = =
− −

 where ˆΞ̂ Y Xβ= −  (3.49) 
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or similarly 

 
( ) ( )1 ˆ ˆ

1
E

n k
Σ Y Xβ Y Xβ ′= − − − −    (3.50) 

which can also be written as:  

 

ˆ

1

E E

n k

Y Y β X Y
Σ

   ′ ′ ′−
   =

− −  (3.51) 

3.7. Conclusions 

The main objective of this chapter was the presentation of formulation for 

probabilistic seismic demand analysis that incorporated the use of the simplified 

vector-valued probabilistic seismic hazard analysis (PSHA) formulation presented in 

Chapter 2. After the presentation of the background information on conventional 

probabilistic seismic demand analysis equation based on scalar-valued IM PSHA was 

first presented, the firs contribution of this chapter was the extension of PSDA to 

account for model class selection and model parameter uncertainty. Due to 

complexities in the application of this proposed extended equation it is not fully 

exercised within the scope of this dissertation, but its application to specific problems 

in the near future is granted. The second and main contribution related to the 

probabilistic seismic demand analysis equation was its extension to account for an 

efficient application of the simplified VPSHA results that make use of the USGS 

scalar probabilistic seismic hazard analysis results (full derivation are presented in 

Chapter 2). Implementation considerations of the PSDA under the simplified VPSHA 



112 

 

were also discussed. The main advantage of this new PSDA equation is that is allows 

for an efficient consideration of vector-valued IMs and makes use of the publicly-

available, state-of-the-art, and well-maintained USGS probabilistic seismic hazard 

maps, including site scalar seismic hazard and magnitude M and source-to-site 

distance R deaggregations of the seismic hazard. This formulation provides for a very 

efficient way of computing the mean annual rate of event { }EDP edp>  once ground 

motion hazard has been computed and the prediction of the structural response have 

been performed. Amongst the different methods presented in this chapter for 

predicting structural response, the “cloud” method was the method selected for 

prediction of the probability distribution of structural response given a scalar and 

vector-valued IM. The “cloud” method allows for simple and multiple linear 

regression analyses on multiple IMs simultaneously (Shome and Cornell 1999, 

Bazzurro and Cornell 2002, Luco et al. 2005, Baker 2007). It also allows for the 

consideration of vector-valued EDPs responses, and in this case, multivariate multiple 

linear regression analyses have to be performed. The equations needed for estimating 

the conditional mean response and conditional standard deviations of the EDPs|IM 

were borrowed from the literature and are also presented herein for completeness. In 

this chapter formulation that allows for the computations of bivariate or multivariate 

vector-valued EDPs based on vector-valued IMs and making use of the cloud method 

are also presented for future use. The main limitations of the work presented in this 

chapter is that not all formulation presented is fully exercised in this dissertation. 

Nonetheless, it should be emphasized that in the presentation of the formulation made 
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here, implementation and possible computational issues were discussed and possible 

solutions presented. 
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  CHAPTER 4

 

NONLINEAR TRUSS MODELING 

APPROACH FOR REINFORCED 

CONCRETE WALLS 

4.1. SummaryEquation Chapter (Next) Section 1 

The modeling and analysis of reinforced concrete wall buildings under severe 

earthquake excitations has been a challenging problem for the engineering community. 

Extensive experimental research has been carried out to study the behavior of 

reinforced concrete walls and frame-wall systems, and several nonlinear formulations 

for modeling of concrete walls have been developed. Even though refined modeling 

approaches for nonlinear dynamic analysis of reinforced concrete walls can be 

adopted, they typically involve significant pre- and post-processing efforts and very 

time consuming computations. Therefore, there is a need for use of relatively simple 
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models that provide accurate estimates of the nonlinear dynamic response quantities 

with reduced computer run times (Wallace 2007). 

In the past two decades, the research community has arrived at a general 

consensus that, for reinforced concrete flexural walls, the modeling approaches that 

strike a good balance between accuracy of the estimated nonlinear response and 

computational efficiency include the use of fiber beam-column elements (Spacone et 

al. 1996) or the use of Multiple-Vertical-Line-Elements (MVLEs) (Vulcano and 

Bertero 1987). More recently, models have been also been proposed to incorporate the 

interaction between flexural/axial behavior and shear behavior (Wallace 2007). 

Panagiotou and Restrepo (2006) proposed another approach that involves the use of 

two-dimensional nonlinear strut-and-ties and accounts directly for shear-flexure 

interaction in a reinforced concrete wall. 

This chapter presents a two-dimensional (2-D) and a three-dimensional (3-D) 

nonlinear truss modeling approach for numerical simulation of the nonlinear dynamic 

response of structural walls. Three case studies are used to validate the modeling 

approach. The first two case studies correspond to structural wall components that 

were cyclically tested. In the last case study, the full-scale seven-story reinforced 

concrete wall building slice that was tested on the NEES-UCSD shake table in 2006 is 

used as for model validation. As part of the model validation efforts, in the last case 

study, two different nonlinear FE models are developed. In the first model, the 

dynamic nonlinear truss modeling approach presented in this chapter is used to model 

the web wall, while, in the second model, the web wall is modeled using force-based 
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nonlinear fiber beam-column elements. Realistic nonlinear inelastic constitutive 

models are used for the structural concrete and reinforcing steel. In order to capture 

the main effects of the three-dimensional response, particular attention was given to 

the three-dimensional kinematic interaction between the walls, the slab and the gravity 

system, which had a significant influence on the building’s dynamic response. Both 

models are subjected to the same sequence of seismic base excitation that was 

measured in the UCSD shake-table test. Representative responses of the models to the 

sequence of the shake table inputs are presented and compared to the experimental 

response.  

4.2. Introduction 

In the aftermath of the Mw 8.8 2010 Maule earthquake in Chile and the Mw9.0 

Tohuko 2011 earthquakes in Japan a first general observation that has been made by 

U.S. practicing engineers and scientists in earthquake engineering that visited those 

countries, is that the modern building codes are leading to structural designs that 

perform well in the sense that a remarkably small number of large structures 

collapsed. Chile is of particular interest to engineers in the U.S. because it employs 

similar building codes to those in California. One observation was made in Chile, 

which is that several buildings experienced structural failures in reinforced concrete 

walls. The types of failures observed were due to: (i) diagonal tension or diagonal 

crushing caused by shear, (ii) instability of thin walled sections, (iii) instability of the 

principal compression reinforcement within the boundary elements. Examples of these 

types of structural wall failures are shown in Figure 3.2(a) and Figure 3.2(b). In Figure 
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3.2(a) inclined cracks may be visible in a wall in which the diagonal compressive 

failure of the concrete was observed. In this case, the compressive failure is attributed 

to the vertical irregularity of the length of the structural wall which was reduced at this 

lower level to allow for adequate car parking. Figure 3.2(b), on the other hand, shows 

damage due to the instability of the principal longitudinal reinforcing steel. In this 

case, the reason for the failure was attributed to high axial loads and poor detailing of 

boundary elements of the structural walls. Both these types of failures are not expected 

to occur in US buildings designed according to current codes, but confinement of the 

end zones and boundary elements are topics that require special attention, and as the 

design requirements proved insufficient in Chile; one solution would be to require that 

confining reinforcement be placed along a greater length of the wall. 

   
(a)                                                        (b) 

Figure 4.1: Examples of observed wall failures in Maule 2010 earthquake in Chile: (a) 
Inclined crack in wall of a building in Maipu, Chile (Photo: Jack Moehle) (b) 

Instability of thin walled section due to compression of the principal longitudinal 
reinforcement of a building in Toledo, Chile (Photo by Roberto Leon) 

 

The failure modes in structural walls may be classified in two main categories: 

the flexural failure and shear failure. Figure 4.2(a) shows a typical crack pattern for a 

flexural mode of failure of reinforced concrete walls, while Figure 4.2(b), (c) and (d) 

show three types of shear failures, which are failure by diagonal tension, sliding on 
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horizontal cracks, and sliding on construction joints, respectively. Sliding  

Several approaches may be employed when modeling reinforced concrete 

structural walls, which include: 

1. lumped plasticity models 

2. distributed plasticity models making use of fiber beam-column elements  

3. macro-models such as Multiple-Vertical-Line-Elements (MVLEs), FEM 

panel models, and stringer-panel models 

4. nonlinear truss or strut-and-tie models 

5. 2-D and 3-D continuum finite element models  

 
Figure 4.2: Failure modes in cantilever walls (Paulay and Priestley 1992) 
 

(a) Flexural 
failure

(b) Diagonal 
tension

(c) Sliding on 
flexural  
cracks

(d) Sliding on 
construction 
joint
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Figure 4.3: Stress fields in walls (Hines et al. (2002) and courtesy of J. Restrepo) 

 

Lumped plasticity models represent the simplest approach to model reinforced 

concrete walls, and the flexure-shear interaction is implemented through empirical 

calibration of nonlinear hysteretic rules. In the past two decades, the research 

community has arrived at a general consensus that, for reinforced concrete flexural 

walls, the modeling approaches that strike a good balance between accuracy of the 

estimated nonlinear response and computational efficiency include the use of fiber 

beam-column elements (Kabeyasawa et al. 1983, Spacone et al. 1996). While in the 

original fiber models the shear behavior is modeled independently of the flexural 

behavior, and thus do not perform very well when modeling shear failures, more 

recently fiber models incorporating the interaction between flexural behavior and 

shear behavior have been proposed for both reinforced concrete columns and 

reinforced concrete walls (Ranzo and Petrangeli 1998, Pentrageli et al. 1999; Massone 

2006, Marini and Spacone 2006, Wallace 2007). However, these latter fiber models 

are computationally expensive and most of these have not been implemented in any 
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publicly-available or commercial finite element software. With respect to the macro-

models, a first example is the Multiple-Vertical-Line-Elements (MVLEs) approach 

(Fischinger et al. 1992, Vulcano and Bertero 1987). The MVLEs approach is similar 

to fiber models since it also models independently flexural and shear behaviors. Other 

examples of macro-modeling of reinforced concrete walls include FEM panel models 

(Chen and Kabeyasawa 2000, Kabeyasawa and Milev 1997, Kabeyasawa et al. 1983, 

Massone 2006) and stringer panel models (Blaauwendraad and Hoogenboom 1996). In 

the FEM panel models, (Chen and Kabeyasawa 2000, Kabeyasawa and Milev 1997, 

Kabeyasawa et al. 1983) the boundary elements of a reinforced concrete wall are 

idealized as axial springs, while the web of the wall is modeled using nonlinear plane 

stress elements (e.g. iso-parametric or incompatible FE using 2-D smeared crack 

model for the concrete and smeared reinforcing steel). Another example (Spacone et 

al. 1996) of a FEM panel model is the one proposed by Massone (2010), which 

integrates reinforced concrete panel behavior into a displacement-based MVLEM by 

prescribing a horizontal shear spring to each vertical element, where the horizontal 

spring is calibrated using a 2D finite element formulation model (2D-FEM) that 

incorporates identical reinforced concrete panel behavior. Stringer panel model uses 

nonlinear springs to carry shear flow and the nonlinear panels to represent concrete 

panels. The use of truss or strut-and-tie models for nonlinear cyclic and dynamic 

analysis of reinforced concrete walls has seen its main development in the past decade. 

(Barbosa et al. 2009, Eom and Park 2010, Mazars et al. 2002, To et al. 2003a, To et al. 

2003b, Miki 2004, Panagiotou and Restrepo 2006, Panagiotou et al. 2006, Eom and 
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Park 2010) are examples of publications that used nonlinear cyclic and/or dynamic 

truss models for modeling reinforced concrete components and have been shown to 

provide a good alternative for accounting for the shear-flexure interaction. 

Furthermore, since strut-and-tie approaches are now also used in design, analytical 

tools based on truss or strut-and-tie models allow for a more symbiotic and holistic 

approach for design and analysis of reinforced concrete structures. By far, the best 

results in terms of nonlinear analysis of reinforced concrete walls have been based on 

2-D and 3-D FE nonlinear plates and shells that make use of smeared discrete crack 

approaches for modeling reinforced concrete elements. 

Panagiotou and Restrepo (2006) proposed an alternative approach for two-

dimensional modeling of reinforced concrete walls involving the use of nonlinear 

trusses and accounts directly for shear-flexure interaction in a reinforced concrete wall 

(see Figure 4.4 and Figure 4.5). The nonlinear dynamic truss model consists of four 

main parts: 

1. horizontal frame elements representing the effective width of the slabs at 

the floor levels;  

2. truss elements in the vertical direction representing concrete and 

reinforcing steel;  

3. truss elements in the horizontal direction corresponding to horizontal 

effective areas of reinforcing steel and concrete; and  

4. parallel (or variable) angle truss elements representing the diagonal 

concrete struts with an effective area that is the product of the effective 
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width of each strut by the width of the wall, where the effective width of 

the struts is computed as the length of the wall diagonal divided by the 

number of diagonals in each direction.  

 
Figure 4.4: Nonlinear truss modeling approach for 2-D reinforced concrete wall panels 

using variable angle concrete struts (Panagiotou and Restrepo 2006) 
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Figure 4.5: Nonlinear truss modeling approach for 2-D reinforced concrete wall panels 

using parallel angle concrete struts (Panagiotou and Restrepo 2006) 
 

In the modeling of reinforced concrete walls, two different configurations for 

the truss elements are considered, as shown in Figure 4.4 and Figure 4.5. Figure 4.4 

corresponds to a model that can be used when flexural hinging is expected, i.e., in 

cases in which the fanned (variable angle) stress field will occur (see red zone in 

Figure 4.3). The model shown Figure 4.5 is appropriate for initial stages of loading of 

flexural hinging walls, for wall panels where significant inelastic behavior is not 

expected, and also for walls that exhibit shear failures. Panagiotou and Restrepo 

(2011), have made several extensions to the original model developed in 2006. The 

most up-to-date model also accounts for the proper selection of the size of the 

elements in order to avoid undesirable localization. The work presented herein builds 

on the original model proposed by Panagiotou and Restrepo (2006) and extends it so 
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that it may also be used to model 3-D wall panels. This modeling approach is 

explained in the next subsection 

4.2.1. Description of the 3-D nonlinear truss model 

For the analysis of 3-D structures the modeling approach used herein builds 

upon the two-dimensional truss models described in the previous section, so that the 

wall panel can also be subjected to out-of-plane loading. 

Figure 4.6 shows a structural wall segment (panel) in which the concrete 

diagonals are set in a variable angle configuration. This first layout follows closely the 

expected final stress trajectories in a wall that exhibits a flexural mode of failure as the 

one shown in Figure 4.3 and reported in the literature. In Figure 4.7 the structural wall 

panel model is characterized by diagonal trusses set in a parallel angle configuration. 

Either layout is able to capture the shear-flexure interaction. When modeling 

reinforced concrete walls, the layout of the model shown in Figure 4.6 is considered to 

be most adequate for modeling regions of the wall where plastic hinges are expected 

to form. Additionally, the model shown in Figure 4.6 is appropriate for modeling 

zones in which there is a strength and stiffness transition along the height of the wall. 

In contrast, the layout shown in Figure 4.7 is ideal for wall panels that are either B-

regions with near elastic behavior and for modeling wall panels that are expected to 

fail in shear modes of failures with small flexural deformations such as is the case of 

squat walls (e.g. Massone 2006, Massone and Wallace 2006, Panagiotou and Restrepo 

2011). 
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Figure 4.6: Nonlinear modeling approach for 3-D reinforced concrete wall panels 

using variable angle concrete struts 
 

 
Figure 4.7: Nonlinear modeling approach for 3-D reinforced concrete wall panels 

using parallel angle concrete struts 
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In this nonlinear dynamic truss modeling approach, perfect bond is assumed 

between the concrete and reinforcing steel. Phenomena such as tension stiffening, 

tension softening, bond-slip, or bar buckling, for example, may be incorporated into 

the definition of the nonlinear behavior of the truss elements. It should be noted that 

even though the model developed by Panagiotou and Restrepo (2006) and extended by 

Panagiotou and Restrepo (2011) accounts for reduction of compressive stresses of 

diagonally cracked concrete with increase of transverse tensile strain (modified 

compression field theory), the current models developed in OpenSees do not account 

for this effect. 

Depending on the degree of refinement and computational complexity desired, 

it should be noted that three main variations of the modeling approach are possible. 

The first and most simple approach is to introduce, in parallel with the truss elements, 

linear elastic beam-column elements with cracked section properties for out-of-plane 

bending and negligible in-plane bending stiffness. In such a modeling approach, the 

out-of-plane loads are carried solely by the linear elastic elements, while the in-plane 

loads are carried by the nonlinear truss elements. The second approach, shown in 

Figure 4.6 and Figure 4.7, corresponds to the addition of linear elastic beam column 

elements providing the out-of-plane flexural stiffness in the web of the wall, and fiber-

section elements are placed in the boundary elements, replacing the truss elements in 

this location. This approach is thought to be a good compromise between accuracy and 

ability to capture the inelastic response, and thus, it will be validated and calibrated in 

the subsequent sections. A third approach envisioned, although not tested here in this 
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study, is to replace all vertical and horizontal truss elements with a grillage of 

nonlinear fiber-section beam column elements, and for the diagonals, beam column 

elements would also be introduced. Proper calibration of the shear stiffness for in-

plane and out-of-plane loading would have to be performed, but it is potentially a very 

powerful model, to be studied in future modeling efforts of structural wall panels. 

4.2.2. Model validation – case study 1: Oesterle B7 Test (1979) 

The first validation example corresponds to the test B7, which is one of a series 

of walls tested by Oesterle (1976, 1979) for the Portland Cement Association. The 

experiments consist of 1/3-scale prototype five-story shear wall building subjected to 

cyclic quasi-static loading. Figure 4.8 illustrates the dimensions and detailing of the 

Oesterle B7 test specimen. The specimen measures 6.25 ft (1,910mm) in width and 15 

ft (4,570mm) in height. The walls are 4-inch (102 mm) thick in the web, and boundary 

elements on both ends are 12 inch×12 inch (305 mm×305 mm). The reinforcement 

ratios are also shown in Figure 4.8(a) and listed in Table 4.1. The test specimen was 

modeled using the nonlinear truss modeling approach and the discretization adopted is 

shown in Figure 4.8(a). For analysis purposes the top element was modeled as a stiff 

element, which is where the horizontal load was applied to the wall. The axial load 

applied in the test corresponds to approximately 3.77 MPa and this load was uniformly 

distributed in the top slab element. The experimentally obtained material parameters 

are listed in Table 4.2. 
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    (a)                                                                  (b) 

Figure 4.8: Nonlinear modeling approach for 3-D reinforced concrete wall panels 
using parallel angle concrete struts 

 
The footing of the wall was not modeled and the wall was assumed to be fixed to the 

footing. The Concrete02 and Steel02 material models were used in this analysis. The 

assumed model material parameters are listed in Table 4.2. A displacement controlled 

cyclic analysis was performed. 
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Table 4.1: Material properties of Oesterle B7 test 
Zone Concrete Reinforcement 

cf ′  
(MPa) 

cE  
(MPa) 

 

yf  
(MPa) 

shρ  
(%) 

 

yf  
(MPa) 

lρ  
(%) 

 

yf  
(MPa) 

sρ  
(%) 

 

Web wall 49.3 30,100 
 

489 0.63 
 

489 0.29 
 

489 1.35 
 

Boundary 
elements 49.3 30,100 

 

489 0.63 
 

489 3.67 
 

489 1.35 
 

shρ  - reinforcement ratio of the horizontal (transverse) reinforcing steel in the web 
wall 

lρ  - reinforcement ratio of the longitudinal (vertical) reinforcing steel  

sρ  - reinforcement ratio of the confining reinforcing steel in the boundary elements 
 

 

Table 4.2: Concrete02 and Steel02 material properties for Oesterle B7 test 
Zone Concrete Reinforcement 

 
cf ′  

(MPa) 
cE  

(MPa) 
 

yf  
(MPa) 

shρ  
(%) 

 

yf  
(MPa) 

lρ  
(%) 

 

yf  
(MPa) 

sρ  
(%) 

 

Web wall 49.3 30,100 
 

489 0.63 
 

489 0.29 
 

489 1.35 
 

Boundary 
elements 49.3 30,100 

 

489 0.63 
 

489 3.67 
 

489 1.35 
 

 

 

The experimental and analytical load-displacement responses are shown Figure 

4.8(b). One notable discrepancy between the experimental and analytical results from 

the cyclic analysis is that the pinching is slightly different, and it is more pronounced 

in the transition from positive to negative applied loading. A possible explanation for 

this difference has to do with the concrete model being used, which does not consider 

any crack closure effects, resulting in more pinching of the analytical response. The 

peak capacities and initial stiffness is observed in the test are well captured by the 

analytical model, and thus the model is deemed satisfactory Nonetheless, it should be 

noted that the concrete model used does not account for the crack closure effects nor 

does it account for a reduction of the peak capacity in compression struts due to large 
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orthogonal tensile strains. The steel material model used does not account for strain 

penetration effects or bar-buckling phenomena. Further study is needed for cases when 

such behavior (in concrete or steel) is important. In addition,  the response of 

deficiently designed walls may experience shear failures caused by yielding of shear 

reinforcement, web crushing or sliding at the base (Paulay and Priestley 1992), which 

cannot be captured by the current model. Furthermore, the response of the walls may 

be influenced by bond failure of lap splices, and the current model also does not allow 

for this behavior. However, by appropriately assigning calibrated hysteretic rules, 

most of the aforementioned phenomena can be implemented in the nonlinear truss 

models, but this calibration requires further study. 

4.2.3. Model validation – case study 2: Sittipunt W2 test (2001) 

Sittipunt et al. (2001) reported four reinforced concrete wall specimens (W1-

W4) that were constructed and tested to study the influence of amount and orientation 

of the web reinforcement. Specimen W2 is the most similar to current code practice in 

the US. In fact, the wall was proportioned according ACI 318-99 provisions for 

regions of low and moderate seismic risk. Figure 4.9(a) shows the dimensions of the 

walls and the reinforcement ratios. Web-wall was 100 mm (3.93 in) thick. This 

specimen was reinforced with a single layer of horizontal and vertical web 

reinforcement. The transverse reinforcement in the boundary elements was not 

intended to provide confinement of the concrete core as the amount of transverse 

reinforcement corresponds to about 1/5 of that required in the US in high seismic risk 

zones.  
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The reinforcement in specimen W2 was selected such that the nominal shear 

strength of the wall is 25 % higher than the flexural strength. Horizontal web 

reinforcement was spaced at 100 mm (3.93 in) on center, and vertical web 

reinforcement was spaced at 150 mm (5.91 in) on center.  

Figure 4.9: Sittipunt et al (2001) W2 test. (a) Schematic representation of test 
dimensions and loading condition, and (b) finite element discretization and observed 

crack pattern. Nonlinear modeling approach for wall panels using parallel angle 
concrete struts 

 

In Figure 4.9(b), the observed crack pattern (Sittipunt et al. 2001) at the end of 

the test is shown in red. The crack pattern shows a similar distribution as the one 

shown in Figure 4.3, in which two main regions of stress fields are visible: a fanned 

(variable angle) stress field in the region below the main concrete diagonal; and a 
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parallel angle stress field, which forms above the main diagonal. For the fanned stress 

field region, it may be seen that the focus point of the fan is the toe of the wall within 

the boundary elements. In the adopted modeling approach, the inclined struts are 

placed in such a way that mimics these two different regions of stress distribution. In 

the region of the fanned stress field, the angle of the nonlinear trusses varies from 

22.4º to 59.8º. In the region of the parallel angle stress field truss elements at arranged 

at an angle of approximately 60º. A couple of points on the FE discretization are worth 

further discussion. First, the angle of 22.4º for modeling a concrete strut may be 

thought to be too small (e.g. Mazaras et al. 2002). However, on closer inspection of 

the crack pattern (see Figure 4.9(b)) it may be seen that the lowest strut that goes from 

the left boundary element to the toe of the right boundary element forms an angle of 

approximately 20.0º with the base. Second, it is clear that the crack pattern in the 

parallel angle region is closer to 45º. If one follows the top two struts from left to right 

and top to bottom by starting at the point of application of the load in the test, in fact 

these are at approximately 45º. Nonetheless, as these two struts arrive closer to the 

boundary element on the right, the angle of the strut increases to almost 60º. While 

some authors (Mazars et al. 2002, Panagioto and Restrepo 2011) have shown the 

inclination of the main diagonal influences the numerical responses obtained, these 

authors work with constant parallel angle trusses. In the modeling approach used 

herein, as a smaller part of the applied horizontal load is transferred in the parallel 

stress field region, especially at larger drift ratios, the results of the approach shown 

here tend to be less sensitive to the angle of the main diagonal strut. Nonetheless, a 
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more elaborate study on the effect of the angle of the main diagonal strut on the global 

and local results should be performed in the future, in order to further validate the 

proposed model. 

Based on the discretization shown in Figure 4.9(b) two models were generated. 

The first model corresponds to a 2-D wall panel defined following the work of 

Panagiotou and Restrepo (2006), while the second model corresponds to a 3-D wall 

panel that is discretized following the approach proposed in this study. The main 

difference between the two models is that the boundary elements in the 3-D model are 

modeled as nonlinear fiber-section beam column elements, instead of the parallel truss 

elements that account for effective area of concrete and steel within the boundary 

element as is done in the 2-D model. In addition, linear elastic elements with out-of-

plane flexural stiffness (and negligible in-plane flexural stiffness) are introduced in the 

web wall of the 3-D model. 

Figure 4.10 shows the load-deformation response for the 2-D and 3-D models. 

It may be seen that results for the two models are almost identical, and only small 

differences can be seen in the reloading phases. The analytical results for initial 

stiffness, strength at initial cracking, and peak strength for the region of negative 

loading are extremely satisfactory. From further comparison of the experimental and 

analytical results, three main differences may be observed, namely, in the peak 

strength in the positive loading direction, pinching, and degradation of strength at 

repetition of cycles at the same drift. First, the peak strength in the positive loading 

direction is not captured well. A possible reason for the unsymmetrical peak strengths 
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seen in the experimental results was not identified, and since the analytical model that 

was discretized is a symmetric way, the difference in strengths for either direction of 

loading cannot be modeled. Second, the pinching in the analytical results is much 

smaller than the one observed in the experimental results. While this discrepancy had 

also been highlighted in the previous validation example, where the crack closure and 

opening effects were also not modeled, the difference is exacerbated because of the 

absence of axial load. In this case study, under inelastic deformations, the wall 

elongates vertically and experiences a positive upward permanent deflection (see 

Figure 4.11), and thus the elevated model (in the absence of axial load) does not have 

the capacity to resist to any lateral load, as can be seen in the regions of the plots that 

show sustained decreasing drift at zero axial load. Lastly, the last cycle before failure 

is not being captured. This has to do with the fact that the model implemented in 

OpenSees not account for the reduction of the peak strength of the main compression 

strut in the presence of large perpendicular tensile strains. Nonetheless, both analytical 

models perform satisfactorily until the web-crushing is developed. 

Figure 4.12 shows the stress-strain response developed in the reinforcing steel 

in the right boundary element. Results for four sections (A through D) are reported in 

this figure. The stress-strain response of the (lumped) reinforcing steel within the 

boundary element of the 2-D Model is shown on the left column, while results for the 

3-D Model are shown on the right column. To make the results shown for both models 

easily comparable, the plots for the 3-D model correspond to average stress-average 

strain response of the two extreme reinforcing steel fibers colored in red (Figure 



135 

 

4.12(b)). 

 
Figure 4.10: Load-deformation response for 2-D and 3-D nonlinear truss models using 

variable angle concrete struts 
 

Figure 4.11: Vertical displacement response for 2-D and 3-D nonlinear truss models 
using variable angle concrete struts 

 
Analysis of Figure 4.12 confirms that the response of both models is almost 

identical. Both models capture the reduction of inelastic deformations along the 
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height, at each level the maximum strains are essentially the same. Minor differences 

are noticeable between plots shown in both columns, namely in the unloading and 

reloading, which are attributed to the fact the plots on the right column are obtained 

using a fiber-section instead of single lumped concrete and reinforcing steel fibers 

used in the 2-D model (left column).  

Figure 4.13 shows the stress-strain response developed in the horizontal 

reinforcing steel truss elements for both 2-D (Figure 4.13(a)) and 3-D models (Figure 

4.13(b)) at three different levels, corresponding to locations where the horizontal 

reinforcing steel was lumped. The first observation that can be made from inspection 

of Figure 4.13 is that the strains are largest in truss elements nearest to the main 

diagonal. The residual inelastic deformations that may be observed in element 12 are 

characteristic of models that directly account for flexure-shear interaction, and are 

consistent with experimental observations in what is referred to as “bulging” of the 

plastic hinge region. At this level, a difference between the maximum strains seen in 

element 9 for both models is noticeable. This is attributed to the fact that the boundary 

elements of the 3-D model correspond to nonlinear beam-column elements, which 

take into account flexural and shear deformations as opposed to the truss elements 

used in the 2-D model. Thus, the element nearest to the boundary column is seen to 

have smaller deformations. This is also discernable at mid-height of the wall (element 

13). 
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Figure 4.12: Stress-strain response vertical (boundary) elements for 2-D and 3-D 

nonlinear truss models using variable angle concrete struts 
 

Figure 4.14 shows the strain response of the steel fiber highlighted in the 

represented cross-section discretization of the boundary element for the 3-D model. 

The plot shows the response at four locations along the height of the wall. It may be 

seen that the largest inelastic deformations occurs at the section closest to the base, 

and the extent of the inelastic deformations is essentially limited to the first two 

sections (A and B). The reinforcing steel fibers in elements C and D, which are located 

above mid-height of the wall show very limited inelastic deformations. The residual 

deformations that are visible in these results are responsible for the plastic hinge 

elongation (in the vertical direction) previously reported in Figure 4.11. Interestingly, 

this model is also capturing the spread of inelastic deformations and highlighting the 
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fact that the plastic hinge elongation does not occur due to accumulation of plastic 

deformations at one unique section, but it is the result of accumulated residual strains 

in the reinforcing steel within the plastic hinge area. In this model, the plastic hinge 

region is corresponds to the fan stress field area. 

Figure 4.13: Stress-strain response of horizontal truss elements for 2-D and 3-D 
nonlinear truss models using variable angle concrete struts 

 

Figure 4.15 shows the response for two reinforcing steel fibers located at the 

base (Section 1) within the left boundary element of the 3-D model. Figure 4.15(a) 

shows the strain vs. applied load. It may be seen that there is a slight curvature of the 

section as the fiber is closer to the outer edge of the wall (fiber 1) shows larger strains 

than the fiber closest to the web of the wall (fiber 2). Similar conclusions may be 

drawn from analysis of Figure 4.15(b). 
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Figure 4.14: Load-strain response of a steel fiber located in a boundary element for 3-

D nonlinear truss models using variable angle concrete struts 
 

 
Figure 4.15: Nonlinear modeling approach for 3-D reinforced concrete wall panels 

using parallel angle concrete struts 
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4.2.4. Model validation – nonlinear dynamic analysis (UCSD 7-story) 

4.2.4.1. Introduction  

A full-scale seven-story reinforced concrete wall building slice was tested on 

the NEES-UCSD shake table in the period October 2005 - January 2006. The shake 

table tests were designed so as to damage the building progressively through four 

historical seismic motions reproduced on the shake table. The test structure was 

designed with a displacement-based, capacity approach for a site in Los Angeles. A 

primary objective of the shake table tests was to demonstrate that the building slice 

behaved satisfactorily with the use of about half of the longitudinal reinforcing steel 

that would be typically necessary by current codes in similar walls (e.g., UBC-97, 

1997 or IBC-2003, 2003 (UBC 1997)or (IBC 2003)), and to verify that undesirable 

shear failures were precluded through capacity design, a practice not required in the 

latest reinforced concrete codes for this building type (ACI 381-08). A secondary 

objective was to study the ability of different analytical models to predict the 

experimental response. For the full test description refer to (Panagiotou et al. 2011). 

This section presents a pair of advanced two-dimensional computational 

models for the numerical simulation of the nonlinear dynamic response of the full-

scale seven-story reinforced concrete wall building slice that was tested on the NEES-

UCSD shake table. In the first model, the dynamic nonlinear truss modeling approach 

is used to model the web wall, while, in the second, the web wall is modeled using 

force-based nonlinear fiber beam-column elements. Realistic nonlinear inelastic 

constitutive models are used for the structural concrete and reinforcing steel. In the 
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development of the 2-D model, particular attention was given to the three-dimensional 

interaction between the walls, the slab, and the gravity system, which had a significant 

influence on the building’s dynamic response. Both models are subjected to the same 

sequence of seismic base excitations that was measured in the tests. In the next few 

sections, the test description is presented; the nonlinear modeling and analysis 

parameters are introduced; and representative responses of the models to the sequence 

of the shake table inputs are presented and compared to the experimental response in 

order to validate the modeling approaches used. 

4.2.4.2. Test description 

The test structure is a slice of a full-scale reinforced concrete structural wall 

building and consists of a main wall (web wall), a back wall perpendicular to the main 

wall (flange wall), concrete slabs at each floor level, an auxiliary post-tensioned 

column to provide torsional stability, and four gravity columns to transfer the weight 

of the slabs to the shake table.  

Figure 4.16(a) displays a picture of the test structure mounted on the shake 

table, Figure 4.16(b) shows an elevation view and general dimensions of the web-wall 

above the foundation, and Figure 4.16(c) displays a plan view of the structure with 

wall and slab dimensions at different levels. The total height of the specimen above 

the foundation is 19.2m and the height from the top face of the shake table platen is 

19.92m. Two different cross-sections of the web-wall are shown in Figure 4.16(e). For 

further details, refer to the test report by Panagiotou et al. (2007). The experimental 

program investigated the response of the cantilever web wall to different levels of base 
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excitation. The input acceleration records were applied parallel to the web wall (EW 

direction). A sequence of dynamic tests (Conte et al. 2007) was applied to the test 

structure including ambient vibration, free vibration, and forced vibration tests (white 

noise and seismic base excitations). In total 68 tests were performed. The ambient 

vibration, free vibration, and white noise vibration tests were designed to perform 

system and damage identification, while the seismic base excitations were designed so 

as to progressively damage the structure. The seismic base excitations correspond to 

four historical seismic records (see Panagiotou et al. 2007) for a complete description) 

which are denoted as EQ1, EQ2, EQ3, and EQ4 in order of increasing intensity. The 

four historical seismic records applied to the structure consist of: (1) the longitudinal 

component of the 1971 San Fernando, California, earthquake recorded at the Van 

Nuys station (EQ1), (2) the transversal component of the 1971 San Fernando 

earthquake recorded at the Van Nuys station (EQ2), (3) the longitudinal component of 

the 1994 Northridge, California, earthquake recorded at the Oxnard Boulevard station 

in Woodland Hill (EQ3), and (4) the 360 degree component of the 1994 Northridge 

earthquake recorded at the Sylmar station (EQ4).  

The test structure was instrumented with an array of accelerometers, strain 

gauges, and linear variable displacement transducers (LVDTs). All data were collected 

using a single data acquisition system. In addition, the displacement response of 

selected points on the structure was measured in three dimensions using global 

positioning system (GPS) sensors. In total, more than 600 sensors were deployed with 

the intention of providing high quality data to allow calibration of new design 
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approaches and validating analytical models.  

Figure 4.16: Overview of the main characteristics present in both 2-D mathematical 
models of the building slice (Photos, courtesy of José Restrepo and Marios 

Panagiotou) 
 

4.2.5. Nonlinear modeling  

This section describes two computational models used for numerical 

simulation of the dynamic nonlinear behavior of the full-scale seven-story reinforced 

concrete wall building structure that was tested on the NEES-UCSD shake table. The 

main difference between the models is the approach used for discretizing the web 

wall. In the first, a dynamic nonlinear strut-and-tie approach is used, and in the 

second, the web wall is modeled using force-based nonlinear fiber beam-column 
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elements. 

In the development of both finite element models, special attention was given 

to the modeling of three-dimensional framing effects. Panagiotou et al. (2007) 

demonstrated that the kinematic interaction between the primary lateral resisting 

element (web wall) and the secondary structural components (flange wall, slab, 

slotted-slab, and gravity columns) played a very important role in the experimental 

response of the building slice structure. The three-dimensional framing of the slab into 

the wall had a significant effect on the magnitude of bending moments and shear 

forces that developed in the web wall. Since the framing action has the effect of 

increasing the system forces in the web wall (Bertero et al. 1985), it is designated as 

kinematic overstrength. Another source of kinematic overstrength was provided by the 

slotted slab connection between the web wall and the flange wall.  

The mass of the wall was lumped at the mid-length of the web wall, at mid-

height of the slab at every floor. In the model shown in Figure 4.17(b), the web wall 

was modeled using a dynamic nonlinear truss approach. For the post-tensioned precast 

segmental pier and the flange wall, beam-column elements with concentrated plastic 

hinges at both ends were used with bilinear origin oriented hysteresis moment-rotation 

characteristics. To model the effects of coupling between the slab-wall-gravity 

columns, properly calibrated multiple nonlinear shear springs of different inelastic 

characteristics were used in order to reproduce the measured axial force in the gravity 

columns. The steel braces that connected the post-tensioned column to the slab were 

modeled as elastic truss elements. Elastic truss elements were also used to model the 
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gravity columns. The slotted slab connection between the web and flange walls was 

modeled as a combination of three parts: first, truss elements representing the 

nonlinear hysteretic behavior of the concrete and reinforcing steel present in the slot; 

second, bilinear vertical shear springs representing the moment capacity of the slots; 

and third, bilinear vertical shear springs with initial gap to account for the effects of 

dowel action of the reinforcing steel present in the slot. A nonlinear bilinear rotational 

spring was located at the base of the wall in order to model the observed flexibility of 

the foundation platen. Perfect bond is assumed between the concrete and reinforcing 

steel. Phenomena such as tension stiffening and tension softening were considered in 

the definition of the nonlinear uniaxial material models used. On the other hand, bond-

slip, bar buckling, and effects of crack closing and opening were not incorporated into 

the definition of the nonlinear behavior. Two different levels of discretization were 

used along the height of the web wall (see Figure 4.17(b)). In the first two stories, a 

more refined mesh of truss elements was constructed. This level of detailing allowed 

for better estimation of the nonlinear response of the plastic hinge region that 

developed in the first two floors. For levels three through seven, the wall was expected 

to behave in an elastic manner and thus less refined meshes were defined. The total 

number of nodes of the model was 434 and the total number of elements 1494.  
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Figure 4.17: Overview of the main characteristics present in both 2-D mathematical 

models of the building slice 
 

The second model developed is the model shown in Figure 4.17(c). The web 

wall is modeled with one nonlinear fiber beam-column element per story. Each 

element is discretized into five fiber sections, which are located at the Gauss-Lobatto 

integrations points of the element. An analysis of the section response did not exhibit 

any softening behavior, and thus the global response is objective (see Coleman and 

Spacone 2001), and the local response will have to be post-processed following the 

regularization method proposed by Coleman and Spacone (2001). The fiber sections 

are defined from the wall cross-sectional geometry, and longitudinal reinforcing steel. 

Each section is subdivided into 80 concrete layers and steel fibers are located 

according to the drawing specifications (see Figure 4.16). The uniaxial concrete model 
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used was the Popovics/Mander model (Concrete04 in OpenSees), and exponential 

tension stiffening effects were considered. For the reinforcing steel, the stress-strain 

behavior is described by the uniaxial nonlinear Menegotto-Pinto model (Steel02). The 

material parameters for the uniaxial stress-strain constitutive laws are calibrated based 

on material testing results (Panagiotou et al. 2007), and the corresponding peak 

concrete strengths were assigned to the material parameters for each level following 

due in order to account for the different pours that were made (Panagiotou et al. 2007). 

For the fiber sections of the element located at the first level, two different confined 

concrete zones and one unconfined concrete zone were defined. Concrete material 

parameters for the confined sections were computed according to Mander et al. 

(1988). For all other levels, the concrete was modeled as unconfined and original test 

values were assumed. The flange wall was also modeled using nonlinear fiber section 

beam-column elements. The post-tensioned column was modeled using nonlinear 

beam-column elements, in which the section has a bilinear hysteretic moment-

curvature relation and linear elastic axial and shear behaviors. The coupling between 

the slab-wall-gravity columns was modeled using the same approach described for the 

nonlinear truss finite element model. The total number of nodes of the model was 74, 

while the total number of elements was 124. 

Figure 4.18 shows the deformation of the slabs during an instant of large 

displacements and the approach used in the modeling of the wall-slab-coupling. As 

shown in Figure 4.18(a), the slab warped and bent due to the constraint provided by 

the gravity columns. This is modeled indirectly as shown Figure 4.18(b) and (c). As 
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the objective was to couple the slab behavior with the rotation of the wall, the first 

three nodes shown in Figure 4.18(b) are used as reference for the coupling model 

introduced. Figure 4.18(c) shows the various components introduced to account for the 

web wall-slab-gravity column coupling. First, a fictitious node (central node shown in 

yellow) was created with the same coordinates as the middle node of the web-wall. In 

the undeformed state the vertical displacement of the fictitious node was restrained. 

Using a master-slave algorithm, the horizontal displacement and the rotations of this 

fictitious node are slaved to the middle node in the web wall. The rotations are slaved 

because it is considered to be more appropriate to describe properties of the slab in 

terms of rotation of the wall rather than uplift of one end of the wall. Second, the 

fictitious node was linked to gravity columns nodes (shown as circles in Figure 

4.18(c)), which in turn are connected to the end nodes of the walls with nonlinear 

shear springs. The calibration of these components was performed using a nonlinear 

finite element model of one half of the floor slab in Diana. In the Diana model, only 

the relative motion of the wall was considered by imposing rotations about predefined 

neutral axis depths.  
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Figure 4.18: Schematic representation of the deformation of the slabs during 
earthquake excitation and modeling of the wall-slab-gravity column coupling 

 

 
Figure 4.19: Modeling of the flange wall-slotted slab-web wall coupling 
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4.2.6. Parameters used in the nonlinear time-history response analysis 

The parameters described in this section were used in the analysis of both 

computational models shown in Figure 4.17. The simulation of all recorded shake 

table motions was performed with a single continuous sequence of concatenated 30 

sec acceleration records from EQ1 through EQ4. Rayleigh damping proportional to 

the initial stiffness and mass matrices was used. With respect to the modeling of the 

damping, the best results were obtained with damping ratios of 0.5% for mode 1 and 

2.0% for mode 2. The Newmark constant average acceleration method was used to 

integrate the equations of motion. The integration time step was chosen as 0.005 sec, 

and it was the maximum value that could be used in order to achieve satisfactory 

convergence in terms of accelerations. A nonlinear geometry transformation of the 

elements (P-Delta) was used in the analyses. 

It is worth highlighting the fact that the damping ratios used for these nonlinear 

analyses are significantly lower than the traditional values used in the design of 

reinforced concrete structures (typically 5% or higher). This is due to the fact that, first 

of all, the tested structure corresponds to a “bare” structure, i.e., does not account for 

the additional damping produced by non-structural elements, and additionally, the 

traditional values used in design correspond to “equivalent” viscous damping ratios 

and should not be used for a nonlinear finite element model of a structure that 

explicitly accounts for material inelastic behavior (i.e., hysteretic energy dissipation). 
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4.2.7. Analysis results 

Table 4.3 lists the damping and natural frequencies identified from ambient 

vibrations tests (Moaveni et al. 2011) for the first three longitudinal modes, while 

Table 4.4 lists the computed model frequencies and assigned damping ratios based on 

Rayleigh damping. The assigned Rayleigh damping is proportional to the initial 

stiffness matrix and mass matrix. Since most sources of energy dissipation are 

accounted for in the nonlinear model through the hysteretic damping in material 

models and nonlinear springs assigned, it may be seen that the values of viscous 

damping assigned to the model are much lower than the values traditionally assigned 

to reinforced concrete structures (Chopra 1995).  

Table 4.3: Identified modal parameters based on low amplitude white-noise shake-
table excitations 

  Mode 1 Mode 2 Mode 3 
Identified Frequency 1.90Hz 10.59Hz 23.45 
Identified Damping 2.8% 2.3% 0.7% 

 

 

Table 4.4: Computed model frequencies and assigned damping ratios (ξ1 = 0.5%, ξ2 = 
2.0%) 

  Mode 1 Mode 2 Mode 3 
Frequency 1.91Hz 11.1Hz 27.10 

Assigned Damping 0.5% 2.0% 4.9% 
 

 

Next, in this subsection, results from the nonlinear time-history analysis of 

both computational models are compared to the experimental results.  

Figure 4.20 shows the measured versus computed response envelopes, for 

EQ1, EQ2, and EQ4, of floor absolute accelerations, horizontal floor displacements 

relative to the base, system shear forces, and system overturning moment. Results for 
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EQ3 are not shown for clarity of the figure, since the intensity level of EQ2 and EQ3 

are similar and the envelopes tend to overlay one another. In these figures, grey lines 

correspond to the experimental values, black lines to the results from the nonlinear 

truss model and the red lines to the computed results from the model using nonlinear 

fiber beam-column elements. Note that both measured and computed shear forces at a 

given level correspond to the sum of inertial forces above that level, while system 

bending moments are computed as the sum of the products between the inertia forces 

and the associated vertical distance measured above that level. For these response 

envelopes, it can be concluded that both modeling approaches perform capturing the 

response. 

 
Figure 4.20: Response envelopes for EQ1, EQ2, and EQ4. (a) Floor absolute 

acceleration, (b) Horizontal displacement relative to the base, (c) System shear forces, 
(d) System overturning moment (ξ1 = 0.5%, ξ2 = 2.0%) 
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Figure 4.21 shows roof relative displacement time histories for all 4 

earthquakes. In general, for both displacement and system forces, excellent agreement 

is achieved in terms of amplitude and frequency content under the multiple cycles of 

the response. The main difference between the measured and computed response is 

observed after the peak displacement response for EQ4. This discrepancy is due to the 

effect of the lap splice failure observed during the test (Panagiotou et al. 2007); a 

phenomenon not being modeled in the computational models developed herein.  

 
Figure 4.21: Roof relative displacement time-history (ξ1 = 0.5%, ξ2 = 2.0%) 

 

Figure 4.22 illustrates the horizontal roof absolute acceleration time-history for 

the four earthquakes. These results show a good agreement between observed and 

computed peak amplitudes and frequencies of the model. However, for EQ3, the 

nonlinear beam column element model seems to “overdamp” the acceleration 
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response. This difference can be attributed to the assigned hysteretic models that may 

be providing greater energy dissipation than the one observed in the experiment. The 

difference between the simulated and the measured data may be due to small 

differences in the models used for concrete in tension, as tension stiffening plays an 

important role for the initial low amplitude cyclic response.  

 
Figure 4.22: Roof absolute acceleration time-history (ξ1 = 0.5%, ξ2 = 2.0%) 

 

Figure 4.23 shows the system total base shear time-history response. This 

response parameter is computed as the sum of all floor inertial forces. Both models 

show very good agreement with the obtained response parameter. As seen in the 

results of previous response parameters, after approximately 9 seconds into the time-

history of EQ3, the correlation between the measured and the computed results based 

on the nonlinear beam-column elements model is not as good. 
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Figure 4.23: System base shear force time-history (ξ1 = 0.5%, ξ2 = 2.0%) 
 

Figure 4.24 shows the measured and computed strains in the reinforcing steel 

for EQ1, EQ2, EQ3 and EQ4, at a fiber located 7.5 in from the western face of the 

web-wall, which corresponds to the location of the LVDT used to measure concrete 

strains. The computed values for the nonlinear truss model (black lines) show very 

good agreement with the measured strains. The results of the nonlinear beam column 

model (red dotted line) show a big discrepancy with respect to the measured strains. 

This was expected due to the fact that the length of the integration point (Coleman and 

Spacone 2001) at the base is considerably smaller than the actual length of the 

physical plastic hinge which forms in the wall (between 40% and 50% of the wall 

length). Therefore, the computed curvature response needed regularization.  
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Figure 4.24: Time-histories of the strain at the Western side of the web wall for all 

earthquakes 
 

Following the work of Coleman and Spacone (2001), the computed curvatures 

are regularized using Equation. (4.1) 
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where REGφ  is the regularized curvature, 2y y wlφ ε=  is the yielding curvature (with 

yε  the yielding strain of steel), wl  is the wall length, IPw  is the weight of the 

integration point IP, L  is the length of the element, PL  is the plastic hinge length 

(taken as 0 5P wL . l=  ) , and MODEL
pφ  is the original curvature output from the nonlinear 

time-history analysis. Regularized results for EQ3 are shown in Figure 4.25. 
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Figure 4.25: Strain time histories at the Western side of the web wall for EQ3 

 

4.2.8. Comments on component validation performed for the UCSD 7-story 
building slice 

A full-scale seven-story reinforced concrete wall building slice was tested on 

the NEES-UCSD shake table. This section describes two computational models that 

were used to simulate the flexure dominated nonlinear behavior of the test structure 

subjected to four consecutive table motions taken from historic earthquake records of 

increasing peak ground acceleration. In the first model, a novel dynamic nonlinear 

truss modeling approach was used to model the web wall, while, in the second, the 

web wall was modeled using force-based nonlinear fiber beam-column elements. In 

both models, particular attention was given to the three-dimensional coupling between 

the walls, the slab and the gravity columns system, which had a significant influence 

on the building’s dynamic response. Comparisons of the predicted and measured 

responses show that: (1) in general, the adopted modeling strategies produced good 

estimates of the measured response for the quantities of interest, (2) best correlations 
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between computed and measured responses were obtained for low values of damping 

ratios, (3) regularized strains from force-based beam-column elements proved to be 

good estimates for measured strains, and (4) the nonlinear strut-and-tie model proved 

to be an attractive alternative for modeling structural walls. 

It should be noted that the experimental results of the UCSD 7-story building 

slice can only be used for validation of FE modeling approach for structural 

components if all the 3-D structure are adequately modeled. In other words, kinematic 

overstrength of the building slice tested on the shake-table was non-negligible and 

thus the model developed herein had to include several phenomenological models to 

account for the various sources of overstrength, so that the computational model was 

able to capture the observed response. Since the calibration of the results is done at a 

system level, there may the hidden distortion effects in the modeling of each 

component. Nonetheless, the results obtained for the model of the UCSD 7-story 

building slice are very satisfactory. These results were obtained using two different 

modeling approaches, which increases the confidence in the modeling performed 

herein. 

4.3. Conclusions 

This chapter presents a three-dimensional (3-D) nonlinear truss modeling 

approach for numerical simulation of the nonlinear dynamic response of structural 

walls. The model developed allows for two main discretizations: (i) the first is a 

parallel angle strut wall panel that is most appropriate for modeling walls that suffer 

little damage and where Euler-Bernoulli beam assumptions hold (B-regions), and (ii) 
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the second fanned (variable angle) stress field will occur (D-regions). Three case 

studies were used to validate the modeling approach. The first two case studies 

correspond to structural wall components that were cyclically tested. In the last case 

study, the full-scale seven-story reinforced concrete wall building slice that was tested 

on the NEES-UCSD shake table in 2006 is used as for model validation. It is worth 

noting that the main structural wall of the building-slice tested was part of a structural 

system and the model validation efforts for this case study also involve modeling for 

important kinematic over-strengths and compensation effects may lead to biased 

conclusions. Nonetheless, as part of the model validation efforts for this last case 

study, two different nonlinear FE models were developed. Both models were subjected 

to the same sequence of seismic base excitation that was measured in the UCSD 

shake-table test and representative displacement and system forces compared well 

with the experimentally measured responses. The modeling approach presented strikes 

a balance between accuracy and speed and it was shown in this chapter that it is a 

good alternative for modeling of reinforced concrete structural walls in frame-wall or 

wall bearing buildings (e.g. PCA report by Panagiotou et al. 2009) as it allows for the 

nonlinear flexural-shear interaction and can capture reasonably well the global 

responses, such as interstory drift ratios and system shear forces, and also local 

responses, such as strains in concrete and reinforcing steel. The model also allows for 

the use of modified compression field theory and local effects such as bar buckling 

and strain penetration, although the model implemented in this dissertation does not 

account explicitly for any of these last phenomena described in the previous sentence. 
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Other issues related to possible localization of softening of concrete in tension and 

compression have been addressed recently by Panagiotou and Restrepo (2011) and can 

also be included in the 3-D model in the near future. 
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  CHAPTER 5

 

COMPONENT MODELING FOR 

NONLINEAR DYNAMIC TIME-HISTORY 

ANALYSIS OF A FRAME-WALL BUILDING 

5.1. Nonlinear beam-column elements for beams and columns Equation Chapter (Next) Section 1 

5.1.1. Introduction 

Different formulations can be used for modeling beams and columns. The most 

advanced models are based on 3-D brick finite element models and smeared or 

discrete concrete cracking can be accounted for, while complex phenomena such as 

bond-slip and bar buckling can be accounted for at a local continuum level. These 

models are complex, very computationally expensive, and currently their use is limited 
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to a few researchers in the scientific community. The distributed plasticity beam-

column elements (fiber-section beam-column elements) are currently the best 

alternative for modeling 3-D problems, where columns and beams can be subjected to 

biaxial bending and potentially large axial forces. However, some phenomena such as 

rebar-buckling, rebar fracture, bond-slip, pullout, and correct modeling of shear 

deformations still require more research. On the opposite spectrum of the continuum 

models are the lumped plasticity models (aka concentrated plastic hinge models). 

These models tend to be phenomenological and allow for efficient modeling of 

bending and shear failures based empirically calibrated hysteretic lumped plasticity 

models. However, they do not capture the biaxial bending and interaction with the 

axial force.  

In this study, the fiber-section beam column elements are used to model beams 

and columns. In OpenSees, even though these elements are able to capture concrete 

failure due to compressive failure of the fibers, the fiber uniaxial material models do 

not allow for robust modeling of several phenomena, such as reinforcing steel bar-

buckling and bond-slip. So, whenever one uses such elements, the range of their 

applicability has to be clearly identified, and post-processing analysis of the results is 

needed to ensure that the models are not being used beyond the range of their 

prediction capabilities. Other issues pertaining to non-objectiveness of displacements 

and strains due to localization of inelastic behavior also have to be properly 

recognized and accounted for in the modeling stage. These issues and potential 

solutions available in the literature are discussed in the next section. 
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5.1.2. Description of force-based fiber-section beam-column modeling of 
reinforced concrete beams and columns 

Considering the expected range of the axial loads that columns in the model 

will be subjected to and considering typical reinforcement ratios, the Soesianawati 

(1986) No. 1 specimen was chosen as a representative column experiment, since this 

test has a similar aspect ratio, longitudinal reinforcement, transverse reinforcement and 

axial load ratio when compared to the corresponding values of the columns of the 

building design example (see Table 5.1).  

Table 5.1: Parameters of Soesianawati et al. 1986, No. 1 specimen and typical column 
Parameters Soesianawati No.1 

(Soesianawati et al. 1986) 
Typical 
column 

Span-to-depth aspect ratio L H  4.0 3.6 

Longitudinal reinforcement ρl  1.51% 5.5% 

Transverse reinforcement ρs  0.9 % - 

Axial load ratio* ′c gP f A  0.10 -0.05 to 0.03 
 

 

Soesianawati No. 1 was a double-ended column which was tested by applying 

a uni-directional quasi-static incremental lateral displacement protocol up to the failure 

of the column. The applied axial load was equal to 10% of the column’s nominal axial 

load capacity. This load was maintained constant during the lateral testing. The aspect 

ratio of Soesianawati No. 1 is 4, the ratio of transverse reinforcement is 0.9%, and the 

ratio of the longitudinal reinforcement is 1.51%. The reinforced concrete column 

experiment Soesianawati No.1 is modeled in OpenSees by making use of a fiber-

section force-based beam-column element with distributed plasticity. 

The finite element model of the column is defined using a single fiber-section 
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force-based beam column element. The P-Delta geometric transformation was applied 

to the model. The Menegotto-Pinto Steel02 material model was used to model 

reinforcing steel. Concrete cover and core were modeled with Yassin’s (1994) model 

with linear tension stiffening material model, Concrete02 material model. The 

monotonic envelope of Yassin’s model is similar to Kent-Scott-Park (Scott et al. 1982) 

concrete model. The parameters that define the material of the model of the 

reinforcing bars are given in Table 5.2 and the parameters that define the concrete 

cover and core are given in Table 5.3. A complete description of the material models 

and their parameters is given in the OpenSees Manual (2006). The confined core 

maximum compressive strength ′ccf  and the concrete crushing strength are calculated 

according to Mander et al. (1988). The modulus of elasticity of concrete is specified to 

be 4, 700 ′=c cE f  (MPa) (ACI 318-08). A conservative estimate for ultimate 

compressive strain (Paulay and Priestley 1992) is assigned to the OpenSees model. 

This value, which is the strain at crushing strength ε cu , is calculated according to 

Equation (5.1).  

 
0.004 1.4 yh

cu s sm
c

f
f

ε ρ ε= +
′   

(5.1) 

where ρs  is the volumetric ratio of confining steel, ε sm  is the steel strain at maximum 

tensile stress, and ε sm  is the yield stress of hoops, and ′cf  is the peak compressive 

strength of unconfined concrete. Assuming 0.10ε =sm  Equation (5.1) can be re-

written as: 
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0.004 0.14 yh

cu s
c

f
f

ε ρ= +
′  

(5.2) 

Table 5.2: Reinforcing steel (Steel02) material model parameters 
Material (1)

yf
(MPa) 

sE (MPa) 
(1)b  0R  1Rc  2Rc  

Reinforcing steel 446 200,000 0.022 20 0.925 0.15 
(1) From experimental results

 
(2) (1)Based on experimentally obtained value of  702 MPa,  and assuming 0.06,  

702 446 0.022
0.06 446 / 200,000

su su

su y

su y

f
f f

b

ε

ε ε

= =
− −

⇒ = = =
− −

 

 

 

Table 5.3: Core and cover concrete (Concrete02) material model parameters 
Material 

cf (MPa) 0ε  cuf  ε cu  
λ  tf  tsE  

Concrete 
core 

(1)62.78′ =ccf  
(3)

0 2ε ′=cc cc cf E  ccuf
(1) 

εccu
(4) 

0.1 0.5 ′cf  0εt cf  

Concrete 
cover 

(2)46.5′ =cf  
(3)

0 2ε ′=c c cf E  
0.0  03ε  

0.1 0.5 ′cf  0εt cf  
(1)after Mander(1988),  (2)From experimental results,  ( )3 4, 700 ′=c cE f ,  (4)

cuε based 
on Equation (5.1) 

 

 

 

5.1.2.1. Selection of number of integration points: localization issues and 

regularization techniques 

To calibrate appropriately a finite element model that used force-based beam-

column elements, the first consideration that should be made has to do with the 

selection of the number of Gauss-Lobatto integration points to be used. 

Table 5.4 lists the length of the first integration point IPL  for a force-based 

beam-column element that has 3,4,5 or 6 integration points based on the Equation 
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(5.3) 

 

( )

( )
1

1
IP

IP
IP N

IP
i

w L
L

w i
=

×
=

∑
 (5.3) 

where ( )1IPw  is the weight of the first point, L  is the length of the finite element, and 

( )
1

IPN

IP
i

w i
=
∑  is the sum of the weights of the integration points along the element, whose 

value depends on the length of the master finite element (Spacone el al. 1996a). In 

OpenSees the length of the master element is 2 and therefore ( )
1

2
IPN

IP
i

w i
=

=∑ .  

Table 5.4: Length of the first Gauss-Lobatto integration points of force-based beam-
column elements of length L 

Number of 
integration points 

IPN  

Weight of the first 
integration point 

( )1IPw  

Length of the first integration 
point ( )1 2IP IPL w L= ×  (m) 

3 1/3 0.533 
4 1/6 0.267 
5 1/10 0.160 
6 1/15 0.107 

 

 

Figure 5.1 shows the analytical response obtained when a pushover analysis is 

performed to the Soesianawati No.1 specimen modeled with 3, 4, 5 and 6 Gauss-

Lobatto integration points. In this Figure it can be observed that the pushover curves 

plotted using a different number of integration points lead  to different  force-

displacement  responses ( rF θ− ).  

Figure 5.2 shows the local and global response results side by side for the 

pushover analysis for positive loading only. It may be seen in this figure that the local 
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section curvature response does not converge with increasing number of integration 

points, even though results for different number of integration points follow the same 

force-curvature path. The fact that there is no convergence of the solution as the 

number of integration points increases is known as loss of objectivity (Coleman and 

Spacone 2001). As was described by Coleman and Spacone (2001), loss of objectivity 

in the response is expected to be observed in the element response whenever strain-

softening of the section is observed in the post-yield phase (e.g. Figure 5.2 (a)). In 

these situations, deformations localize at the extreme integration points, resulting in a 

non-objective force-displacement as well as force-curvature results, and the solution 

has to be regularized. 

 
Figure 5.1: Experimental and analytical force-drift ratio pushover response for 

Soesianawati No.1 column modeled using 3,4,5 and 6 Gauss-Lobatto integration 
points (IP)  
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Figure 5.2: Pushover analysis response for Soesianawati No.1 column modeled using 
3,4,5 and 6 Gauss-Lobatto integration points (IP) (a) force-curvature response and (b) 

force-drift ratio response  
 

Coleman and Spacone (2001) developed regularization techniques that can be 

used to regularize both global response and local response. The authors developed a 

two-step procedure that consists of first regularizing the global response accounting 

for constant fracture energy of concrete in compression, and second, regularizing the 

local response by post-processing the curvature demands obtained from the analytical 

model as a function of the relation between the length of the integration point and the 

length of the physical plastic hinge. The first step consists in the computation of a 

regularized strain cuε , is based on geometric considerations, and is denoted as reg
cuε  

and given by 
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 ( )
( )

0

2 1

1

c
f creg

cu c
cc IP

G c f
Ec f L

ε ε
′−

= − +
′+  

(5.4) 

where c
f IPG L  is the fracture energy per unit length (shaded area shown in Figure 

5.3), cE  is the Young’s modulus of concrete, and 0cε  is the strain corresponding to 

peak concrete strength as indicated in Figure 5.3. The fracture energy in compression 

c
fG  that is given by 

 
c
f iG duσ= ∫  (5.5) 

For force-based beam column elements, the equation above can be written for 

force based elements as 

 
c
f i IP iG h d L dσ ε σ ε= =∫ ∫  (5.6) 

where h
 
is the characteristic length of the element (length scale), which corresponds 

to the length of the integration point IPL  in force-based beam-column elements. 

 
Figure 5.3: Compression fracture energy for Kent-Scott-Park (Scott et al. 1982) 
concrete models (OpenSees models Concrete01, Concrete02 and Concrete03) 

 

 ′cc f

′
cf

0ε c ε cu

cE

σ

ε

=
c c
f f

IP

G G
h L
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Figure 5.4 shows the local and global response curves when 5 and 6 

integrations points are used to model the force-based beam column element and when 

the first regularization technique of constant fracture energy is applied. It can be seen 

in Figure 5.4(b) that the global response (illustrated with legend IP-R1) when 5 and 6 

integrations points are used are identical and thus overall global response is considered 

to be objective. However, Figure 5.4(a), which shows the local (curvature) response, 

does not show convergence of the curvature response, in fact, peak curvature values 

for results using 5 and 6 integrations are identical to the ones obtained before using the 

first regularization technique. 

Figure 5.5 shows the local and global response curves when 5 and 6 integration 

points are used to model the force-based beam column element when the second 

(curvature post-processing) regularization technique follows the application of the first 

regularization technique. Figure 5.5(a) shows identical ultimate curvature results for 

the cases when 5 and 6 IP are used. The response is said to be objective also locally. 

Note that the actual plastic hinge length used in this case was 0.5pL h= , where h  is 

the depth of the cross-section of the column. Note that the second regularization 

technique only acts on the curvature response as it may be seen in Figure 5.4(b) or 

Figure 5.5(b). 
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Figure 5.4: Pushover analysis response for Soesianawati No.1 column modeled with 5 
and 6 Gauss-Lobatto integration points (IP) (a) Non-objective local response (R1) (b) 

Objective global response (R1) 
 

 
Figure 5.5: Pushover analysis response for Soesianawati No.1 column modeled with 5 

and 6 Gauss-Lobatto integration points (IP) (a) Objective local response (R2) (b) 
Objective global response (R1) 

 



172 

 

5.1.2.2. Practical selection of the number of integration points 

In the previous section it was shown, the most important factors that determine 

whether the response of an analytical model is objective or not are the strain parameter 

used to define the low end of the linear softening curve of concrete in compression and 

the length of the integration point being used. While an expression for the regularized 

value of the strain parameter was defined, ideally, the Gauss-Lobatto integration 

points should be selected such as the length of the first integration point IPL  is 

approximately equal to the estimated length of the plastic hinge PL . Therefore special 

attention has to be placed on the estimation of the plastic hinge length. 

According to Paulay and Priestley (1992), Equation (5.7) provides a good 

estimate of the plastic hinge length. 

   0.08   0.022    [MPa]P b yL L d f= +  (5.7) 

where L  is the length from the critical section to the point of contraflexure, and bd  is 

the diameter of the longitudinal reinforcing bars. As described by Dowell and Hines 

(2002), the two terms in Equation (5.7) allow for (i) nonlinear curvature distribution 

along the member length, (ii) tension shift due to diagonal shear cracking, and (iii) 

strain-penetration of the vertical column reinforcement into the footing or 

superstructure.  

In the Soesianawati No.1 example, 1,600 mmL =  and 16 mm=bd , and thus 

the estimated length of the plastic hinge is computed in Equation (5.8) 

   0.08 1.6 0.022 0.016 446  0.285 mPL = × + × × =  (5.8) 
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which corresponds to a ratio 0.285 0.40 0.71PL L = = . Comparing the estimated 

physical plastic hinge length with the length of the integration points shown in Table 

5.4, it can be inferred that the best number of integration points to be used is 4, since 

( 4) 0.267 mIP IPL N = =  that corresponds to a ratio 0.267 0.40 0.67PL L = = . 

Therefore, the next set of results shown for the modeling of the Soesianawati No.1 

specimens is done with a single beam-column element with four integration points 

along the element. 

5.1.3. Model validation – case study: Soesianawati No.1 specimen 

Figure 5.6 shows the Soesianawati No.1 experimental results and satisfactory 

analytical results. The analytical results shown use a single force-based beam column 

element with four integration points, and at each fiber-section material models and 

material parameters listed in Table 5.2 and Table 5.3 are used. P-Delta transformation 

is used in the analysis. The fiber section is discretized into 12 reinforcing steel fibers, 

and 22 22 484× =  concrete fibers, consisting of 14 layers for the concrete core and 4 

concrete cover fibers in each direction. The analytical results shown in Figure 5.6 are 

considered to be satisfactory, be it in terms of maximum peak capacity achieved or in 

the modeling of the initial stiffness. However, two main differences between the 

experimental and analytical responses can be observed. These differences are 

attributed to characteristics of both the reinforcing steel material model and the 

concrete model used. The first difference is that for large drift ratios, greater than 5%, 

a reduction in the peak capacity is observed in the experimental data. This is not 

captured in the analytical model. The failure mode observed in the experiment was 
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mainly due to bar-buckling with initiation of crushing of the concrete core. The loss of 

capacity in the analytical model can be observed in the last cycle has to do with the 

initiation of the crushing of concrete within the core. However, the main phenomena 

responsible for the failure of the test specimen,  which is bar buckling that initiated at 

a second cycle at 5% drift ratio, is not present in the Menegotto-Pinto reinforcing steel 

model (Steel02) used in these analyses, and therefore this analytical model cannot 

capture the loss of capacity observed in the last hysteretic loop of the experiment. The 

fact that a model is chosen that does not capture the main physical mode of failure 

seems to be counter-intuitive, but to date, the existing models in OpenSees that 

accounts for bar-buckling, namely ReinforcingSteel is still not very robust and often 

leads to spurious convergence errors. The second main difference between 

experimental and numerical data may be observed in the unloading followed by 

reloading of the specimen. To elucidate the phenomena responsible for the difference, 

consider a segment of the hysteresis loop that goes from a region of peak positive 

force to a region of peak negative force, for example. In Figure 5.6, it may be observed 

in the experimental curve that the transition between positive and negative forces (near 

0F = ) is accompanied by a gradual increase of stiffness. This fact can be explained 

by the gradual closure of the cracks is observed in experiments and is designated as 

“crack closure effects”. However, the Concrete02 model assigned to the analytical 

model, which is a modified version of Kent-Scott-Park model, does not account for 

any phenomena related to crack closure effects. In the analytical model the “closure” 

of the cracks only occurs in the transition between positive and negative drift ratios 
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(near 0rθ = ) is accompanied by an abrupt change in stiffness in transition from 

corresponding to instants when all cracks tend to close in the model.  

  
Figure 5.6: Experimental and analytical force-drift ratio response for Soesianawati 

No.1 column 
 

5.1.3.1. Effect of fiber section discretization 

Figure 5.7 shows the Soesianawati No.1 experimental results and three 

satisfactory analytical results obtained using a single force-based beam column 

element with four integration points and material models and material parameters 

listed in Table 5.2 and Table 5.3. P-Delta transformation is used in the analysis. The 

analytical results correspond to three different fiber section discretizations. The main 

difference in the discretizations has to do with the number of layers assigned in the 

core concrete, which were 14, 11, and 7 respectively. Thus, in the first fiber section 

discretization, for the concrete fibers, 22 layers were defined in each direction 
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amounting to a total of 496 fibers (14 14 196× =  concrete core fibers, 

22 22 14 14 228× − × =  concrete cover fibers, and 12 fibers for reinforcing steel), in the 

second fiber section 17 layers were defined for the concrete in each direction totaling 

336 fibers (10 10 100× =  concrete core fibers, 18 18 10 10 224× − × =  concrete cover 

fibers, and 12 fibers for reinforcing steel), and lastly, in the third fiber section 15 

layers were defined in each direction totaling 237 fibers ( 7 7 81× =  concrete core 

fibers, 15 15 7 7 176× − × =  concrete cover fibers, and 12 fibers for reinforcing steel). 

All three discretizations lead to very reasonable results. A small difference in the peak 

responses is visible for the least number of fibers in the last cycle, but overall the 

response is identical. The ratio of clock time taken to of the most refined section 

discretization to the least is 3.18 (61.4 seconds for the most refined section and 19.3 

seconds for the least refined section) . Thus the less refined section does have the 

advantage of being a solution that is obtained with a considerable reduction in 

computational time, which may play an important role in the computational time of 

nonlinear dynamic analysis of large nonlinear finite element models. 
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Figure 5.7: Effect of the number of fibers discretized the concrete core in the 
analytical response force-drift ratio response for Soesianawati No.1 column 

From the discussion in the previous section, based on results shown in Figure 

5.8, a question that may arise is “What is the minimum number of layers that may be 

used for the concrete core?” Results shown in Figure 5.8 help answer this question. In 

this figure, results for fiber discretizations with 14 and 5 layers for the concrete core 

are shown in black and blue, respectively. It may be observed in that both 

discretizations lead to the same results for the first cycle. However, for subsequent 

cycles, the model with 5 layers under predicts the capacity for the second and third 

cycles, while it over predicts the capacity for the last cycle. Furthermore, the response 

with the 5 core layers in more pinched than the response one obtained for the 14 core 

layers. This comparison illustrates that a fiber-section response analysis of this type 

should always be performed for different sections in order for the user to have a clear 
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understanding of the trade-off made in terms of accuracy and computation time taken 

for each analysis.  

  
Figure 5.8:  Effect of the number of fibers discretized the concrete core in the 
analytical response force-drift ratio response for Soesianawati No.1 column 

Figure 5.9 shows two analytical results for the same number of concrete core 

layers and 4 and 2 cover layers assigned to ends of the concrete of the column, 

respectively. Negligible differences may be observed in the capacity values obtained 

for peak drift ratios obtained for both cases. In obtaining the solution for the smaller 

number of fibers used in the core concrete, due to numerical reasons, just before 

unloading of the last cycle was initiated, the solution becomes unstable, and finally led 

to a divergence of the solution. 
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Figure 5.9: Effect of the number of fibers in the analytical response force-drift ratio 

response for Soesianawati No.1 column 
 

In conclusion, it was shown in this section that while a reduced number of 

concrete core fibers leads to negligible differences in the cyclic response, i.e., without 

significant loss of accuracy, the selection of a fewer number of fibers used in cover 

concrete may lead to loss of robustness of the numerical analysis.  

5.2. Beam-column joints  

5.2.1. Introduction 

In this section the approach used for modeling the beam-column joints of the 

NEHRP building design example is presented. The modeling approach used herein 

follows the approach proposed by Elwood et al. (2007), which corresponds to the 
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ASCE/SEI 41-06 Supplement No.1. In ATC72-01 this approach is deemed appropriate 

for modeling code-conforming special moment frames.  

5.2.2. Description of the beam-column joint model 

The experiment chosen to validate the beam-column joint modeling approach 

is the exterior joint (2D-E) tested by Cheung et al. (1989). The aim of the test was to 

examine the behavior during major earthquake loading of subassemblies designed 

according to the New Zealand concrete design code. A particular aspect of interest was 

the effects of the presence of transverse beams and floor slabs on the behavior of the 

subassemblies. The reinforced concrete beam-column joint subassembly with floor 

slabs was designed following the strong column-weak beam concept, which is also 

used in by US codes. The plastic hinges were designed to form in the beams and at 

column faces, and thus the columns and joints were reinforced to account for this 

design assumption. The longitudinal slab bars within a prescribed width of slab on 

each side of the column can be counted on to act as part of the negative moment. 

5.2.3. Model validation – case study: Cheung et al. (1989) 2D-E model 

The Cheung et al. (1989) test unit simulates a full-scale subassemblies of 

frames with 3.5m (11.5 ft) interstory height. The beam shear span is about 4.0 m. 

Table 5.5  lists the ratios of diameter of the longitudinal beam bars to the column 

depth b cd h  and the ratio of the diameter of longitudinal column bars to the beam 

depth c bd h . Even though the US codes do not specify any limiting values for these 
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ratios, it is worth noting that the New Zealand code has a requirement for these ratios 

of 1 25b cd h ≤  ratios of 1 20c bd h ≤ .  

Table 5.5: Summary of reinforcement ratios of the Cheung 2D-E beam-column joint 
test 

 Cheung 2D-E  
Slab, EW, Top Steel 0.232%  

Slab, EW, Bottom Steel 0.252%  
Slab, NS, Top Steel 0.377%  

Slab, NS, Bottom Steel 0.252%  
Beam, EW, Top Steel 1.34%  

Beam, EW, Bottom Steel 0.77%  
Beam, EW, Top Steel 1.30%  

Beam, EW, Bottom Steel 1.03%  
Column, lρ

 
2.69%  

Ratio b cd h  1 25  

Ratio c bd h  1 19.6 

Notes: Reinforcement ratios of slab and 
column are expressed in terms of gross 

areas of slab and column., while for 
beams these are expressed in terms of 

beam width and effective depth and top 
steel includes slab steel within New 

Zealand code effective width 
 

 

Figure 5.10 shows details of the test unit. The unit has a slab thickness of 130 

mm, with top layer reinforcement in the NS direction being 

( )10@160mm 0.377%φ ρ = , where φ  corresponds to the diameter of the deformed 

bars in mm and ρ  is the reinforcement ratio in terms of gross concrete area. The 

bottom layer bars in the NS direction are ( )10@240mm 0.252%φ ρ = . The East beam 

has dimensions 550 400 mm× , and reinforcement ratios of 1.34%ρ =  and 

0.77%ρ =  for the top bars and bottom bars, respectively. If all of the top layer of 10φ  
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slab bars are considered to be effective tension reinforcement, then 1.74%ρ = , which 

corresponds to an increase of about 30%.  

+

  

 
Figure 5.10: Cheung et al. (1989) detailing 
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Figure 5.10 (continued): Cheung et al. (1989) detailing 
 

The loading protocol for this test was applied at the beams ends. The loading 

was applied in both direction, but principally in the east-west direction. Experimental 

observations show that the shape of the hysteresis loops remained reasonably stable up 

to drifts of at least 3%. Experimental observations show that the strengths obtained 

experimentally lie in between the strengths computed considering (i) only the steel in 

tension within the effective flange width, and (ii) the steel in tension within the the 

whole slab width. 

Another interesting feature observed in the experiment, was the reduction of 

the peak capacity. The major source of the interstory drift was from beam plastic hinge 

deformations. Nonetheless, joint core shear deformations accounted for about 26% of 

total interstory drift at a displacement of ductility factor 2. It was evident that the joints 

were far from rigid. Presence of floor slabs or beams in two directions did not provide 

for significant confinement to the joint cores during bidirectional seismic loading. A 

significant proportion of the slabs bars in tension contributed to the negative moment 
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flexural strength observed in the beams and hence to the enhancement of the flexural 

strength of the test unit. The lateral load strength of the unit was up to 39% higher than 

the calculated using the effective flange widths in tension assumed in the New Zealand 

concrete design code. Some of the strength enhancement was due to the strain 

hardening of the steel. The strengths and stiffness of the unit reduced when 

bidirectional loading was applied, due to changes in the contributions of slab 

reinforcement.  

Table 5.6: Properties of the reinforcing steel (Steel02) model parameters 
Reinforcing steel (1)

yf (MPa) sE (MPa) 
b  0R  1Rc  2Rc  

10φ  326 181,111 (2)0.011  20 0.925 0.15 
20φ  300  0.012    
28φ  432  240,000 (4)0.012  20 0.925 0.15 

(1) From experimental results

 
(2) (1)Based on experimentally obtained value of  432 MPa,  and assuming 0.06,  

1 441 326 1 0.0109
0.06 326 /181,111 181,111

su su

su y

su y s

f
f f

b
E

ε

ε ε

= =

− −
⇒ = = ⋅ =

− −

 
(2) (1)Based on experimentally obtained value of  459 MPa,  and assuming 0.06,  

1 459 300 1 0.0117
0.06 0.0013 230,770

su su

su y

su y s

f
f f

b
E

ε

ε ε

= =

− −
⇒ = = ⋅ =

− −
(4) (1)Based on experimentally obtained value of  432 MPa,  and assuming 0.06,  

1 602 432 1 0.0122
0.06 432 / 240,000 240,000

su su

su y

su y s

f
f f

b
E

ε

ε ε

= =

− −
⇒ = = ⋅ =

− −

 
 

 

5.3. Plastic hinge elongation phenomena and modeling of diaphragms 

5.3.1. Introduction 
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Plastic hinge elongation is a phenomenon that can be observed in many 

experimental results of cyclic testing of beams, as well as of columns and walls that do 

not have excessively high axial forces.  

Plastic hinge elongation in beams has been verified experimentally by several 

researchers. Zerbe and Durrani (1990) concluded, based on experimental investigation, 

that the behavior of connections in isolated subassemblies was observed to be 

significantly different than the behavior of connections in indeterminate (consisting of 

several columns connected by beams) connection subassemblies. When several 

columns are present, under lateral load, the shear carried by each column for the same 

floor deformation was observed to be considerably different. Sakata and Wada (1992) 

also studied the beam hinge elongation and concluded that: (i) the horizontal 

displacement vs horizontal load relationship for each column is not identical due to the 

axial elongation of plastic hinges; and (ii) the lateral loads for all the frames were 

increased due to the axial restriction in beams caused by the lateral stiffness of 

columns. Zerbe and Durrani (1990), Qi and Pantazopoulou (1991), McBride et al. 

(1996); Lau and Fenwick (2002) included slabs in their experimental research of beam 

elongation phenomena. Zerbe and Durrani (1990) reported that the inclusion of the 

slab was responsible for considerable increasing the story shear capacity. Effective 

slab width was reported to be different for slab in compression and tension. Qi and 

Pantazopoulou (1991) described that the base shear distribution was influenced by the 

observed residual beam deformations resulting from inelastic strains in the 

reinforcement, cracking of the concrete, and bond deterioration, accumulated with 
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increasing magnitude of the lateral drift. Qi and Pantazopoulou, also concluded that 

the distribution of the forces in the columns is affected by the beam plastic hinge 

elongation, and the flange width— of approximately two beam depths on each side of 

the beam web —was fully effective under negative bending at the interior support, 

while for positive bending at both interior and exterior supports, the effective flange 

width was equal to one beam depth on each side of the beam web. McBride et al. 

(1996) tested two reinforced concrete three bay frame units, one that corresponded to 

the columns and beams only, and a second one in which the slab and transverse beams 

were also included. Both units reached the same ductility levels, and the inclusion of 

the slab increased the strength and stiffness, as expected. However, the authors 

reported that the slab had no discernible influence on the elongation observed in both 

test units. Lau and Fenwick (2002) also reported that due to cracking and deterioration 

of the slab adjacent to the column, the expected beam elongation did occur. 

Field reconnaissance of recent earthquakes by researchers aware of beam 

elongation have documented post-earthquake cracks in beams and yield lines in slabs 

which are consistent with the experimental results described in the previous paragraph.  

For example, Figure 5.11 shows a picture that was taken in a parking structure 

in Christchurch (New Zealand) in the aftermath of the February 2011 earthquake. In 

this Figure, yield lines that have developed in slabs immediately to the left and right of 

the columns are visible. Furthermore, the permanent deformation of the beam due to 

elongation of the plastic hinge is still clearly visible in the figure.  
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Figure 5.11: Slab yield lines observed in a precast parking structure (courtesy of J. 

Restrepo) 
 

Even though in the NEHRP building design example there are no coupled 

walls, it is worth noting herein, that when slabs are supported directly on walls, instead 

of being supported on beams, other phenomena should be considered when making 

modeling decisions, namely those related to the slab-wall coupling. Figure 5.12 and 

Figure 5.13 show the yield lines that developed in two different buildings in Chile 

during the recent Maule 2010 earthquake. Both Figures show yield lines that 

developed in the slabs due to slab-wall coupling. Figure 5.12 shows the effect of slab 

coupling in an area spanning two coupled walls. Figure 5.13 shows the damage of the 
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slabs due to large inelastic deformations imposed to the slab by the walls that support 

it. This last phenomenon was studied in a PCA Report by Panagiotou et al. (2009). 

  
Figure 5.12: Yield lines in slab in the Antigona 16 story building in Viña del Mar 

(Photo: Roberto Leon) 
 

The influence of slab restraint to plastic hinge elongation of beams, and the 

corresponding influence on the column demands is a topic that has been subject to 

little attention, and is a research topic that needs further study by the scientific 

community.  
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Figure 5.13: Yield lines in slab in the Bosquemar 16 story building in Viña del Mar 
(http://www.tallbuildings.org/PDFFiles/LATBSDC 4-27-10 Chile EQ Briefing.pdf) 

 

One way to model and capture numerically the effect of plastic hinge 

elongation and initial slab restraint is to explicitly model the inelastic behavior of slab, 

beams and columns by using complex 3-D finite element models of the frame 

including the slab. Analytical models for the floor system using a combination of 

membranes or shell elements with line elements that also make use of interface 

elements to account for possible bond-slip have been developed, and analytical results 

have shown that these models perform reasonably well in capturing the experimentally 

observed beam plastic hinge elongation (Ebrahimian et al 2012). However, these 

models are computationally expensive, and in nonlinear analysis of large 3-D 

structural building models, one of following two approaches are typically used today 
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when modeling diaphragms. The first approach makes use of the rigid diaphragm 

assumption that leads to spurious axial compressive forces opposing the tendency of 

the plastic hinges to elongate, which in turn leads to an unrealistic increase of the 

beam capacity. The spurious axial forces also increase the shear demands in beam-

column joins, which could also lead to unrealistic indication of premature joint 

failures. Additionally, in an extreme case, the plastic hinge elongation will introduce 

greater demands on the column, which should be accurately quantified. 

The second approach consists of modeling the diaphragm as linear elastic 

membrane or shell elements that allows for the transfer of the in-plane diaphragm 

shear forces between parallel frames. Cracked section properties for the slab are 

typically assigned to the diaphragms, which can either make the model too stiff, for 

large amplitude vibrations when nonlinear behavior is observed, or too flexible under 

small amplitude vibrations. As a result of the deficiencies in both approaches 

described, in this study, an alternate phenomenological model is proposed next.  

The modeling approach proposed is defined a phenomenological model that 

allows for a holistic modeling of the floor system consisting of beams and diaphragms. 

The model development is based on the experimental observations by McBride et al. 

(1996) and Lau and Fenwick (2002). Both studies reported that the presence of the 

slab influences the lateral behavior of frame by increasing both story shear capacity 

and stiffness when compared to the identical frames that do not include the slab and 

transverse beams. Furthermore, both studies also reported that in the presence of the 

slab, beam plastic hinge elongation was observed just as in the cases when slabs are 
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not present. Of particular interest to the analytical model proposed next, McBride et al 

(1996) also reported that the presence of the slab produced no discernible influence on 

the elongation when compared to the case without slabs. A modeling approach that 

makes use of these findings from McBride et al (1996) and Lau and Fenwick (2002) is 

described next. 

5.3.2. Description of proposed model for analyzing diaphragms accounting for 
beam plastic hinge elongation 

This modeling approach proposed herein makes use of the flexural stiffness 

and strength provided by the beams that account for the effect of the slab (concrete 

and reinforcing steel within an effective slab width) defined as per ACI 318-08 and 

accounts also for in-plane diaphragm stiffness.  

Figure 5.14 illustrates the main components of the model for a slab panel, 

which is supported by beams. Two layers are defined in this model. The first layer 

corresponds to the layer of the frame. The beams (connecting the columns) are 

modeled as nonlinear beam-column elements with fiber sections (T-beams or L-beams 

depending on their location in building) and account for contributions of the stiffness 

and strength of the slab within and effective slab width. While, the effective slab width 

in tension and compression needs to be determined, if the strength and stiffness of the 

system element is to be estimated accurately, in the absence of significant research in 

the area, the effective flange width defined in the ACI 318-08 are used. In the second 

layer, linear elastic membrane elements (or shell elements with reduced axial stiffness) 

are defined to model the in-plane diaphragm stiffness that allows for the transfer of the 

inertial forces from slab to frames and also the transfer of forces from adjacent frames. 
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In the first layer the green nodes (Figure 5.14) are used to define the connectivity of 

the beam-column elements, while in the second layer the blue nodes are used to define 

connectivity of the shell elements. The frame nodes along the perimeter of the slab 

panel are co-located with the diaphragm nodes. Equivalent vertical loads 

corresponding to the self-weight of the slab and other loads applied to the slab are 

applied as uniformly distributed loads on the beams. Tributary horizontal masses are 

distributed on diaphragm and frame nodes. For co-located nodes, the mass is equally 

distributed on both nodes. In Figure 5.14, the assumed locations where plastic hinges 

may form are also shown. In the US, beam reinforcing steel design is typically 

governed by seismic loading, and therefore plastic hinges tend to form at beams ends 

near beam-column joints. The co-located nodes of the diaphragm are connected using 

an equal displacement multiple-point constraint algorithm has shown in Figure 5.14. 

The directions of the connected degrees of freedom which are tied such that the 

displacements of the degrees of freedom of the frame and diaphragm nodes are equal 

are shown by the black arrows. All degrees of freedom of the frame and diaphragm 

nodes which have the same coordinates are tied in the vertical (perpendicular to the 

plane of the diaphragm) direction. Additionally, away from the beam-column joints, 

only the axial degrees of freedom of the diaphragm nodes are tied to the beams.  
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Figure 5.14: Phenomenological model of the floor system: 3-D view 

 

5.3.3. Model validation – case study: McBride et al. (1996) 

In order to validate the proposed finite element model of the diaphragm that 

allows for the beam plastic hinge elongations, the McBride et al (1996) experiment is 

presented next.   

To study the effect of the slab on the plastic hinge elongation of beams, 

McBride tested two frame units. The first unit (shown in Figure 5.15) corresponded to 

a frame that included beam, columns and slab, and the second unit was identical to 

unit one, except that the slab was not present. Only test unite 1 is of interest towards 

the validation of the modeling approach proposed herein. The experimental setup and 

reinforcing steel details for columns, and both longitudinal and transverse beams are 

shown in Figure 5.15. Three equal bays of 2.032m each are defined. Longitudinal 

beam, transverse beams and columns have cross-section dimensions of 0.25x0.14m, 

0.20x0.14m, and 0.25x0.20m, respectively. Further details of the test-setup and the 
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loading protocol are shown in Figure 5.16 (a). 

Figure 5.16(b) presents the main characteristics of the finite elements models 

that were defined in OpenSees to model the test unit 1. Two different finite elements 

models were generated to study the modeling approach proposed. In both models, the 

beams and columns are modeled as force-based fiber-section nonlinear beam-column 

elements. Fiber-sections are discretized following the approaches described in the 

previous sections. Confined and unconfined concrete is modeled using the Concrete02 

Kent-Scott-Park (Scott et al. 1982) material model as adapted by Yassin (1994), and 

the reinforcing steel is modeled using the Steel02 Menegotto-Pinto material model. 

Beam-column joints are modeled using the rigid end zone approach, which was also 

used to model the Cheung et al. (1991) model. 

 
Figure 5.15: Experimental setup and reinforcing steel detailing of the McBride et al. 

(1996) test unit 1.  
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The difference in the two finite elements models lies in the way the diaphragm 

shell elements are generated. Model 1, shown in Figure 5.17(a), corresponds to the 

model proposed in the previous section. In this model, three slab panels are defined. 

Each slab panel is divided into a 4x4 regular mesh of shell elements. The diaphragm 

nodes are tied vertically to the frame in 13 nodes (5 on each transverse beam and 3 on 

the longitudinal beam), while horizontally only 3 nodes on the longitudinal beam that 

lie in between the beam-column joints are tied. It is worth noting that the three 

diaphragm panels are not interconnected, and therefore since the applied forces in the 

experiment are transmitted to the columns, in Model 1, the horizontal forces are 

transferred directly to the T-shaped beams. In Model 2, one continuous panel is 

defined. The degrees of freedom of the diaphragm and frame nodes that are tied are 

the same ones as described for Model 1.  

 
Figure 5.16: Overview of the McBride et al. (1996)experiment and finite element 

model 
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Figure 5.18 shows the lateral force mid-span lateral displacement response for 

both models. It may be seen hysteric response. It may be seen that the peak capacity of 

Model 2 is slightly larger than the one corresponding to Model 1. Both models 

correctly simulate the test behavior for displacement ductility greater than 4, where bar 

buckling was observed in the experiment.  

  
Figure 5.17: Finite element models of the McBride et al. (1996) experiment. 

 

  
Figure 5.18: Lateral force mid-span lateral displacement response. 
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Figure 5.19 shows the experimental and the analytical results obtained for the 

beam elongation. Four vertical bars are shown for each displacement ductility level 

corresponding to each half-cycle. By comparison of the analytical results with their 

experimental counterparts, it may be seen that both models perform well but at 

different displacement ductility levels. Model 2 is the model that best captures the 

beam elongation up to a displacement ductility level of 2, while Model 1 captures 

better the beam elongation for ductility levels. Thus, these results highlight the fact 

that initially the diaphragm does restrain the plastic hinge elongation, while for larger 

drifts, yields lines that form next to the columns allow the plastic hinge of the beam to 

grow without any axial restraint.  

  
Figure 5.19: Finite element models of the McBride et al. (1996) experiment. 

 

Figure 5.20 shows the results for the lateral force vs elongation of the beam. 

From this figure it is clear that up to ductility level 2 Model 2 captures better the beam 

elongation. However, the restraint provided by the continuous slab panel defined in 
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Model 2 is too large and the beam elongation is greatly under-predicted. Although 

results for axial forces in the beams are not shown here, it was also observed that the 

larger restraint to beam elongation corresponds to greater axial forces being 

transferred to the beams. This increases the beam capacity and leads to the increase in 

moment capacity shown in Figure 5.20(b). 

  
Figure 5.20: Finite element models of the McBride et al. (1996) experiment. 

 

The proposed model uses nonlinear fiber-section beam-column elements that 

are able to capture the plastic hinge elongations and the phenomenological model for 

the diaphragm that does not over restrain the beam elongation. The proposed 

computational model showed improvement as compared to the solutions that would be 

obtained using a rigid diaphragm assumption or even linear elastic shell elements that 

would simulate the diaphragm in-plane stiffness. The proposed model also captures 

reasonably well the initial stiffness as well as the peak capacity. Nonetheless, there is 

clearly room for improvement, and one such improvement would be the inclusion of 

interface elements (nonlinear springs) that would connect the elements from different 

slab panels. The nonlinear springs would include laws for behavior of the concrete and 

reinforcing steel and would be applied in two horizontal directions. However, the lack 
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of experimental data also makes it clear that considerable experimental work still has 

to be done to better understand the behavior of frames in which slabs restrain beam 

plastic hinge elongation. 

5.3.4. Application of diaphragm modeling for the NEHRP building example 

The phenomenological model shown in Figure 5.14 was defined for a slab 

panel connected to beam column joints. Figure 5.21 shows a plan view of a part of a 

diaphragm of the NEHRP building example where the tied degrees of freedom are 

shown. Here, it is worth highlighting that the horizontal degrees of freedom of the 

diaphragm are also connected to the wall nodes, which is the expected behavior in the 

physical model. 

 
Figure 5.21: Phenomenological model of the floor system for the NEHRP building 

example 
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5.4. Conclusions 

In this Chapter different structural models for components to be used in the 

modeling of buildings, namely the computational building model of 13-story NEHRP 

reinforced concrete frame-wall design example, which is described in more detail in 

the next chapter. Two objectives were defined in the development of this chapter: the 

first was that the models for the structural components should be representative of the 

expected modeling loads and deformations expected to be experienced by them, and 

second, comprehensive and significant validation should be performed for each 

component. With respect to these objectives, for each component, experimental test 

results were obtained from the literature and models also taken from the literature 

were validated, and whenever possible limitations of the models being used were also 

described in each section. The main contribution within this chapter is the 

development of a new phenomenological model for floor diaphragms that allows for 

beam elongation. This model turned out to be of crucial importance since the typical 

rigid diaphragm assumptions made by the engineering community would lead not for 

expected plastic hinge elongation and would therefore introduce spurious axial forces 

that were responsible for increasing in an unrealistic manner the beam capacities. This 

model was validated against the only experimental results found in the literature by the 

author of this dissertation. The lack of experimental results to further validate the 

model has to be clearly noted.  
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  CHAPTER 6

 

THREE-DIMENSIONAL NONLINEAR 

FINITE ELEMENT MODELING AND 

RESPONSE ANALYSIS OF THE 13-STORY 

NEHRP REINFORCED CONCRETE FRAME-

WALL BUILDING DESIGN EXAMPLE 

6.1. Introduction Equation Chapter (Next) Section 1 

This chapter presents an advanced three-dimensional nonlinear finite element 

(FE) model of the 13-story National Earthquake Hazards Reduction Program 

(NEHRP) reinforced concrete frame-wall building design example (FEMA451 2006). 



202 

 

The building was re-designed by the author of this dissertation according to current 

code requirements in the United States, namely ACI 318-08 and ASCE-7-05 (Barbosa 

2009). State-of-the-art nonlinear modeling tools and modeling criteria for reinforced 

concrete buildings are used in the development of the computational building model. 

These modeling tools and modeling criteria have been under development by the 

Pacific Earthquake Engineering Research (PEER) Center for several years. In this 

study, a 3-D nonlinear dynamic truss modeling approach for reinforced-concrete walls 

described in Chapter 4 is used, and an alternative phenomenological approach for 

modeling reinforced concrete diaphragms (presented in Chapter 5) is also employed. 

This last approach is used in order to allow for beam elongation caused by the axial 

deformation of the plastic hinges, which is unrealistically constrained when the typical 

rigid diaphragm assumption is adopted. Based on experimentally validated 

computational models for different subassemblies presented in the Chapter 5 (e.g., 

columns, beam-column joints, and structural walls), a realistic FE model that captures 

the expected nonlinear behavior of the building structure is developed. Nonlinear 

dynamic analyses of the 3-D building model are performed using the Open System for 

Earthquake Engineering Simulations (OpenSees 2011). The computed response of the 

nonlinear FE model subjected to bi-directional horizontal seismic input from historical 

ground motion records is used to assess the behavior of the building model. Based on 

these analyses, new insight is gained into the nonlinear seismic response of 

(symmetric and regular) frame-wall systems. 
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The building design example used as basis for this study is part of the NEHRP 

2003 Design Examples document (FEMA 451 2006). The design guidelines used to 

design the building are mainly the NEHRP 2003 Recommended Provisions, which 

have been implemented in both ACI 318-08 and ASCE 7-05 with minimal 

modifications. The main modifications introduced in the drafting of the final versions 

of the ACI 318-08 and ASCE 7-05 codes are related to the definition of the seismic 

design response spectra and to the R-factors used in the design of dual (frame-wall) 

systems. These modifications have been considered herein in the re-design of the 

NEHRP building example in order to account for these latest code definitions. 

Furthermore, in order to account for more standard practices in California, normal-

weight concrete instead of light-weight concrete (included in the original NEHRP 

design example) was used, and the slab systems considered are composed of an 8-inch 

thick two-way post-tensioned slab, as opposed to the original one-way pan-joist 

system defined in the original NEHRP design example. 

6.2. Description of the structure 

The thirteen-story reinforced concrete frame-wall structure studied here is 

based on the building originally presented as a design example of the 2003 National 

Earthquake Hazards Reduction Program (NEHRP) provisions (FEMA 451 2006). The 

office building, with some retail shops on the first floor, is located in Berkeley, 

California, which is a high seismic risk area. As shown in the plan view in Figure 6.1 

and in the elevations represented in Figure 6.2 and Figure 6.3, the building consists of 

a total of thirteen (13) stories, one basement level and twelve (12) stories above grade. 
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At the basement level, walls are assumed to circumvent the entire perimeter of the 

building. Above grade, the typical bays are 30 ft (9.144 m) long in the North-South 

(NS) direction and either 40 ft (12.192 m) or 20 ft (6.096 m) long in the East-West 

(EW) direction. The main gravity framing system consists of continuous two-way 

post-tensioned 8 inch thick (0.203 m) slab. Along lines 2 through 7, slabs are 

supported by beams spanning 40 ft in the exterior bays and 20 ft (6.096 m) in the 

interior bays. These beams are 32 inches deep and 22.5 inches wide ( 0.813 0.572×  

m2). On exterior lines 1 and 8, the 40 ft (12.19 m) spans have been divided into two 

equal parts, and therefore these frames have a total of five 20 ft (6.096 m) spans with 

the same dimensions. The beams along all spans of lines A through D also have 

dimensions 32 22.5×  in2. 

The lateral force-resisting system in the NS direction consists of four 7-bay 

special moment-resisting frames. In the E-W direction, the lateral force-resisting 

system is a dual system composed of  a combination of four frames and four frame-

walls. All  columns  are 30 30×  in2 . ( 0.762 0.762×  m2) with different levels of 

reinforcement. Structural walls are 22 ft-6 in (6.858 m) long, consisting of two 30 30×  

in2 boundary elements at both ends linked by a web wall that is 12 inches (0.305 m) 

thick. 

The material properties assumed in this study are a prescribed concrete 

strength of 6,000 psi (41.3 MPa) and a yield strength of reinforcing steel equal 60 ksi 

(413 MPa). 
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6.3. Applied design methodology 

The building design example used as basis for this study is part of the NEHRP 

2003 Design Examples document (FEMA 451 2006). The design guidelines used to 

design the building are mainly the NEHRP 2003 Recommended Provisions, which 

have been implemented in both ACI 318-08 and ASCE 7-05 with minimal 

modifications. The main modifications introduced in the drafting of the final versions 

of the ACI 318-08 and ASCE 7-05 codes are related to the definition of the seismic 

design response spectra and to the R-factors used in the design of dual systems. These 

modifications have been considered herein in the re-design of the NEHRP building 

example in order to account for these latest code definitions. Furthermore, in order to 

account for more standard practices in California, normal-weight concrete instead of 

light-weight concrete (included in the original NEHRP design example) was used, and 

the slab systems considered are composed of an 8-inch thick two-way post-tensioned 

slab, as opposed to the original one-way pan-joist system defined in the original 

NEHRP design example. 



206 

 

 
Figure 6.1: Typical floor plan 
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Figure 6.2: Typical EW elevations. Lines 3 to 6 (left) and lines 1 and 8 (right) 
 

 

Figure 6.3: Typical NS elevation 
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6.4. Structural model below-grade 

The analytical model includes all components of the basement level (floor 

system, columns, walls, and basement walls), as shown in Figure 6.4. The weight and 

mass of the basement level are also modeled. Lateral resistances of the soil on the 

foundation walls are neglected. Furthermore, in the model, the soil beneath the 

foundations is assumed rigid. 

Figure 6.4: 3-D view of the finite element model developed in OpenSees 
 

6.5. Gravity loads and inertial properties 

The gravity load distribution and mass distribution can have an important role 

in the nonlinear behavior of building during earthquakes. Since gravity loads affect the 
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building stiffness and strength distribution during a nonlinear analysis, it is important 

to model as accurately as possible the vertical load distribution. The expected gravity 

loads are applied to the model. The expected loads are based on the values listed in 

Table 2, where the superimposed loads at various floors were considered in addition to 

the self-weight, and 25% of the live loads are also considered. The calculation of floor 

and wall self-weight, mass, and stiffness are based on section properties. Member self-

weight loads are distributed uniformly along the corresponding finite elements applied 

columns, and beams. Self-weight of the wall is applied at the floor nodes. For the self-

weight of the slabs, the strip method is used to compute the uniformly distributed 

loads applied to the beams, in which 70% of the load is considered to be supported in 

the longest beams. The equivalent vertical load due to the superimposed loads and live 

loads were also applied to the beams based on the strip method. All other loads that 

are uniformly distributed on the slab were also due to slab self-weight and other loads 

supported by slabs.  

The inertial mass was assigned in two horizontal directions. Tributary areas for 

each node were used to define the corresponding mass assigned to each node of the 

analytical model. The mass assigned is consistent with the gravity loads.  

6.6. Analysis methodology 

6.6.1. Analysis parameters and nonlinear solution strategy  

The nonlinear FE analysis of the building model shown in Figure 6.4 is 

performed with OpenSees, and is divided into three stages. In a first stage, a nonlinear 

static analysis is performed in which all gravity loads are applied to the structural 
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model. The Newton-Raphson algorithm is used to solve the equilibrium equations. In 

a second stage, an eigen analysis is performed to compute the “cracked” modal 

parameters (frequencies and mode shapes) of the structure. Rayleigh damping based 

on the mass and initial stiffness is defined at this stage. The coefficients α  and β  

used to define the mass proportional and stiffness proportional components of the 

damping matrix are computed using the modal periods just obtained, and assigning a 

2.0% damping ratio to the first and tenth modes. In the third stage, nonlinear dynamic 

time-history analyses are performed, using the Newmark constant average acceleration 

method is used to integrate the equations of motion. The integration time step is 0.005 

sec, the maximum that can be used in order to obtain an acceptable convergence in 

terms of acceleration response. The P-Delta formulation is considered in all analyses 

to include nonlinear geometric effects.  

It is worth noting that the damping ratios adopted for these nonlinear time-

history analyses are significantly lower than the values conventionally used in the 

design of reinforced concrete structures (typically 5% or higher). However, those 

values correspond to “equivalent” viscous damping ratios for linear-elastic structural 

models, and should not be assigned to a nonlinear finite element model that explicitly 

accounts for hysteretic energy dissipation. The goal of applying some viscous 

damping to this building model is to account for all other sources of energy dissipation 

not explicitly modeled (e.g., non-structural components). 
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6.6.2. Finite element response parameters and post-processed response 

parameters 

The response parameters that were monitored during the nonlinear time-history 

analysis include: (i) node displacements relative to the base, (ii) node absolute 

accelerations, (iii) element forces in columns, beams (nonlinear beam-column 

elements) and walls (truss elements and nonlinear beam-column elements), and (iv) 

fiber-section forces and deformations recorded at the element ends of a corner column, 

two edge columns and a central column, at the ends of two beams in the EW direction 

(one aligned with a frame and the other one with a wall) and one edge beam in the NS 

direction. The stresses and strains on the truss elements on the walls were also 

monitored. 

Based on these monitored response parameters, several post-processed 

response parameters are computed. These post-processed results include: 

1. Floor horizontal displacement envelopes. These are defined as the peak 

positive and negative nodal values displacements relative to the base in a given 

horizontal direction D , at each floor level, and are given by Equations: 

 { }1 2, , ,D D D nD
+ + + += ∆ ∆ ∆Δ 

 
(6.1) 

 { }1 2, , ,D D D nD
− − − −= ∆ ∆ ∆Δ   (6.2) 

where  

 
( )( )max ,  1,...,iD iDt
t i n+∆ = =Δ , (6.3) 
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( )( )min ,  1,...,iD iDt
t i n−∆ = =Δ   (6.4) 

and where the vector   

 ( ) ( ){ }, ,, 1,iD iD k i nodest t k n= ∆ =Δ   (6.5) 

contains the displacement time-histories of all nodesn  nodes of a floor i 

along direction D.  

2. Interstory drift ratio (IDR) envelopes: these correspond to the peak 

positive IDR and the peak negative IDR in a given horizontal direction 

D: 

 ( ){ }1 2 1, , ,D D D n Dθ θ θ+ + + +
−=θ   (6.6) 

 ( ){ }1 2 1, , ,D D D n Dθ θ θ− − − −
−=θ 

 
(6.7) 

where  

 ( )( )maxiD iD tθ + = θ  (6.8) 

 ( )( )min ,  1,..., 1iD iD t i nθ − = = −θ  (6.9) 

and where ( )iD tθ  In the direction D, between two nodes having the same 

{ },x y coordinates and belonging to floors i  and 1i + : 

 
( ) ( )1

1

( ) ( )D iDi
iD

i i

t t
t

h h
θ +

+

∆ − ∆
=

−
 (6.10) 
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Note tha iDθ  is assigned to story i  located between floors i  and 1i + . 

3. Floor absolute horizontal acceleration envelopes (or simply, floor 

absolute acceleration envelopes). These are defined to be the peak 

positive and negative nodal absolute horizontal accelerations values in a 

particular horizontal direction D at each floor level, and are given by: 

 { }1 2, , ,D D D nDU U U+ + + +=U     (6.11) 

 { }1 2, , ,D D D nDU U U− − − −=U     (6.12) 

where  

 
( )( )max ,  1,...,iD iDt

U t i n+ = =U  , (6.13) 

 
( )( )min ,  1,...,iD iDt

U t i n− = =U   (6.14) 

and the vector 

 ( ) ( ){ }, , 1,iD iD k nodest U t k n= =U  
 

(6.15) 

groups the absolute horizontal acceleration time-histories of all ,i nodesn  

nodes of a floor i, direction D. 

4. System total shear time-history ( )iDV t  at a given level i and in a direction 

. This corresponds to the sum of inertial forces above that level, and is 

given by:  
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( ) ( )

,

, ,
1

j nodesnn

iD jD k jD k
j i k

V t m U t
= =

= ∑ ∑   (6.16) 

where n  is the total number of levels, ,j nodesn  is the total number of nodes 

at floor j , ,jD km  and ( ),jD kU t  are the tributary mass and computed 

absolute horizontal acceleration of node k  at floor j .  

5. System total overturning moment time-history ( )iDM t  due to the 

horizontal inertial forces at a given level i  and in the direction D . This 

is`computed as the sum over all floors above level i of the product of the 

vertical distance  between floors j and i and sum of the inertial forces at 

floor j.  

The system total overturning moment is given by, that is: 

 
( ) ( ) ( )

,

, ,
1

.
j nodesnn

iD j i jD k jD k
j i k

M t h h m U t
= =

= −∑ ∑   (6.17) 

where ,i jh h  are heights of floor levels  and i j , respectively, above the 

base. 

The system total overturning moment including P-Delta effects is given 

by  

 
( ) ( )

,

,2 , ,
1

( )
j nodesn

iD iD jD k jD k
k

M t M t m g t
=

= + ⋅ ⋅∆∑  (6.18) 

The system total overturning moment envelopes (due to the inertial 

forces only) are given by: 
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 { }1 2, , ,D D D nDM M M+ + + += M  (6.19) 

 { }1 2, , ,D D D nDM M M− − − −= M  (6.20) 

where ( )( )maxiD iDt
M M t+ =  and ( )( )miniD iDt

M M t− = . 

6. Location of the resultant of the horizontal inertial forces above level i . 

This is computed when the resultant exceeds 80% of peak system shear 

force at that level and is given by 

 

( )
( )
( ) ( ) ( ), 0.80 max

  Not defined , otherwise

iD
i iD iDeff

i iD

M t
h V t V t

h t V t


+ ≥ ⋅
= 




 (6.21) 

where ih  corresponds to height above the base of the building of level i . 

When the P-Delta effects are also considered in the computation of the 

system overturning moment, then the equation for the effective height 

becomes:  

 

( )
( )

( ) ( ) ( ),2

,2

, 0.80 max

  Not defined , otherwise

iD
i iD iDeff

i iD

M t
h V t V t

h t V t


+ ≥ ⋅
= 




 (6.22) 

7. Computation of column axial force-biaxial moment interaction surfaces. 

The axial force-biaxial moment (PMM) interaction surfaces for different 

concrete section types are computed in this study using OpenSees. A 

zero-length fiber-section element is used and the cross-section is assumed 
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to remain plane under deformation. Uniaxial material models are 

assigned to both concrete and steel fibers based on expected material 

properties. The expected column capacity is numerically described by a 

series of discrete points that are generated on the three-dimensional PMM 

interaction surface. The generation of the PMM interaction surface is 

based on multiple biaxial moment-curvature fiber-section analyses for 

several levels of axial load (compression and/or tension). The coordinates 

of the points shown in a PMM surface are determined by incrementally 

rotating an orthogonal biaxial moment vector about the axial load 

direction. For each rotation step of the biaxial moment vector, and for 

different levels of axial load, a moment-curvature analysis is performed 

under the Euler–Bernoulli assumption that plane-sections remain plane. 

This moment-curvature analysis stops once any fiber in the extremity 

reaches the maximum concrete compressive strain 0.003ε = −c  and the 

corresponding PMM coordinate on the interaction surface is obtained. 

The bisection method could also be used to obtain the solution. Figure 6.5 

shows a typical PMM interaction surface: the axial force is normalized by 

'
cbhf , while zM is normalized by 2 '

cbh f and yM  by 2 '
chb f . The advantage 

of using OpenSees is that the sections used in the computational of a 

large building or bridge model can be used adopted as the same input for 

the PMM interaction analysis. For verification purposes, Figure 6.5 also 
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shows a traditional textbook approach (see Chapter 11, MacGregor et al. 

2005). 

 
 

Figure 6.5: Example of column PMM interaction surface 
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6.7. Earthquake response analysis results 

6.7.1. Introduction 

 This section first describes the initial “cracked” sections building periods 

and mode shapes. The effective modal masses are shown in order to illustrate that the 

initial linear elastic computational model is well balanced and corresponds to expected 

building modal characteristics. Next, the ground motions selected for the earthquake 

response analysis are described. Then, results from the nonlinear time-history analysis 

of the computational models developed for the NEHRP 13-story design building 

example are presented, analyzed and discussed. The state-of-the-art “2010 PEER 

Ground Motion Database – Beta Version. 6.2” is used to select the earthquake records. 

Since the objective of this section is to present a detailed analysis of the results 

computed at a global and local level, two earthquake records are selected and response 

parameters are determined for the Design Basis Earthquake (DBE) and the Maximum 

Considered Earthquake (MCE) scaled ground motions. The post-processed response 

parameters for which results are presented are the deflected shapes, interstory drift 

ratio envelopes, floor absolute acceleration, system total overturning moments, system 

total shear, and location of resultant of floor horizontal inertia forces vs. building 

height when resultant force exceeds 80% of max base shear force. Local response 

parameters are presented for fiber-section forces and deformations recorded at element 

ends of a corner column, two edge columns and a central column, ends of two beams 

in the EW direction (one aligned with a frame and the other with a wall) at different 

levels. In the walls, the stress-strain response of the various nonlinear truss elements 

are also shown. 
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6.7.2. Modal periods and mode shapes of the computational model 

The modal periods of the building are listed in Table 6.1. These correspond to 

the ones computed immediately after the application of the gravity loads. In this Table 

6.1, the effective modal mass participation and the cumulative effective modal mass 

participation are listed for both the EW direction and the NS direction. The last two 

columns in this table list modal effective participation factors for the displacement 

response at the roof level in the EW-direction and the NS direction.  

Table 6.1: Modal periods based on initial elastic material properties 
Mode T 

(s)  
Eff. Modal 
Mass Part. 

EW 

Eff. Modal 
Mass Part. 

NS 

Cumulative 
Eff. Modal 
Mass EW 

Cumulative 
Eff. Modal 
Mass in NS 

Γnφn,Roof-

EW 
Γnφn,Roof-

NS 

1 (1-NS) 1.767 0.00 0.86 0.00 0.86 0.00 1.28 
2 (1-
EW) 1.285 0.78 0.00 0.78 0.86 1.41 0.00 

3 (1-T) 1.034 0.00 0.00 0.78 0.86 0.00 0.00 
4 (2-NS) 0.574 0.00 0.09 0.78 0.95 0.00 -0.42 
5 (2-T) 0.331 0.00 0.00 0.78 0.95 0.00 0.00 
6 (2-
EW) 0.330 0.17 0.00 0.95 0.95 -0.62 0.00 

7 (3-NS) 0.328 0.00 0.03 0.95 0.98 0.00 0.23 
8 (4-NS) 0.220 0.00 0.01 0.95 0.99 0.00 -0.15 
9 (3-T) 0.184 0.00 0.00 0.95 0.99 0.00 0.00 
10 (5-
NS) 0.160 0.00 0.01 0.95 1.00 0.00 0.10 

11 (3-
EW) 0.156 0.05 0.00 1.00 1.00 0.33 0.00 

12 (4-T) 0.124 0.00 0.00 1.00 1.00 0.00 0.00 
Legend: 
(#-NS): # of mode shape in North-south direction (i.e. direction of the frame lateral 
resisting system) 
(#-EW): # of mode shape East-west direction  (i.e. direction of the frame-wall lateral 
resisting system) 
(#-T): # of a torsional mode shape 
ΓnφRoof-XX: Modal participation factors for the displacements at the roof level in 
direction XX 
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Figure 6.6 and Figure 6.7 show the modal effective participation factors for the 

displacement response at floor levels. The advantage of showing these modal effective 

participation factors, instead of the traditional modal participation factors, is that the 

effective modal participation factors are invariant to the scaling of the mode shapes. 

The greater effective modal participation factor in the EW direction is larger than the 

one for the NS direction. 

 
Figure 6.6: Modal effective participation factors for the displacement response at floor 

levels in the EW-direction (Wall direction—W) 

 
Figure 6.7: Modal effective participation factors for the displacement response at floor 

levels in the NS-direction (Frame direction—F) 
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6.7.3. Description of input earthquake ground motions 

The two earthquake records listed in Table 6.2 were selected from the 2010 

PEER Ground Motion Database – Beta Version. 

Table 6.2: Properties of selected earthquake records obtained from the PEER 2010 
database 

Event  Loma Prieta Duzce-Turkey 
Year  1989 1999 

Station  LGPC Duzce 
NGA record #  779 1605 

Scale factor to DBE level 0.9122 1.0853 
Scale factor to MCE level 1.3683 1.6280 

Mean Squared Error (MSE*)  0.0836 0.0943 
Pulse Indicator: FN/FP  Yes / Yes No / Yes 

Pulse Period pT : FN/FP  
3.0 s / 4.1 s − / 5.6 s 

Moment magnitude WM   6.9 7.14 

Type of fault mechanism  Reverse-Oblique Strike-Slip 
Closest distance to rupture plane 

rupR (km)  
3.9 6.6 

*MSE is computed between the target spectrum and the GM of the FN and FP 
response spectra.  

 

 

The records listed in Table 6.2 correspond to near-fault ground motions. These 

records were selected since they provide a relatively low mean square error (MSE) 

between the target design basis earthquake (DBE) response spectrum and the 

geometric mean of the fault-strike-normal (FN) and fault-strike-parallel (FP) 

components. The geometric mean (GM) for FN and FP horizontal components is 

given by: 

 ( ) ( ) ( )GM FN
i i i

FP
a a aT TSTS S= ×  (6.23) 

The MSE between the target spectrum and the scaled GM response spectrum is 
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computed in terms of the difference between the natural logarithm of spectral 

accelerations. It is given by the expression 

 

( ) ( ){ }
( )

2
( ) ( )target GM

i i a i a i
i

i i
i

w T ln S T ln SF S
MSE

T

w T

   ⋅ − 
=

×  ∑
∑

 (6.24) 

where the target and GM response spectra are sampled at 100 equally-log-spaced 

periods iT   between 0.01 seconds and 10 seconds to provide the value of ( )argt et
a iSa T   

and the ( )GM
a iSa T , respectively, and where SF  is the linear scale factor applied to the 

entire response spectrum. The SF  listed in Table 6.2 is the one that minimizes the 

MSE  between the target spectrum (design basis earthquake, DBE, or maximum 

considered earthquake, MCE) and the geometric mean spectrum of the two horizontal 

components. 

Table 6.2, the pulse indicator (Baker 2007a) is used to determine if the fault-

strike-normal (FN) and fault-strike-parallel (FP) components contain strong motion 

pulses. In such case, the pulse period pT  is provided for the strong motion pulses. 

For reference, Table 6.2 provides other parameters of the selected earthquake 

records, such as the fault mechanism, the moment magnitude wM , the closest source-

to-site distance rupR , and the recorded shear wave velocity at 30m depth ,30sV . 

Table 6.3 lists the eight different analyses performed. For each earthquake four 

analyses are run: two different intensity levels are used (DBE and the MCE scaled 

ground motions), and for each intensity level two orientations of the horizontal ground 
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motion components are considered: (i) FNFP - fault normal component applied in the 

EW direction and fault parallel applied in the NS, and (ii) FPFN - fault parallel 

component applied in the EW direction and fault normal applied in the NS. It should, 

however, be noted that the procedure considered here is no guarantee that the largest 

response will be obtained for either cases considered. 

Table 6.3: Input ground motions and simulation runs 
Run Earthquake Component used Scale Factor 

(Level) 
 E-W 

direction 
NS direction  

DUZCE-FNFP-DBE DUZCE FN FP 1.0853 (DBE) 
LGPC-FNFP-DBE LGPC FN FP 0.9122 (DBE) 

DUZCE-FPFN-DBE DUZCE FP FN 1.0853 (DBE) 
LGPC-FPFN-DBE LGPC FP FN 0.9122 (DBE) 

DUZCE-FNFP-DBE DUZCE FN FP 1.6280 (MCE) 
LGPC-FNFP-DBE LGPC FN FP 1.3683 (MCE) 

DUZCE-FPFN-DBE DUZCE FP FN 1.6280 (MCE) 
LGPC-FPFN-DBE LGPC FP FN 1.3683 (MCE) 

 

 
The acceleration response spectra for the scaled DUZCE earthquake are 

compared to the DBE target spectra periods in logarithmic scale in Figure 6.8 with 

periods in logarithmic scale (Figure 6.8(a)) and in linear scale (Figure 6.8(b)). The 

fault-normal (FN) component, fault-parallel component (FP), and their geometric 

mean (GM) are shown in this Figure, all scaled by 1.0853. From this figure 

comparison, a satisfactory match between the GM and DBE response spectra can be 

observed particularly for periods above 1.2 seconds, corresponding to the region of the 

spectrum close to the first mode period in the EW direction. For lower periods, on 

average the response spectrum for this earthquake deviates considerably from the DBE 

response spectrum. It is worth noting, that the arithmetic mean (AM) of the fault-
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normal and fault-parallel components is very similar to the plotted GM.  

 
(a) Log scale                                               (b) Linear scale 

 

Figure 6.8: Design basis earthquake (DBE) target response spectra and response 
spectra for the Duzce earthquake: fault-normal (FN) component, fault-parallel (FP), 

and geometric mean (GM) of the fault-normal and fault-parallel components 
 

Figure 6.9 shows the design basis earthquake (target) spectra and the response 

spectra for the LGPC earthquake (scaled by 0.9122): fault-normal component, fault-

parallel component, and their geometric mean. Acceleration response spectra are 

shown in both log-scale (Figure 6.9(a)) and in linear scale (Figure 6.9 (b)). The match 

between the GM and DBE response spectra is considered satisfactory in this case as 

well. When compared to the GM response spectrum of DUZE earthquake for periods 

below 1.2 seconds the GM response spectrum of LGPC approximates better the DBE 

target spectrum. However, for longer periods the LGPC GM spectrum is larger than 

the target spectrum. This due to the fact that an equal weight was assigned to all 

spectral ordinates in the computation of the minimum MSE value that lead to the 

selection of a single  scaling factor for to the whole GM spectrum.  
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(a) Log scale                                               (b) Linear scale 

 
Figure 6.9: Design basis earthquake (DBE) target response spectra and response 

spectra for the LGPC earthquake: fault-normal (FN) component, fault-parallel (FP), 
and geometric mean (GM) of the fault-normal and fault-parallel components 

 

Even though this scaling procedure is considered satisfactory, it is worth 

noting that depending on the selected earthquake, the scaling procedure can be 

responsible for considerable deviations from the DBE target spectrum at different 

periods. For example, at 1.2 second period the DBE target acceleration is 0.544 g, but 

the GM spectral acceleration are 0.545g and 0.612 g for the Duzce and the LGPC 

earthquakes, respectively. Similarly at 1.8 second period, the DBE target acceleration 

is 0.362 g, but the GM spectral acceleration are 0.352 g and 0.424 g for the Duzce and 

the LGPC earthquakes, respectively.  

6.7.4. Global response 

6.7.4.1. Deformed Configuration 

Figure 6.10 and Figure 6.11 show displaced shapes for the DUZCE-FNFP-

MCE and DUZCE-FPFN-MCE simulation runs. These plots correspond to instants in 
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which peak roof displacements are attained in both the EW and the NS directions, 

respectively. The peak roof drift ratios that is achieved in the EW direction is 1.28%, 

while the corresponding value in the NS direction is 1.89%. Figure 6.12 and Figure 

6.13 show displaced shapes for the LGPC-FNFP-MCE and LGPC-FPFN-MCE 

simulation runs. These plots correspond to instants in which peak roof displacements 

are attained in both the EW and the NS directions, respectively. The peak roof drift 

ratios that is achieved in the EW direction is 3.31%, while the corresponding value in 

the NS direction is 2.93%. 

 
Figure 6.10: Displaced shape for instant in which peak EW roof drift ratio is achieved: 

Run DUZCE-FNFP-MCE 
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Figure 6.11: Displaced shape for instant in which peak NS roof drift ratio is achieved: 

Run DUZCE-FPFN-MCE 
 

 
Figure 6.12: Displaced shape for instant in which peak EW roof drift ratio is achieved: 

Run LGPC-FNFP-MCE 
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Figure 6.13: Displaced shape for instant in which peak NS roof drift ratio is achieved: 

Run LGPC-FPFN-MCE 
 

The large discrepancy in the results obtained for both earthquakes is mainly 

attributed to the scaling procedure used for the earthquakes. The GM response 

spectrum for the DUZCE earthquake matches closely the DBE spectrum in range of 

periods corresponding to the first mode periods in both EW and NS directions. In 

contrast the GM response spectrum for the LGPC earthquake exceeds the DBE 

spectrum in all periods corresponding to the first mode periods of the structure. 

Furthermore, the FN component of the LGPC earthquake greatly exceeds the DBE 

target spectrum, for example, near the 1.8 second period (approximately 1.5 times the 

initial period in the EW direction), the spectral value for the DBE target spectrum is 

0.362 g while the spectral value corresponding to the FN component is 0.556 g, which 

is 1.536 times the DBE target value. When this value is scaled by 1.5 in order to 



229 

 

perform analysis for the MCE level, the corresponding increase in spectral amplitude 

is 2.30.  

6.7.4.2. Floor lateral displacement envelopes 

Figure 6.14 and Figure 6.15 show the normalized floor displacement envelopes 

for DUZCE and LGPC records scaled to the DBE and MCE levels. The results shown 

in Figure 6.14 correspond to cases in which the FN and FP components are applied in 

the EW and NS directions, respectively, while the results shown in Figure 6.15 

correspond to cases in which the FP and FN components are applied in the EW and 

NS directions, respectively. From comparison of the two figures, the first thing that is 

very clear is the importance of the directionality of the components with respect to the 

building orientation. First, the LGPC-MCE scaled motion it the one responsible for the 

largest displacements. The FN component of this earthquake applied to the EW or the 

NS provides for the largest displacements is both directions. In contrast, the largest 

displacement that are produced by the Duzce earthquake, correspond to the application 

of the FP in the EW or the NS direction. These results are consistent with the response 

spectra shown in Figure 6.9, in which the FP component has higher spectral 

accelerations than the FN component for the DUZCE earthquake. Except for the case 

of the computed peak roof displacements in the EW direction for the LGPC-FNFP-

MCE simulation run, related to the scaling procedure performed as explained before, it 

can to be said that the peak displacements are in agreement with expected code limits 

and recent experimental system tests performed both at UCSD and at E-Defense, 

where maximum roof drift ration of 2% were achieved while collapse prevention was 
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guaranteed. These results show the importance of orientation of the components such 

that the analysis can capture different important contributions from both the FN and 

FP components. This is even more so, when a structure has considerably different 

periods is both directions. The influence of the type of the lateral resisting system on 

the responses is also discernible. The displacement profiles for the EW direction show 

the near linear deformation, which is a combination of the purely cantilever flexural 

type deformation profile that would be visible in a wall system with the shear 

deformation type profile of the frame buildings. In the EW direction, slight deviations 

from the perfect line are also visible and these can be attributed to effect of interaction 

between the frame and frame-wall system and also, but to a lesser extent, to effects of 

higher modes. In the NS direction the shear type deformation of the frame system is 

clearly visible. In the negative envelope of the NS response for the DUZCE-FNFP-

MCE simulation run (see Figure 6.14), two inflections in the profile are visible instead 

of typical one inflection point. Even though it is hard to judge on this figure alone, it 

can be said (and will be clearly shown later in the analysis of the interstory drift 

profiles) this has to do with the higher modes effects.  
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Figure 6.14: Normalized floor displacement envelopes for DUZCE and LGPC records 
scaled to the DBE and MCE levels. FN and FP components applied in the EW and NS 

directions. 

 
Figure 6.15: Normalized floor displacement envelopes for DUZCE and LGPC records 
scaled to the DBE and MCE levels. FP and FN components applied in the EW and NS 

directions. 
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6.7.4.3. Interstory drift ratio envelopes 

The interstory drift ratio envelopes for all 8 simulation runs considered here are 

shown in Figure 6.16 and Figure 6.17. Figure 6.16 shows the interstory drift ratio 

response to Duzce and LPGC records with FN applied in the EW direction and FP 

applied to the NS direction, respectively, and scaled to DBE and MCE, and Figure 

6.17 shows the interstory drift ratio response to Duzce and LPGC records with FP 

applied in the EW direction and FN applied to the NS direction scaled to DBE and 

MCE.  

 
Figure 6.16: Interstory drift ratio response to Duzce and LPGC records with FN 

applied in the EW direction and FP applied to the NS direction scaled to DBE and 
MCE  
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Figure 6.17: Interstory drift ratio Response to Duzce and LPGC records with FP 

applied in the EW direction and FN applied to the NS direction scaled to DBE and 
MCE  

 
Figure 6.16 and Figure 6.17 first show all too clearly the influence of the 

structural system in the building response. First, it can be seen that the responses in the 

NS direction the interstory drift ratio envelopes resemble a “Christmas tree”. This 

pine-type interstory drift ratio profile is typical of frame-type structures. The basement 

level in the NS direction has negligible deformations, due to the presence of the 

basement perimeter wall. The interstory deformations tend to concentrate in the 

bottom floors and the peak story deformations do not occur in the bottom floor. In this 

building peak interstory drifts are computed in the fourth-story above grade (between 

28% and 36% of the height). As discussed in the previous section, the influence of the 

second mode is apparent in the negative envelope of the DUZCE-FNFP-MCE 

response.  
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6.7.4.4. Floor absolute acceleration envelopes 

Figure 6.18 shows the EW normalized floor acceleration 

magnification/demagnification envelopes, for MCE and DBE scaled DUZCE and 

LCGP records when the FN and FP components are applied in the EW and NS 

directions, respectively. The first observation that is worth mentioning is the large 

acceleration response observed at grade level ( )0rh h = . This large floor absolute 

acceleration observed at the first level can be explained due to the large variation of 

stiffness and strength at the interface between the basement and the second story. The 

smaller accelerations observed at levels immediately above the grade level have to do 

with the fact that a plastic hinge forms at the base of the wall near the grade level, 

which caps the inertial forces developed at the floor above the grade level. At the level 

corresponding to 0.68rh h =  a clear bottle-neck of the acceleration response is 

observed. This is characteristic of the second mode contribution to the acceleration 

response, in which at about 70% of the height the second mode has negligible 

contribution. Above this level, the increased importance of the higher mode responses 

is responsible for the increase in the floor acceleration response. Here several modes 

are contributing significantly to the response, which can also be explained from 

fundamental results of structural dynamics of linear elastic systems from where it is 

known that the modal contribution of higher-modes to the acceleration response of the 

tip of a cantilever is considerably larger than the contribution to of the higher modes to 

the displacement response (Chopra 2003).  
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Normalized floor absolute acceleration envelope Ü/PGA 

 

Figure 6.18: Normalized floor absolute acceleration envelopes. FN and FP 
components applied in the EW and NS directions, respectively. 

 

Another important observation that can be made from analysis of Figure 6.19 

is related to the overall profile of the floor accelerations. Since the inertial forces 

developed at floor levels are proportional to these accelerations, and assuming for the 

purposed of the current discussion that the floor masses are all the same, it can be 

readily concluded that the profile of the lateral forces is far from the one 

corresponding to the first mode profile that is typically assumed in the design. The 

profiles of the envelopes show a “whip” effect and indicate clear contribution of the 

higher modes, which suggests that the location of the resultant of the inertial forces 

that produce greatest force demands does not only depend on a mode 1 type of load 
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profile. Furthermore, since inertial forces are proportional to the absolute accelerations 

developed at floor levels it is expected that forces (namely shear forces) are also 

affected by the second and higher mode. This will be discussed in more detail in a 

subsequent section.  

 
Normalized floor absolute acceleration envelope Ü/PGA 

 

Figure 6.19: Normalized floor absolute acceleration envelopes. FP and FN 
components applied in the EW and NS directions, respectively 

 

Figure 6.19 shows the normalized floor absolute acceleration envelopes for the 

cases in which FP and FN ground motion components are applied in the EW and NS 

directions, respectively. While most conclusions drawn for Figure 6.18 can be 

transposed directly to the response shown in Figure 6.19, it should be noted that the 

relative contribution of the higher modes to the response shown in Figure 6.19 is 
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smaller than that shown in Figure 6.18, especially since the magnification of the 

acceleration response at higher levels is not as great. Comparison of these two figures 

also shows the importance of the orientation of the earthquake records with respect to 

the building orientation, reinforcing the idea that in cases for which the relative 

orientation of the FN and FP ground motion components with respect to the building 

orientation is not known, several nonlinear time-history response analysis should be 

performed in order to safely perform the design of acceleration sensitive structural and 

non-structural components. Discussion of acceleration sensitive structural response 

parameters (e.g. system shear forces) will also be discussed later in this chapter.  

Figure 6.20 shows the EW floor absolute acceleration time-histories, 

normalized with respect to PGA, for the DUZCE earthquake scaled to DBE level, 

when FN and FP ground motion components are applied in the EW and NS directions, 

respectively. The acceleration responses were not filtered. From the bottom to the top 

of the Figure, different floor absolute acceleration time-histories are shown for various 

levels including (i) base input motion (bottom subplot), (ii) grade level acceleration 

response (second subplot from the bottom), (iii) plots for every other floor. For each 

level, the maximum and minimum acceleration responses are also highlighted in the 

plot, and two values are printed in parentheses: the first value corresponds to the 

instant in which the peak occurs, and the second value corresponds to the peak 

magnification factor.  



238 

 

 
Figure 6.20: Normalized floor absolute acceleration time-histories. Duzce earthquake 
scaled to DBE level.  FN and FP components applied in the EW and NS directions, 

respectively. 
 

The first observation that can be made in from results shown Figure 6.20 is that 

the structure filters the input motion and it is clear that the plot of the accelerations at 

the base do not have the same period as the plot shown for level 13 (roof), which is a 

general result of structural dynamics. Second, the peak ground acceleration occurs in 
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the positive direction, at the roof level the peak acceleration response occurs in the 

negative direction highlighting the contribution of higher modes, in an effect that is 

sometimes referred to as “whip” effect. Additionally, the acceleration responses in 

zones of transition Furthermore, from Figure 6.20 it can be seen that the peak 

accelerations at various levels do not all occur at the same instant. If one follows the 

magnification factor of the peak positive floor absolute accelerations along the height 

of the building, starting from the base and up to level 7, it can be seen that the instant 

when peak positive magnification occurs at each level increase gradually as one moves 

up the building. This can be explained easily as the horizontal accelerations of the base 

need to propagate upwards along the height of the building. The difference between 

the instants for two consecutive levels is the time taken for the peak acceleration to 

propagate from one level to another one above. This observation is almost intuitive, 

but is often forgotten when defining the time step that needs to be used for nonlinear 

time-history analysis. If a time step selected is too large the vertical propagation of the 

horizontal accelerations cannot be well captured and therefore the floor accelerations 

results may be unreliable. Thus, it is of crucial importance that the convergence study 

of the accelerations with respect to the time step of the analysis be performed in order 

to obtain meaningful results.  

Another observation that can be made has to do with the high-frequency 

response observed at the grade level and level 9 (second subplot from the bottom). The 

high-frequency responses show up in areas where there is a change in stiffness and 

strength in the numerical model. At the grade level the transition is greatest since it is 
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the region where the perimeter basement walls end. At level 9 (also at level 6, not 

shown) there is a transition in strength (and stiffness, Priestley 2003) of the walls due 

to longitudinal (in the vertical direction) bar curtailment. The reason for the high-

frequency response is thought to be two fold. First, the Newton-Raphson algorithm is 

not ideal for capturing solutions that are not smooth typical of reinforced concrete 

structure that crack and experience sudden changes in stiffness. Second, the 

earthquake inputs are processed historical records obtained from the PEER NGA 

database (see Chiou 2008b) for information on how the PEER NGA records are 

processed), and the processing influences the high-frequency content of the response. 

Traditionally, in nonlinear time-history analysis this would be taken care of by 

assigning higher damping to higher modes, but the current accepted method by the 

structural engineering community is to assigning relatively low viscous damping 

values for all modes. Possible solutions include the use of secant (quasi-newton) type 

methods, and filtering of the high-frequency response (not performed herein). It is 

worth noting that careful selection and validation of (i) time step used in the nonlinear 

time-history analysis, and (ii) the sources of the high-frequency response, and 

appropriate filtering of the response such that it is mimics the procedure used in the 

processing of the ground motion data. 

Figure 6.21 shows the EW floor absolute acceleration time-histories 

normalized with respect to PGA for the Duzce earthquake scaled to DBE level, when 

FP and FN ground motions components applied in the EW and NS directions, 

respectively. Similar conclusions may be drawn for this DUZCE-FPFN-DBE case 
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(Figure 6.21) as were presented DUZCE-FNFP-DBE (Figure 6.20). It is however 

worth mentioning that the maximum magnification of the floor response is 

considerably smaller. For DUZCE-FNFP-DBE case the peak roof absolute 

acceleration appears in the negative direction with the value 3.32 while in the 

DUZCE-FPFN-DBE the peak roof absolute acceleration was computed for the 

positive direction with a value 1.61. Another point worth mentioning is that there is a 

deamplification of the floor acceleration response for positive direction for all floors 

except the grade level and roof response. This could lead one to think that the 

contribution of the higher modes is smaller for this case, however, one should not that 

the instantaneous modes are necessarily in phase, which sometimes could lead to the 

amplification, or in this case the deamplification of the floor acceleration response. 

This could be confirmed by plotting the variation of the instantaneous modal periods 

and mode shapes, and the corresponding mode participation factors (Kalkan and 

Kunnath 2007). 
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Figure 6.21: Normalized floor absolute acceleration time-histories. Duzce earthquake 
scaled to DBE level.  FP and FN components applied in the EW and NS directions, 

respectively. 
 

Figure 6.22 shows the floor absolute acceleration time-histories of the 

DUZCE-FNFP-MCE run, i.e., Duzce earthquake scaled to MCE level and FN and FP 

components applied in the EW and NS directions, respectively. To see the effect of 

scaling up the earthquake on the acceleration time-history responses, the plots on 
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Figure 6.22 should be compared with the ones shown for Figure 6.20 (DUZCE-FNFP-

DBE run). The first comparison performed is relative to the grade level absolute 

acceleration time-histories. Note that the high-frequency response seems to be the one 

dominating the peak positive and negative values which occur at different instants for 

the DBE and MCE scaled earthquakes.  
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Figure 6.22: Normalized floor absolute acceleration time-histories. Duzce earthquake 
scaled to MCE  level. FN and FP components applied in the EW and NS directions, 

respectively. 
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Figure 6.23: Normalized floor absolute acceleration time-histories. Duzce earthquake 
scaled to MCE level. FP and FN components applied in the EW and NS directions, 

respectively. 
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6.7.4.5. System total overturning moment 

6.7.4.5.1.Orbital plots 

The system total overturning moments at grade level for DUZCE and LGPC 

records scaled to the DBE and MCE levels when FN and FP ground motion 

components are applied in the EW and NS directions, respectively, are shown in 

Figure 6.24. In this figure, the grade level system overturning moments due to the 

lateral inertial forces computed about the direction perpendicular to the wall direction 

0,EWM  and normalized by the product of the seismic weight W  above the grade level 

and the roof height rh , ( )0,EW rM Wh , are shown in the abscissae. In the ordinates the 

corresponding value of the normalized system overturning moment while the system 

overturning moments computed about the direction perpendicular to the frame 

direction are shown in the ordinates, ( )0,NW rM Wh . Note that the scales used for the 

abscissae and the ordinate axis are not the same. This said it can be seen that the 

( )0,EW rM Wh  is considerable greater than ( )0,NW rM Wh , because of the fact that the 

system was designed for different base shear forces in both directions. For some 

responses, for example the LGPC-FNFP-MCE plot on the top right figure, it may be 

seen that the peak positive ( )0,EW rM Wh  corresponds to about 50% to 60% of the 

peak ( )0,NS rM Wh . Similar proportions can also be seen in the positive peak moment 

responses for the DUZCE-FNFP-DBE. These proportions are highlighted here since 

this goes against the 100%-30% rule typically used in the design. When the ground 

motions are rotated with respect to the building orientation the relative magnitudes of 
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peak responses obtained in both directions would be better approximated almost by a 

70%-100% rule, as can be seen in the responses shown in Figure 6.25. 

 
Figure 6.24: Normalized system total overturning moments at grade level for DUZCE 
and LGPC records scaled to the DBE and MCE levels. FN and FP components applied 

in the EW and NS directions, respectively 
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Figure 6.25: Normalized system total overturning moments at grade level for DUZCE 
and LGPC records scaled to the DBE and MCE levels. FP and FN components applied 

in the EW and NS directions, respectively 
 

6.7.4.5.2. Envelopes 

Figure 6.26 and Figure 6.27 shows the system total overturning moments due 

to the inertial lateral forces computed at different heights of the building for DUZCE 

and LGPC records scaled to the DBE and MCE levels, when FN and FP components 

are applied in the EW and NS directions, respectively. In green, system overturning 

moments used for the design are also shown. These moments are computed using the 

unfiltered absolute acceleration responses.  
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Figure 6.26: Normalized system total overturning moments for DUZCE and LGPC 
records scaled to the DBE and MCE levels. FN and FP components applied in the 

EW and NS directions, respectively 

 
Figure 6.27: Normalized system total overturning moments for DUZCE and LGPC 
records scaled to the DBE and MCE levels. FP and FN components applied in the 

EW and NS directions, respectively 
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6.7.4.5.3. Moment vs. roof drift ratio 

Figure 6.28 shows the calculated system total overturning moment at the grade 

level 0,EWM versus roof drift ratio rθ  when  DUZCE and LGPC records scaled to the 

DBE and MCE levels.  The parameter 0,EWM   is shown as a dimensionless form and is 

expressed as a ratio of the overturning moment to the product of the seismic weight 

and the roof height ( )0,EW rM Wh . These plots give an idea of the nonlinear response 

computed for this case. Similar plots are shown in Figure 6.29, Figure 6.30, AND 

Figure 6.31, for ( )0,NS r rM Wh θ−  response for FN-FP orientations of the components 

applied in the EW-NS, and ( )0,NS r rM Wh θ−  and ( )0,NS r rM Wh θ−  response FN-FP 

orientations of the components applied in the EW-NS. It may be seen that the largest 

inelastic excursions appear for the LGPC earthquake responses. 

 
Figure 6.28: Normalized system overturning moment ( )0,EW rM Wh  versus roof drift 
ratio rθ  for DUZCE and LGPC records scaled to the DBE and MCE levels. FN and 

FP components applied in the EW and NS directions, respectively 
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Figure 6.29: Normalized system overturning moment ( )0,NS rM Wh  versus roof drift 
ratio rθ  for DUZCE and LGPC records scaled to the DBE and MCE levels. FN and 

FP components applied in the EW and NS directions, respectively 

 
Figure 6.30: Normalized system overturning moment ( )0,EW rM Wh  versus roof drift 
ratio rθ  for DUZCE and LGPC records scaled to the DBE and MCE levels. FP and 

FN components applied in the EW and NS directions, respectively 
 



252 

 

 
Figure 6.31: Normalized system overturning moment  ( )0,NS rM Wh  versus roof drift 
ratio rθ  for DUZCE and LGPC records scaled to the DBE and MCE levels. FP and 

FN components applied in the EW and NS directions, respectively 
 

6.7.4.6. System total shear 

6.7.4.6.1.Orbital plots 

Figure 6.32 and Figure 6.33 shows an orbital plot of system total shear forces 

calculated at grade level in both directions EWV  and NSV  when DUZCE and LGPC 

records scaled to the DBE and MCE levels for the FNFP runs and FPFN, respectively. 

In both figures, the parameters EWV  and EWV  are shown in a dimensionless form 

expressed as a ratio of the shear forces to seismic weight. As expected the maximum 

shear forces computed for both directions are considerably different in both directions, 

mainly due to the nature of the building lateral resisting systems that are quite different 

in both direction. 
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Figure 6.32: Normalized system total overturning moments for DUZCE and LGPC 
records scaled to the DBE and MCE levels. FN and FP components applied in the 

EW and NS directions, respectively 
 

 
Figure 6.33: Normalized system total overturning moments for DUZCE and LGPC 
records scaled to the DBE and MCE levels. FP and FN components applied in the 

EW and NS directions, respectively 
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Figure 6.34 and Figure 6.35 show the system total shear forces due to the 

inertial lateral forces computed at different heights of the building when DUZCE and 

LGPC records scaled to the DBE and MCE levels for the FNFP runs and FPFN, 

respectively. The computed system shear forces are determined using the unfiltered 

absolute acceleration responses, and the left plot corresponds the EW direction. In 

green, system shear forces used for the design are also shown. It may be seen that the 

peak computed demands reach 5.5 times the design forces. It has to be noted that this 

overstrength factor is considerably larger than the ones that have been observed in 

previous experimental work pertaining to walls. The validity of the large overstrength 

being reported has to be carefully analyzed. First, the system is modeled as a whole 

and all sources of kinematic overstrength are explicitly considered, which has not been 

done in previous modeling approaches of dual wall systems; (ii) the shear profiles are 

computed using unfiltered response; and (iii) the current model implemented in 

OpenSees does not account for the modified compression field-theory, and thus may 

provide for an unrealistically large shear force demand, since the web-crushing will be 

overestimated, and other sources of (unexpected) bar-buckling, low-cycle fatigue and 

other phenomena, which are not explicitly modeled, and thus the model provides for 

larger capacities than that which would be observed in the real structure.  
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Figure 6.34: Normalized system total shear forces for DUZCE and LGPC records 
scaled to the DBE and MCE levels. FN and FP components applied in the EW and 

NS directions, respectively 
 

From analysis of the plots in Figure 6.34 and Figure 6.35 the very different 

responses shear force profiles can be observed. First, by comparison of the EW (left 

column) vs NW (right column) responses from either figure, the influence of the 

lateral resisting structural can be readily observed. The left columns show envelopes 

that reduce in a gradual form as the height increases, which is considerably different 

than the lateral seismic force distribution shown in green (design). On the other hand, 

the right columns tend to follow a scaled version of the design shear force profiles, 

which tends to indicate that the first mode approximation for the lateral forces used in 

the design is a reasonable assumption, except for the response measured at the bottom 

two stories in the negative direction. 
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Figure 6.35: Normalized system shear forces for DUZCE and LGPC records scaled to 

the DBE and MCE levels. FP and FN components applied in the EW and NS 
directions, respectively 

 

Figure 6.36 to Figure 6.39 show the system total base shear V  normalized by 

the seismic weight W  versus roof drift ratio rθ  for all the simulations runs listed in 

Table 6.3. These figures give an idea of the nonlinear response of the building in both 

directions. Several response features are highlighted. First, it may be observed that the 

peak shear responses are not coincident with the peak roof drift ratios. This 

observation is visible in all plots and direction, but is exacerbated and mainly for the 

computed responses for the LGPC earthquake shown in Figure 6.36. The explanation 

for this observation has to do with the nature of the dynamic response of the inelastic 

structure. Note that the fact that the peak shear forces do not occur at instants of 

maximum drift may actually by beneficial to the structure, but more experimental 
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testing is necessary to verify these assumptions. Second, it should be pointed out that 

the hysteretic loops show that largest inelastic excursions correspond to one large 

cycle, except for the DUZCE-FPFN-MCE in which two large cycles are visible. This 

highlights the fact that the earthquake records being used are near-fault earthquakes 

and contain mainly one pulse. The LGPC motions are responsible for the greatest 

drifts and shear forces observed in the computational response. This observation had 

already been made for other response parameters and is attributed to the scaling 

procedure used for the earthquakes. Another point that is worth highlighting is the 

response shown in Figure 6.36 and Figure 6.39 for the LGPC earthquake record scaled 

to MCE level, where it is discernable that for large positive drifts in both EW and NS 

directions  (> 2% in the EW direction, Figure 6.36, and almost 2% in the NS direction, 

Figure 6.39) the shear force has a large change in magnitude at grade level. 

 
Figure 6.36: Normalized system total base shear EWV  versus roof drift ratio ,r EWθ  for 

DUZCE and LGPC records scaled to the DBE and MCE levels. FN and FP 
components applied in the EW and NS directions, respectively 
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Figure 6.37: Normalized system shear force NSV  versus roof drift ratio ,r NSθ  for 

DUZCE and LGPC records scaled to the DBE and MCE levels. FN and FP 
components applied in the EW and NS directions, respectively 

 

 
Figure 6.38: Normalized system shear force EWV  versus roof drift ratio ,r EWθ  for 

DUZCE and LGPC records scaled to the DBE and MCE levels. FP and FN 
components applied in the EW and NS directions, respectively 
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Figure 6.39: Normalized system total shear force NSV  versus roof drift ratio ,r NSθ  for 

DUZCE and LGPC records scaled to the DBE and MCE levels. FP and FN 
components applied in the EW and NS directions, respectively 

 
6.7.4.6.2.Location of resultant of floor horizontal inertia forces vs. building height 

when resultant force exceeds 80% of max base shear force. 

The set of figures shown in this section illustrate the location of the results of 

floor horizontal inertial forces normalized to the building height versus the base shear 

coefficient SC , which corresponds to the grade level shear force normalized by the 

seismic weight. All heights are measured relative to grade level (h = 0). From Figure 

6.40 to Figure 6.47, the instants corresponding to the peak system total overturning 

moment and peak system shear forces computed at grade level are shown for both 

directions. The effective heights used in the design of the frame-wall system ,eff EWh  

and the one used in the design of the frame system, ,eff NSh  are also shown for 
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reference. Based on these plots it is clear that the values used for design are not always 

conservative. 

 
Figure 6.40: Location of resultant of floor horizontal inertia forces normalized to 

building height versus base shear coefficient SC  for elevation of resultant of 
equivalent lateral forces normalized to building height DUZCE_FNFP_DBE 

 
Figure 6.41: Location of the resultant of equivalent lateral forces normalized to 

building height DUZCE_FNFP_MCE. 
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Figure 6.42: Location of the resultant of equivalent lateral forces normalized to 

building height DUZCE_FPFN_DBE. 

 
Figure 6.43: Location of the resultant of equivalent lateral forces normalized to 

building height DUZCE_FPFN_MCE 
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Figure 6.44: Location of the resultant of equivalent lateral forces normalized to 

building height LGPC_FNFP_DBE 

 
Figure 6.45: Location of the resultant of equivalent lateral forces normalized to 

building height DUZCE_FNFP_MCE. 
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Figure 6.46: Location of the resultant of equivalent lateral forces normalized to 

building height LGPC_FPFN_DBE. 

 
Figure 6.47: Location of the resultant of equivalent lateral forces normalized to 

building height LGPC_FPFN_MCE. 
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6.7.5. Local response   

6.7.5.1. Columns: Moment-curvature/rotation 

Figure 6.48 and Figure 6.49 show force-deformation plots of top and bottom 

sections of a corner column in the second-story and third-story, respectively. It can be 

seen that the ineslasticiy concentrates mainly on the grade level, which is a sign that 

the strong-column weak-beam design assumption holds true. 

Figure 6.48: Force-deformation plots of top and bottom sections of a second-story 
corner column. (a) DBE scaled earthquakes records, and (b) MCE scaled earthquakes 

records. (Design axial forces shown in blue) 
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Figure 6.49: Force-deformations plots of top and bottom sections of a second-story 
corner column. (a) DBE scaled earthquakes records, and (b) MCE scaled earthquakes 

records. (Design axial forces shown in blue) 
 

Figure 6.50 illustrates the three-dimensional axial force-biaxial moment 

interaction surfaces for a first-story corner column based on a criterion of 0.003 

compressive strain. Blue dots correspond to the instantaneous axial force-biaxial 

moment triplets for (a) DUZCE-FPFN-MCE and (b) . DUZCE-FPFN-DBE. In these 

plots the latidudes in red show correspond to peak values used in the design, and it is 
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clear from the figures that both the design axail forces in compression and in tension 

are exceeded. Furthemore, it may be seen that the blue dots show several excursions 

outside the reference surface, a clear indication that the section of the column is 

experiencing large inelastic deformations. 

 

 
Figure 6.50: Three-dimensional axial force-biaxial moment interaction surfaces for a 
second-story corner column based on a criterion of 0.003 compressive strain. Blue 

dots correspond to the instantaneous axial force-biaxial moment triplets for (a) 
DUZCE-FPFN-MCE and (b) . DUZCE-FPFN-DBE 

 

6.7.5.2. Columns: Orbital plot in Mz-My plane 

Figure 6.51 and Figure 6.52 show bi-axial moment orbital plots for a second-

story and third-story corner column. Blue horizontal lines correspond to the capacities 

of the beams that frame into the joint adjacent to the column section being analyzed. 

Results indicate that the moments developed in the columns, at certain instants, exceed 

simultaneously the capacity of the beams in both directions. This is an important 

results this is not typically considered in the design codes. 
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Figure 6.51: Bi-axial moment orbital plots for a second-story corner column. 

 

 
Figure 6.52: Bi-axial moment orbital plots for a third-story corner column. 
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6.7.5.3. Beams: Moment-curvature/rotation 

Figure 6.53 to Figure 6.60 show normalized moment-rotation for the different 

simulations runs studied in this chapter. The results plotted correspond to two beams 

in the EW direction which are Beam 2A-2B (part of frame 2) and Beam 4A-4B (part 

of frame-wall 4). These figures show that the peak rotations are all within acceptable 

limits of about 3%. It may also be seen that the beams at the first floor do not exhibit 

inelastic deformations due to the presence of the basement level. It is also visible, once 

again, that the orientation selected for the earthquake ground motions is very 

important.  

 
Figure 6.53: Beam normalized moment-rotation for the LGPC-FPFN case scaled to 

the DBE level 
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Figure 6.54: Beam normalized moment-rotation for the Duzce-FPFN case scaled to 

the DBE level. 
 

 
Figure 6.55: Beam normalized moment-rotation for the LGPC-FPFN case scaled to 

the MCE levels. 
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Figure 6.56: Beam normalized moment-rotation for the Duzce-FPFN case scaled to 

the MCE levels. 
 

 
Figure 6.57: Beam normalized moment-rotation for the LGPC-FNFP case scaled to 

the DBE level. 
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Figure 6.58: Beam normalized moment-rotation for the Duzce-FNFP case scaled to 

the DBE level. 
 

 

 
Figure 6.59: Beam normalized moment-rotation for the LGPC-FNFP case scaled to 

the MCE levels. 
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Figure 6.60: Beam normalized moment-rotation for the Duzce-FNFP case scaled to 

the MCE levels. 
 

6.7.5.4. Beams: Axial force-axial strain 

Figure 6.61 to Figure 6.68 illustrate normalized axial force versus axial strains 

for the different simulations runs considered. It is worth highlighting that the axial 

forces developed in the first floor are greater than the ones in upper flooes. This is due 

to the constraint provided by the basement walls to the axial deformation of the beams, 

which are present at the first floor level. For upper stories, slight increase in the beam 

forces is noticeable, due to the restraint of the T-section and transfer of in-plane shear 

between beams (see Chapter 5 for an explanation of the characteristics of the 

diaphragm model used), and plastic hinge elongation is captured in the end section. 
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Figure 6.61: Normalized axial force vs. axial strain for the LGPC-FPFN case scaled 

to the DBE level. 
 

 
Figure 6.62: Normalized axial force vs. axial strain for the Duzce-FPFN case scaled 

to the DBE level. 
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Figure 6.63: Normalized axial force vs. axial strain for the LGPC-FPFN case scaled 

to the MCE levels. 
 

 
Figure 6.64: Normalized axial force vs. axial strain for the Duzce-FPFN case scaled 

to the MCE levels. 
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Figure 6.65: Normalized axial force vs. axial strain for the LGPC-FNFP case scaled 

to the DBE level. 
 

 
Figure 6.66: Normalized axial force vs. axial strain for the Duzce-FNFP case scaled 

to the DBE level. 
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Figure 6.67: Normalized axial force vs. axial strain for the LGPC-FNFP case scaled 

to the MCE levels. 
 

 
Figure 6.68: Normalized axial force vs. axial strain for the Duzce-FNFP case scaled 

to the MCE levels. 
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6.8. Conclusions 

In this chapter an advanced three-dimensional finite element model was 

developed and subjected to two earthquake records in two possible orientations. The 

earthquake records considered were the 1999 Duzce (Turkey) earthquake record and 

the 1989 Loma Prieta LGPC earthquake record. Two different building orientations 

were considered. In the first orientation, the building longitudinal direction (EW or X-

direction) aligned with fault-parallel (FP) direction of the ground shaking and the 

transverse (NS or Y-direction) aligned with the fault-normal (FN) direction of the 

ground shaking. In the second orientation the building transverse direction aligned 

with the FP direction of the ground shaking and longitudinal direction aligled with the 

FN direction of ground shaking. The structural model developed is sufficiently 

complex that expected demands are considered to be realistic. The three-dimensional 

model allows for capturing important effects such as the effect of outrigger beams and 

effects of the orthogonal grid of beams that provides for an increased kinematic 

structural overstrength. Several nonlinear dynamic building responses were monitored 

many global and local response parameters were presented and the response for each 

parameter was described and insight into the behavior of the building model was 

obtained. In this chapter, the contribution made is related to the simultaneous 

representation of such a large number of response parameters, such that the behavior 

of the building model can be gauged and properly interpreted. It is worth noting that a 

large limitation of the modeling effort is the lack of 3-D building system testing that 

can be used for model validation of all the assumptions made herein. Insight is also 
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gained in to the 100%-30% rule suggested by many building codes appears which 

appears to be unconservative. The system shear forces as well as system overturning 

moments reached over 50% and 60% of its peak demand in one direction when 100% 

of the peak demand was attained in the principal direction. Several limitations of the 

current model can also be seen as for research work needs and include: (i) 

consideration of the nonstructural components, (ii) influence of viscous damping vs 

hysteretic/fictional damping and sensitivity analysis thereof, (iii) nonlinear diaphragm 

modeling, (iv) strength-degradation modeling for walls accounting for the MCFT, (v) 

consideration of strength and stiffness asymmetry, (vi) consideration of exterior 

structural walls placed in the perimeter of the building vs internal walls; (vii) effect of 

modeling assumptions for the diaphragm and strengthening of the chord collectors, 

and finally (viii) consideration of different building models accounting for different 

heights and strength distributions.  
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  CHAPTER 7

 

PROBABILISTIC SEISMIC DEMAND 

ANALYSIS OF A REINFORCED CONCRETE 

FRAME-WALL BUILDING BASED ON A 

SIMPLIFIED VECTOR-VALUED 

PROBABILISTIC SEISMIC HAZARD 

ANALYSIS 

7.1. Summary Equation Chapter (Next) Section 1 

In this chapter, the probabilistic seismic demand analysis (PSDA) of the 13-

story NEHRP reinforced concrete building design example (FEMA 451) is performed. 

The PSDA computations involves two sub-steps: (i) the simplified VPSHA approach 
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described in Chapter 2 is performed for a site located in Berkeley, California (37.87N, 

122.29W) where the the 13-story NEHRP reinforced-concrete frame-wall building is 

assumed to be located, using publicly available scalar PSHA results obtained from the 

United States Geological Survey (USGS) probabilistic seismic hazard results, which 

are combined by accounting for the statistical correlation coefficients between spectral 

accelerations at different periods (Baker and Jayaram 2008); and (ii) the 13-story 

NEHRP reinforced-concrete frame-wall building is subjected to an ensemble of 180 

bi-directional horizontal earthquake ground motions (90 independent records unscaled 

and scaled by a factor of two) to develop a statistical model between the IMs and the 

response parameters, knows as engineering demand parameters (EDPs). The building 

example used herein was designed according to ACI 318-08 and ASCE 7-05 US codes 

(Barbosa 2009), and the advanced nonlinear finite-element model was developed as 

described in Chapter 6. Finally, in this chapter, comparative studies between the 

PSDA results based on scalar and vector-valued IMs (using the simplified VPSDA 

approach) are presented, illustrating the importance of considering vector-valued IMs 

for certain response quantities.  

7.2. Introduction 

The first two steps in the performance-based earthquake engineering (PBEE) 

methodology, developed under the auspice of the Pacific Earthquake Engineering 

Research (PEER) Center over the past decade, are known as probabilistic seismic 

hazard analysis (PSHA) and probabilistic seismic demand analysis (PSDA), 

respectively. PSHA provides the mean annual rate of exceeding a scalar ground 
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motion intensity measure (IM), such as the spectral acceleration at the fundamental 

period 1T , ( )1, 5%aS T ξ =  or simply ( )1aS T . Even though ( )1aS T  is the most widely 

used ground motion IM in scalar PSHA and in PBEE, it has been shown by several 

researchers that ( )1aS T  can be an insufficient and inefficient predictor of the structural 

response for structures that exhibit significant nonlinear response, higher-mode 

effects, and significantly different periods in two orthogonal directions. Reasons for 

the insufficiency and inefficiency are easy to explain. The spectral acceleration ( )1aS T  

is a single ground motion parameter that is the only parameter currently used as a in 

the PSHA and as predictor of the structural response. Several reasons can be noted for 

the incapability ( )1aS T  to be an optimal IM (in terms of sufficiency and efficiency 

conditions). First, ( )1aS T  cannot represent the spectral shape of a ground motion. 

Second, for near-fault ground motions containing strong velocity pulses, for example, 

the velocity of the pulse also influences the seismic hazard near the periods of the 

pulse of the earthquake records. Other parameters such as duration of earthquakes and 

arias energy are also informative intensity measures of the ground motion records. To 

address this fact, vector-valued probabilistic seismic hazard analysis (VPSHA) and 

corresponding probabilistic seismic demand analysis (PSDA) based on vector-valued 

IMs were developed in 1998 (Bazzurro 1998). To date, due to inherent computational 

complexities of VPSHA, its use in practice is still rather limited, and an alternative 

approach was proposed in Chapter 2, and it is exercised herein. 
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To date, the application of the PSDA analysis has been limited to the PEER 

tested beds (http://peer.berkeley.edu/research/peertestbeds/index.html). These testbeds 

were used as application examples, or case studies, for which the full application of 

the PBEE methodology was exercised in order to show complexities of the 

implementation of the PBEE framework, and areas of possible improvement. While 

PEER is now leading the efforts for application of PBEE in several structural models, 

examples have been performed making use of single, scalar, IMs and most been 

limited to two-dimensional (2-D) computational models of bridges and buildings.  

It is worth noting that due to the compartmentalizing of PBEE framework by 

engineering specialty, in the structural engineering realm, several researchers have 

concentrated their efforts in the probabilistic structural assessment, which—within the 

PEER PBEE framework—considers only the estimation of the EDP|IM term, and in 

the case of buildings based on structural 2-D models of the building structures, even 

though it is widely accepted that the uncertainty in the quantification of the seismic 

response of structures is greatly increased when 3-D effects are not accounted for. 

In this Chapter, several levels of complexity are introduced in order to estimate 

the seismic demand curve with a greater degree of accuracy. First, the advanced three-

dimensional reinforced concrete frame-wall building model is subjected to a large 

number of horizontal bi-directional historical earthquake records, and second the 

(simplified) VPSHA based on vector-valued IMs consisting of spectral accelerations is 

used as the basis of the PSDA computations.  
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The advanced three-dimensional (3-D) nonlinear finite element (FE) model of 

the 13-story National Earthquake Hazards Reduction Program (NEHRP) reinforced 

concrete frame-wall building design example is used as a case study in the application 

of the simplified VPSHA and PSDA based on the simplified VPSHA. The building 

was re-designed according to current code requirements in the United States, namely 

ACI 318-08 and ASCE 7-05, for a site located in Berkeley, CA. State-of-the-art 

nonlinear modeling tools and modeling criteria for reinforced concrete buildings are 

used in the development of the computational building model. Based on 

experimentally validated computational models for different subassemblies, alternative 

modeling approaches for walls and diaphragms were developed in Chapter 4 and 

Chapter 5, respectively. Validation of the modeling approach used for columns and 

beam-column joints was also performed in Chapter 5, and in Chapter 6 a realistic FE 

model capturing the expected nonlinear behavior of the building structure was 

presented. The modeling approaches used include a 3-D nonlinear dynamic truss 

modeling approach for reinforced concrete walls and an alternative phenomenological 

approach for modeling reinforced concrete diaphragms. The computational building 

model was developed in OpenSees, and it is subjected to a large number of nonlinear 

dynamic time-history analyses (NDTHA) is performed. An ensemble of 90 historical 

earthquake ground motion records is selected to account for the inherent randomness 

in the earthquake ground motions at the site (both intensity level and record-to-record 

variability) and deterministic model properties are assigned for the geometry, mass, 
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damping, and strength and stiffness of the reinforcing steel and the concrete materials, 

among other model parameters.  

While the modeling approaches used for the walls accounts for flexure-shear 

interaction, the implemented model in OpenSees does not capture realistically the 

modified compression field theory, and thus it is expected that the model will over-

predict the capacity under large displacements. Furthermore, gradual loss of shear 

strength and stiffness in reinforced concrete columns are also not modeled. These two 

topics are limitations of the 3-D model presented herein. 

The large number of earthquake records was used as part of the “cloud” 

analysis method (Baker 2007) and it is thus used to predict the seismic response, 

designated as the engineering demand parameters (EDPs). The ensemble of natural 

ground motion recordings was selected within the PEER Next Generation Attenuation 

(NGA) database, and the selection of the records conforms to the site hazards. The 

forward stepwise statistical regression analysis is used to select the vector-valued IMs 

for use with each EDP considered. Comparative studies between the PSDA results 

making used of scalar PSHA and simplified VPSHA are presented, illustrating the 

importance of considering vector-valued IMs for certain response quantities. 

7.3. Finite Element Model and “cloud” analysis setup 

Uncertainty in the ground motion vector-valued IM is difficult to represent. 

The two main methods that can be used to account for the inherent randomness in the 

ground motion are the “cloud” method and the incremental dynamical analysis (IDA) 

method. Advantages and disadvantages of the two methods have been discussed in 
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Chapter 3. The method selected for this study is the “cloud” method. In this method a 

cloud—thus the terminology for the method—of engineering demand values are 

generated when a structure is subjected to an ensemble of earthquake ground motion 

records. Based on the site location and seismicity, an ensemble of 90 pairs of strong 

ground motion records is selected in the next section.  

7.3.1. Site location, seismicity, and earthquake records selected 

7. shows the location for the building site, which is assumed to be in Berkeley, 

California with coordinates: (37.87N, 122.29W). In 7., the main faults influencing the 

seismicity of the site are also represented (the Hayward fault and the San Andreas 

fault). The shortest source-to-site distances of these faults are approximately 4 km and 

22 km, respectively. The seismic cone penetration test (SCPT) data available in the 

Holzer (2002) USGS report is used to characterize the soil site conditions. Based 

Holzer’s (2002) report, the site was classified as a NEHRP site class D and an average 

shear-wave velocity down to 30 m ,30sV  of 300 m/s is assumed.  

Ninety (90) pairs of bi-directional (horizontal) strong ground motion records 

were selected from the PEER NGA database, which has a total of 3551 records (PEER 

NGA 2010). The 90 ground motion records selected match, simultaneously, the four 

filters listed in Figure 7.1. The ground motions are extracted from 14 earthquakes 

different events. Table 7.2 shows the complete list of the earthquakes records used. 

The moment magnitude, Mw, of the earthquakes selected ranges from 5.69 (1980 

Mammoth Lakes-02) to 7.28 (1992 Landers) and the mean magnitude, median 

magnitude and standard deviation are equal to 6.35, 6.19, 0.43, respectively. The 
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source-to-station closest distance varies from 0.07km to 39.08km with mean, median, 

standard deviation are equal to 17.0km, 16.85km, 9.91km, respectively. The records 

classified as “pulse” records (Baker 2007b) are listed in bold and italic. Even though 

this information will not be used later on in this study, this classification is performed 

herein for getting insight into the effect of the pulse records on the prediction of the 

response quantities. Table 7.3 groups the selected ground motions into four distance 

and magnitude bins. This information will be used to study the effect of the Magnitude 

and Distance in the prediction of the EDPs. Figure 7.1 illustrates the distribution of the 

magnitude Mw and closest source-to-site distance (Rrup) for the 90 earthquake records 

selected. In this figure, records are categorized into pulse type records (red diamonds) 

and non-pulse type records (grey triangles) according to the wavelet-based 

classification proposed by Baker (2007b). 
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7.: Location of the NEHRP reinforced concrete frame-wall building (Point A: 

Latitude: 37.87 N, Longitude: 122.29 W), and probability of a M > 6.7 earthquake in 
the next 30 years for faults in the Bay Area (USGS, 2007). 

 

Table 7.1:Filters applied to PEER NGA Database for record selection 
Filter Descriptor Criteria Number of 

records 
F Fault mechanism (F) Strike-slip 1004 

F+M Magnitude range (M) 5.0 to 8 772 
F+M+D Distance range (D) 0–40 kms 203 

F+M+D+V Shear-wave velocity (V) 
,30sV  

180–720 m/s 90 
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Figure 7.1: Distribution of the magnitude Mw and closest source-to-site distance 

(Rrup) for the 90 earthquake records. Records are categorized into pulse type records 
(red diamods) and non-pulse type records (grey triangles) 

 

Table 7.4 lists some statistics of the earthquake records listed in Table 7.2, for 

the peak ground acceleration (PGA), and for the response spectral values at four 

building structural periods ( )1 1.77sa NSS T − = , ( )1 1.29sa EWS T − = , ( )2 0.57sa NSS T − = , 

and ( )2 0.33sa EWS T − =  corresponding to the first-two periods of vibration in either the 

NS of EW directions. The spectral acceleration definition used herein is the 

GMRotI50 (Boore et al. 2006). Figure 7.2 shows the response spectra of the 90 

earthquake records, where the four structural periods are also shown for reference. The 

median and the 2.5-percentile and 97.5-percentile ground motions are also illustrated 

in this figure. These last two values were computed under the assumption of 

lognormality of spectral accelerations at different periods (Baker and Jayaram 2008). 

It may be seen that in some areas of the spectra the 97.5-percentile is greater than any 

ground motion selected, which was the primary reason for also scaling the 90 records 

by a factor of 2.0.  
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Table 7.2: Data for Earthquakes selected from NGA Database  
      Distance 

No. Earthquake Name Year Station Name PGA (g) Mw Closest Epicentral 
1 Imperial Valley-02 1940 El Centro Array #9 0.258 6.95 6.09 12.99 
2 Parkfield 1966 Cholame - Shandon Array #12 0.060 6.19 17.64 36.18 
3 Parkfield 1966 Cholame - Shandon Array #5 0.377 6.19 9.58 32.56 
4 Parkfield 1966 Cholame - Shandon Array #8 0.264 6.19 12.90 34.01 
5 Coyote Lake 1979 Gilroy Array #2 0.294 5.74 9.02 10.94 
6 Coyote Lake 1979 Gilroy Array #3 0.263 5.74 7.42 9.59 
7 Coyote Lake 1979 Gilroy Array #4 0.270 5.74 5.70 7.67 

8* Coyote Lake 1979 Gilroy Array #6 0.404 5.74 3.11 4.37 
9 Coyote Lake 1979 Halls Valley 0.042 5.74 33.83 36.29 

10 Coyote Lake 1979 SJB Overpass, Bent 3 g.l. 0.104 5.74 20.67 23.91 
11 Coyote Lake 1979 SJB Overpass, Bent 5 g.l. 0.100 5.74 20.67 23.91 
12 Imperial Valley-06 1979 Bonds Corner 0.686 6.53 2.68 6.20 

13* Imperial Valley-06 1979 Brawley Airport 0.193 6.53 10.42 43.15 
14 Imperial Valley-06 1979 Calexico Fire Station 0.233 6.53 10.45 17.65 
15 Imperial Valley-06 1979 Calipatria Fire Station 0.103 6.53 24.60 57.14 

16* Imperial Valley-06 1979 EC County Center FF 0.216 6.53 7.31 29.07 
17* Imperial Valley-06 1979 EC Meloland Overpass FF 0.309 6.53 0.07 19.44 
18 Imperial Valley-06 1979 El Centro Array #1 0.142 6.53 21.68 35.18 

19* Imperial Valley-06 1979 El Centro Array #10 0.207 6.53 6.17 26.31 
20* Imperial Valley-06 1979 El Centro Array #11 0.375 6.53 12.45 29.44 
21 Imperial Valley-06 1979 El Centro Array #12 0.138 6.53 17.94 31.99 

22* Imperial Valley-06 1979 El Centro Array #4 0.374 6.53 7.05 27.13 
23* Imperial Valley-06 1979 El Centro Array #5 0.448 6.53 3.95 27.80 
24* Imperial Valley-06 1979 El Centro Array #6 0.427 6.53 1.35 27.47 
25* Imperial Valley-06 1979 El Centro Array #7 0.420 6.53 0.56 27.64 
26* Imperial Valley-06 1979 El Centro Array #8 0.538 6.53 3.86 28.09 
27* Imperial Valley-06 1979 El Centro Differential Array 0.431 6.53 5.09 27.23 
28* Imperial Valley-06 1979 Holtville Post Office 0.248 6.53 7.65 19.81 
29 Imperial Valley-06 1979 Niland Fire Station 0.086 6.53 36.92 68.92 
30 Imperial Valley-06 1979 Parachute Test Site 0.166 6.53 12.69 48.62 
31 Imperial Valley-06 1979 Plaster City 0.050 6.53 30.33 54.26 
32 Imperial Valley-06 1979 Westmorland Fire Sta 0.086 6.53 15.25 52.78 
33 Mammoth Lakes-02 1980 Convict Creek 0.167 5.69 9.46 8.60 
34 Mammoth Lakes-02 1980 Mammoth Lakes H. S. 0.414 5.69 9.12 3.49 
35 Westmorland 1981 Brawley Airport 0.157 5.90 15.41 15.71 
36 Westmorland 1981 Niland Fire Station 0.134 5.90 15.29 18.45 

37* Westmorland 1981 Parachute Test Site 0.219 5.90 16.66 20.47 
38 Westmorland 1981 Salton Sea Wildlife Refuge 0.197 5.90 7.83 8.62 

39* Westmorland 1981 Westmorland Fire Sta 0.413 5.90 6.50 7.02 
40 Morgan Hill 1984 Agnews State Hospital 0.033 6.19 24.49 24.89 
41 Morgan Hill 1984 Anderson Dam (Downstream) 0.343 6.19 3.26 16.67 
42 Morgan Hill 1984 Capitola 0.117 6.19 39.08 43.55 
43 Morgan Hill 1984 Corralitos 0.098 6.19 23.24 30.05 
44 Morgan Hill 1984 Fremont - Mission San Jose 0.023 6.19 31.34 31.83 
45 Morgan Hill 1984 Gilroy - Gavilan Coll. 0.101 6.19 14.84 38.73 
46 Morgan Hill 1984 Gilroy Array #2 0.187 6.19 13.69 38.10 
47 Morgan Hill 1984 Gilroy Array #3 0.194 6.19 13.02 38.20 
48 Morgan Hill 1984 Gilroy Array #4 0.275 6.19 11.54 37.25 

49* Morgan Hill 1984 Gilroy Array #6 0.281 6.19 9.86 36.34 
50 Morgan Hill 1984 Gilroy Array #7 0.144 6.19 12.07 38.19 
51 Morgan Hill 1984 Halls Valley 0.213 6.19 3.48 3.94 
52 Morgan Hill 1984 Hollister City Hall 0.067 6.19 30.76 57.10 
53 Morgan Hill 1984 Hollister Diff Array #1 0.094 6.19 26.43 52.82 
54 Morgan Hill 1984 Hollister Diff Array #3 0.079 6.19 26.43 52.82 
55 Morgan Hill 1984 Hollister Diff Array #4 0.102 6.19 26.43 52.82 
56 Morgan Hill 1984 Hollister Diff Array #5 0.093 6.19 26.43 52.82 
57 Morgan Hill 1984 Hollister Diff. Array 0.090 6.19 26.43 52.82 
58 Morgan Hill 1984 San Justo Dam (L Abut) 0.076 6.19 31.88 57.74 
59 Morgan Hill 1984 San Justo Dam (R Abut) 0.067 6.19 31.88 57.74 
60 Chalfant Valley-01 1986 Benton 0.055 5.77 24.33 27.03 
61 Chalfant Valley-01 1986 Bishop - LADWP South St 0.111 5.77 23.47 24.47 
62 Chalfant Valley-01 1986 Lake Crowley - Shehorn Res. 0.040 5.77 24.45 26.07 

(continues…) 
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Table 7.2: Data for Earthquakes selected from NGA Database (continued) 
 

      Distance 
No. Earthquake Name Year Station Name PGA (g) Mw Closest Epicentral 

(…continued) 
63 Chalfant Valley-01 1986 Zack Brothers Ranch 0.238 5.77 6.39 10.54 
64 Chalfant Valley-02 1986 Benton 0.193 6.19 21.92 31.25 
65 Chalfant Valley-02 1986 Bishop - LADWP South St 0.206 6.19 17.17 20.27 
66 Chalfant Valley-02 1986 Convict Creek 0.064 6.19 31.19 35.24 
67 Chalfant Valley-02 1986 Lake Crowley - Shehorn Res. 0.123 6.19 24.47 26.59 
68 Chalfant Valley-02 1986 Zack Brothers Ranch 0.425 6.19 7.58 14.33 
69 Superstition Hills-01 1987 Wildlife Liquef. Array 0.137 6.22 17.59 24.79 
70 Superstition Hills-02 1987 Brawley Airport 0.135 6.54 17.03 29.91 
71 Superstition Hills-02 1987 Calipatria Fire Station 0.212 6.54 27.00 31.62 
72 Superstition Hills-02 1987 El Centro Imp. Co. Cent 0.293 6.54 18.20 35.83 

73* Superstition Hills-02 1987 Kornbloom Road (temp) 0.121 6.54 18.48 19.28 
74* Superstition Hills-02 1987 Parachute Test Site 0.451 6.54 0.95 15.99 
75 Superstition Hills-02 1987 Plaster City 0.157 6.54 22.24 25.98 
76 Superstition Hills-02 1987 Poe Road (temp) 0.363 6.54 11.16 11.20 
77 Superstition Hills-02 1987 Salton Sea Wildlife Refuge 0.135 6.54 25.88 26.48 
78 Superstition Hills-02 1987 Westmorland Fire Sta 0.210 6.54 13.03 19.51 
79 Superstition Hills-02 1987 Wildlife Liquef. Array 0.191 6.54 23.85 29.41 

80* Landers 1992 Barstow 0.119 7.28 34.86 94.77 
81 Landers 1992 Coolwater 0.373 7.28 19.74 82.12 
82 Landers 1992 Desert Hot Springs 0.141 7.28 21.78 27.33 
83 Landers 1992 Joshua Tree 0.249 7.28 11.03 13.67 
84 Landers 1992 Mission Creek Fault 0.129 7.28 26.96 32.86 
85 Landers 1992 Morongo Valley 0.161 7.28 17.32 21.29 
86 Landers 1992 North Palm Springs 0.131 7.28 26.84 32.26 
87 Landers 1992 Palm Springs Airport 0.093 7.28 36.15 41.87 

88* Landers 1992 Yermo Fire Station 0.223 7.28 23.62 85.99 
89 Double Springs 1994 Woodfords 0.071 5.90 12.84 16.89 
90 Hector Mine 1999 Joshua Tree 0.150 7.13 31.06 52.29 

* records classified as pulse records based on Baker (2007b). Legend: PGA corresponds to the GMRotI50 spectral acceleration 
for each record; Mw – moment magnitude 

 

Table 7.3: M and R binning of the records selected from the NGA Database  
Distance Rrup (km) Magnitude Mw Number of 

records 
0-20 5.5-6.4 27 
0-20 6.4-7.3 27 
20-40 5.5-6.4 21 
20-40 6.4-7.3 15 

 

 

Figure 7.3 and Figure 7.4 show the histograms of the spectral acceleration 

values for the 5 spectral accelerations listed in Table 7.4, for the 90 unscaled 

earthquakes records and for the 90 earthquakes records scaled by a factor of 2.0, 

respectively. 
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Table 7.4: General statistics of GMRotI50 spectral accelerations of the ensemble of 90 
earthquake records 

Statistic PGA  ( )1a NSS T −  
1 1.77sNST − =  

( )1a EWS T −  
1 1.29sEWT − =  

( )2a NSS T −  
2 0.57sNST − =  

( )2a EWS T −  
2 0.33sEWT − =  

Min. 0.0226 0.0094 0.0119 0.0445 0.0488 
Max. 0.6861 0.7027 0.6521 1.5460 1.6025 

Median 0.1665 0.0852 0.1406 0.2644 0.3918 
Mean 0.2043 0.1187 0.1794 0.3462 0.4443 

Std. dev. 0.1313 0.1082 0.1314 0.2611 0.2964 
      

 

 

7.3.2. Prediction of building response 

The prediction of the building response is performed herein using the cloud 

method. The building is subjected to the bi-directional horizontal ground motions 

using the orientation reported in the from the PEER NGA database. Thus, the ground 

motion orientations are considered to be at an undefined angle with respect to the 

building orientation. It is worth noting that, due to the negligible participation to the 

EDPs studied herein, the vertical components of the ground motion were not 

considered in this study. 
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(a) 

 
(b) 

Figure 7.2: Spectral acceleration response spectra (GMRotI50) of the 90 earthquake 
ground motions selected : (a) plot in linear scale, (b) plot in log-log scale 
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Figure 7.3: Histograms of GMRotI50 definition of PGA and spectral accelerations at 

four different periods for the 90 unscaled earthquakes records. 
 

 
Figure 7.4: Histograms of GMRotI50 definition of PGA and spectral accelerations at 

four different periods for the 90 earthquakes records scaled by a factor of 2. 
 

The computational model of the frame-wall building was subjected to the 

records listed in Table 7.2. Nonlinear dynamic time-history analyses were performed 

using OpenSees, and is divided into three stages. In a first stage, a nonlinear static 
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analysis is performed in which all gravity loads are applied to the structural model. 

The Newton-Raphson algorithm is used to solve the equilibrium equations. In a 

second stage, an eigen analysis is performed to compute the “cracked” modal 

parameters (frequencies and mode shapes) of the structure.  Rayleigh damping based 

on the mass and initial stiffness is defined at this stage. The coefficients   and   used to 

define the mass proportional and stiffness proportional components of the damping 

matrix  are computed using the modal periods just obtained, and assigning a 2.0% 

damping ratio to the first and tenth modes. The Newmark constant average 

acceleration method is used to integrate the equations of motion. The integration time 

step is 0.005 sec, which is the maximum that can be used in order to obtain an 

acceptable convergence in terms of acceleration response. The P-Delta formulation is 

considered in all analyses. 

Several EDPs were monitored along the height of the building in the EW and 

NS direction, respectively. The response parameters that were monitored during the 

nonlinear time-history analysis include: (i) node displacements relative to the base, (ii) 

node absolute accelerations. Several EDP quantities are obtained by post-processing 

the monitored results, and these include: maximum (across the nodes of each floor) 

peak floor displacements (PFD) normalized to roof height, peak interstory drift ratios 

(PIDR), and peak floor absolute accelerations (PFA) in either directions. Furthermore, 

by taking the maximum over all floors (along the height of the building) of the PFD, 

PIDR and PFA, the following maxima peak response parameters for each direction are 

also computed: Max PFD, Max PIDR, and Max PFA EDPs are defined.  
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In the cloud method used herein, simple and multivariate regression analyses 

are used to study the statistical relation between a dependent variable and one or more 

independent variables, respectively. The dependent variables are the natural logarithm 

of the EDPs (assumed to be statistically independent between each other) the natural 

logarithms of one of more IM. The results of the regression analyses are the 

conditional mean and conditional standard deviations of EDP  response given IM. 

Equations used in the computation of these parameters are described in Chapter 3.  

The IMs chosen as predictor variables are all 5%-damped spectral accelerations 

at different structural periods of interest for reasons already discussed in this study 

extensively. These are chosen according to computability, sufficiency, and efficiency 

conditions. The spectral values used are four building structural periods 

( )1 1.77sa NSS T − = , ( )1 1.29sa EWS T − = , ( )2 0.57sa NSS T − = , and ( )2 0.33sa EWS T − =  

corresponding to the first-two periods of vibration in either the NS of EW directions 

and elongated periods in either directions ( )11.5 2.66sa NSS T − = , ( )11.5 1.94sa EWS T − = . 

Two different measures of the spectral acceleration are considered in the study of the 

prediction of the response, which are: GMRotI50 and the directional (as recorded) 

orientation of single components spectral accelerations. To study the sufficiency of the 

IMs with respect to the prediction of the structural response the magnitude and source-

to-station distance are also considered as part of the scalar and vector-valued IMs. 

Forward stepwise regression analysis was also used to select the best set of vector-

valued IMs to be used in the prediction of the responses. 
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7.3.3. Probabilistic seismic demand analysis using PSHA and simplified VPSHA 

The USGS scalar probabilistic seismic hazard results are used to define the 

scalar seimic hazard and as the building block for computing the vector-valued seismic 

hazards according to the methodology defined in Chapter 2. Since the methodology 

used makes use of the marginal scalar seismic hazard curves 6 scalar seismic hazard 

curves were obtained for the following IMs: ( )1 1.77sa NSS T − = , ( )1 1.29sa EWS T − = , 

( )2 0.57sa NSS T − = , and ( )2 0.33sa EWS T − =  corresponding to the first-two periods of 

vibration in either the NS of EW directions and elongated periods in either directions 

( )11.5 2.66sa NSS T − = , ( )11.5 1.94sa EWS T − = . For consistency of the computations 

performed, the GMRotI50 definition of the spectral accelerations is used in these 

computations. The seismic hazard was computed for combinations of the spectral 

accelerations corresponding to periods in the same direction. In this study, the spectral 

accelerations at orthogonal directions were not considered in VPSHA computations. 

Once the PSHA or VPSHA analysis is complete, the PSDA couples the 

prediction of the building response obtained through linear regression of the EDP 

results conditional on the IMs (where each response data point corresponds to the 

outcome of NDTHAs) with the results of the probabilistic seismic hazard analyses. 

The seismic demand hazard was also computed using the GMRotI50 definition of 

spectral accelerations.   
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7.4. Analysis results 

7.4.1. Nonlinear dynamic time-history response 

The response of the building computational model was discussed in detail in 

Chapter 6. This subsection presents the response of the computational model under the 

cloud analysis, in which the model is subjected to the bi-directional horizontal ground 

motions obtained from the PEER NGA database. The records are applied with the as 

recorder orientations applied in the building EW and NS directions, i.e. the “horizontal 

1” and “horizontal 2” components (see extract of NGA flatfile in 

http://peer.berkeley.edu/nga/NGA_Flatfile.xls) are applied in the EW and NS 

direction, respectively. Since the orientation of the faults is not accounted for 

explicitly in the selection of the orientation of the ground motion components with 

respect to the building orientation, the fault orientations that produce those records can 

be said to be at an undefined angle with respect to the building orientation. Vertical 

components of the ground motion were not considered in this study.  

Figure 7.5 show ensembles of the three EDPs along the height of the building 

in the EW direction. Three EDP responses are shown and correspond to the maximum 

(across the nodes of each floor) peak floor displacements (PFD) normalized to roof 

height,peak interstory drift ratios (PIDR), and peak floor accelerations (PFA). In these 

plots, the response to each one of the individual earthquake recordings is shown and 

median, and the 2.5-percentile and 97.5-percentile are shown in red. From Figure 

7.5(a) it may be seen that the effect of the basement level is clearly visible, whereby 

the PFD response is considereably smaller for the first story (between levels 1 and 2) 



298 

 

and the peak PDF is observed at the roof level. The peak PFD is 2.82% of the building 

height above grade level (level 2). It is also noticeable from this figure that only one 

individual record is achieving such large displacement demands, and more importantly 

only two records are exciting the structure beyond normalized displacement values of 

0.8% of the building height. Thus, it was deemed necessary that the earthquake 

records should all be scaled up by a factor of 2.0, and 90 aditional runs be performed 

in order to excite the structure in the range of large inelastic deformations, so as to 

provide enough statiscal data in this region of the response. Results for the same EDPs 

are shown for 180 responses in Figure 7.6(a). In this case, 24 records excite the 

structure beyond the 0.8% level and 3 earthquakes excite the structure beyond the 2% 

roof drift ratio level (1 record above 3% roof drift ratio with roof drift ratio equal to 

3.71%). It should be noted that such large drift ratio responses may not be physically 

possible, and this is a limitation of the current model that clearly does not account for 

all modes of failure (as discussed in Chapter 6). Figure 7.5(b) shows the PIDR 

response at various stories. The maximum of the PIDR of 3.31%, and only one record 

produce max PIDR greater than 2%. These numbers move up 4.79% and 6 earthquake 

records producing max PIDR above 2% (see Figure 7.6(b)). In terms of the PFA, 

shown in Figure 1.6(c), the maximum value of 1.54g is obtained in the EW direction if 

the responses to the 90 unsclaed earthquakes are considered, and this number goes up 

to 2.65g in the case that 180 earthquake records are considered (see Figure 7.6(c)). 

Table 7.4Table 7.5 lists summary statistics for these response parameters in the NS 

direction. 
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Table 7.5: Summary statistics of maxima PDR, PIDR, PFA in EW the direction 

Statistic 
 EWMax PFD   EWMax PIDR   EWMax PFA  

(90 
eqkes) 

(180 
eqkes) 

(90 
eqkes) 

(180 
eqkes) 

(90 
eqkes) 

(180 
eqkes) 

Min. 0.0002 0.0002 0.0003 0.0003 0.0849 0.0849 
Max. 0.0282 0.0371 0.0331 0.0479 1.5396 2.6483 

Median 0.002 0.003 0.0025 0.0036 0.485 0.5731 
Mean 0.0029 0.0044 0.0038 0.0059 0.5202 0.7195 

Std. dev. 0.0033 0.0047 0.0041 0.0064 0.2854 0.4543 
No. of records 

with EDP > edp 1* 3* 1** 2** 1*** 12*** 

*no. of Max PFD > 0.02; ** no. of Max PIDR  > 0.03;  *** no. of Max PFA > 1.5 g 
 

 
Figure 7.7 shows the PFD, PIDR, and PFA responses in the NS direction for 

the 90 unscaled earthquake records, while Figure 7.8 shows the same responses for the 

90 unscaled and 90 records scaled by a factor of 2.0. Table 7.5 lists summary statistics 

for these response parameters in the NS direction. From these results, it is worth 

highlighting the fact that for the 90 unscaled earthquake records a one earthquake 

exceeds the limiting value typically accepted for frames (5%), while a total of 7 

records exceeed the value of 6% (a value considered to be the limit for it to be 

realistically sustainable) in the case when the responses to the 90 scaled earthquake 

records are also considered. 

Table 7.6: Summary statistics of maxima PDR, PIDR, PFA in NS the direction 

Statistic 
 NSMax PFD   NSMax PIDR   NSMax PFA  

(90 
eqkes) 

(180 
eqkes) 

(90 
eqkes) 

(180 
eqkes) 

(90 
eqkes) 

(180 
eqkes) 

Min. 0.0003 0.0003 0.0005 0.0005 0.0549 0.0549 
Max. 0.0274 0.0555 0.0611 0.1307 1.3675 2.2148 

Median 0.0025 0.0033 0.0044 0.0067 0.297 0.3974 
Mean 0.0037 0.0057 0.0075 0.012 0.3542 0.4994 

Std. dev. 0.0045 0.0084 0.0098 0.0193 0.2393 0.3652 
No. of records 

with EDP > edp 0* 5* 1** 6** 0*** 4*** 

*no. of Max PFD > 0.03; **no. of Max PIDR  > 0.06;  *** no. of Max PFA > 1.5 g 
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Comparison of the results in the frame-wall direction (EW-direction), shown in 

Figure 7.5, with the ones in the frame direction (NS), shown in Figure 7.7, highlight 

the difference in shape of the envelopes of PFD and PIDR for the two different lateral 

resisting systems. Also the fact that between floor levels 2 to 6 the highest number 

IDRs are developed in both directions, it is not expected that these occur at the same 

instant. Nonetheless, in the future vector sums of the response parameters should also 

be computed and treated as EDPs of interest. 

 
Figure 7.5: Ensembles of peak response profiles in the EW direction for peak floor 
displacements (PFD) normalized to roof height, peak interstory drift ratios (PIDR), 

and peak floor accelerations (PFA) for 90 earthquake records  
(mean peak response profile in thick solid line). 
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Figure 7.6: Ensembles of peak response profiles in the EW direction for peak floor 
displacements (PFD) normalized to roof height, peak interstory drift ratios (PIDR), 

and peak floor accelerations (PFA) for 180 earthquake records (90 unscaled+90 scaled 
by 2.0) 
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Figure 7.7: Ensembles of peak response profiles in the NS direction for peak floor 
displacements (PFD) normalized to roof height, peak interstory drift ratios (PIDR), 

and peak floor accelerations (PFA)  
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Figure 7.8: Ensembles of peak response profiles in the NS direction for peak floor 
displacements (PFD) normalized to roof height, peak interstory drift ratios (PIDR), 
and peak floor accelerations (PFA) considering responses to 180 earthquake records 

(90 unscaled+90 scaled by 2.0) 
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7.4.2. Prediction of the building response based on cloud analysis for scalar and 

vector-valued IMs 

The scalar IM selected typically used has been the ( )1aS T . To put into context 

the use of ( )1aS T  in PSHA and PSDA, Shome et al (1998) showed that this IM was 

the most efficient predictor of the nonlinear seismic demand (interstory drift ratio) of a 

structure. For single-mode dominated structures and for many “2-D structures” 

(especially those being used by academia, e.g., Jalayer 2003, Baker 2005, Haselton et 

al. 2009, and Liel et al. 2010) this scalar IM has been shown to be an adequate choice 

when the EDP response quantity being studied is drift-sensitive. These results are also 

well accepted by most engineers, since the structural engineers can thus tie the 

definition of the IM to a fundamental structural period 1T . Note, however, that 

structural engineers also know that ( )1aS T  is not the best predictor for inelastic 

displacement of a structure, for example. Additionally, in the case of tall buildings, the 

second mode response plays a large contribution to the response, and therefore, the 

scalar IM based on a single fundamental mode will not be able to predict well the 

response. Thus for some structures, and some response parameters, the ( )1aS T  alone 

is not sufficient nor is it efficient. A possible approach to address this fact is the use of 

scalar combination of IMs (Luco and Cornell 2007). This approach is useful, but 

nonetheless, if a building structure has two very significant fundamental periods in 

two orthogonal directions, no one scalar IM would be able to be the optimal predictor 

in two orthogonal directions at the same time. In this section a step back is taken in 
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order to readdress the problem of selection of a “suitable” IM. These issues are 

addressed next for the 13-story NEHRP building design example, where the scalar and 

vector-valued IMs are looked at in terms of their computability, efficiency, and 

sufficiency. 

7.4.2.1. Computability 

The scalar IM has to be computable, and this is typically related to work done 

by earth scientists. For each IM, ground motion prediction equations (GMPEs) that 

relate basic random variables, such as magnitude, source-to-site distance, and some 

other important fault parameters, with the scalar IM have to be developed. So as long 

as the earth scientists are able to compute and predict the scalar IM based on the basic 

random variables associated with earthquake ground motions, than it is said to be 

computable. This strenuous task involves the generation of statistical correlation 

models that include parameters that account for observed or simulated physical 

phenomena related to historical earthquakes and ground motions. The publicly-

available PSHA results developed and maintained by USGS are available for spectral 

accelerations and is was the code chosen since it is continuously maintained and it is 

currently up-to-date in the sense that it has already included the state-of-the-art NGA 

GMPEs (2008) and is closely involved in the generation of updated new GMPEs for 

several regions in the US. The definition of the spectral accelerations used in the 

derivation of the GMPEs was the GMRotI50, which is a measure that involves the 

rotated geometric mean of two horizontal ground motions components. It is worth 

noting that recognizing the fact that engineers typically use uni-directional (or 
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arbitrary direction) spectral accelerations as predictors of the structural response, 

efforts are already being undertaken for inclusion of orientation-independent, 

nongeometric-mean measures of seismic intensity from two horizontal components of 

motion (Boore 2010) in the next-generation of seismic building  codes (FEMA P-750 

2009). 

As for vector-valued IMs, the computability issues is related to the 

computation of correlation coefficient between different scalar IMs. To date, 

correlations coefficients have only been developed for spectral accelerations at 

different periods. 

7.4.2.2. Efficiency 

Efficiency is related to the prediction of the structural EDP response based on 

the IM selected. If a scalar IM that is not efficient is used to predict the seismic 

demands, it is expected that a large number of NDTHA will have to be performed to 

reach the same accuracy that can be obtained by using an efficient IM. Efficiency is of 

course particularly important when a smaller number of earthquake records is used in 

the analysis, which is current practice in the structural engineering professions where 

current codes only require that 7 earthquake ground motions be used to estimate mean 

seismic demands. 

The ground motion IM typically used is the ( )1aS T . To study the efficiency of 

different scalar IMs, two different definitions of the spectral accelerations are used for 

studying the linear correlation coefficient under a power model assumption, i.e., 

between natural logarithm of the EDP response and natural logarithm IM predictor. 
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First, the GMRotI50 definition of spectral accelerations is used as a predictor of the 

structural response, and second, the directional definitions of the spectral 

accelerations, i.e. the spectral accelerations ordinates in the same direction of the EDP 

under study, are used as predictors of the response. 

Figure 7.9 shows plots for correlations of the natural logarithm of the 6 EDPs 

with the natural logarithm of the spectral acceleration (GMRotI50). In this figure, the 

6 subplots are shown for different EDP quantities, which are: (a) maximum peak floor 

displacement in the EW direction (Max PFDEW); (b) maximum peak floor 

displacement in the NS direction (Max PFDNS); (c) maximum peak interstory drift 

ratio in the EW direction (Max IDREW); (d) maximum peak interstory drift ratio in the 

NS direction (Max IDRNS); (e) maximum peak floor absolute acceleration in the EW 

direction (Max PFAEW); and (f) maximum peak floor absolute acceleration in the NS 

direction (Max PFANS). Note that in the plots shown in Figure 7.9, for EDPs computed 

in the EW direction (Figure 7.9(a), (c), and (e)) the correlation coefficient is plotted 

against periods normalized by the fundamental period in the EW direction, and 

analogously, for EDPs in the NS direction the correlation coefficients are plotted 

against periods normalized by the fundamental period in the NS direction. In each 

subplot two lines are graphed: (i) a red line that corresponds to the correlation 

coefficient computed using the EDP and spectral information of the 90 unscaled 

earthquake records at each period T; and (ii) a blue line that corresponds to the same 

information using 90 unscaled and 90 scaled records. From this figure, it may be seen 

that the correlation coefficient for displacement type responses peak in the normalized 
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period range between 1.0 and 1.5. In contrast, the correlation coefficient for the PFA 

are low in the same period range. The peak values of the correlation coefficients 

appear for low normalized period values (at or below the period of the second mode). 

Table 7.7 lists the peak values of the correlation coefficient and the 

corresponding normalized periods at which the peak values are obtained, for the data 

from 180 ground motions (90 scaled + 90 unscaled). Table 7.8 lists similar results by 

for the 90 unscaled earthquake records. It is worth noting that although the correlation 

coefficients listed in both tables are very similar, in the case of the unscaled records 

and for the maximum PIDR the peak values are obtained for smaller normalized 

periods i.e. closer to 1.0. 
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Figure 7.9: Correlation of natural logarithm of 6 different EDP measures with the 
GMRotI50 Sa(T) versus normalized periods in the direction of the EDP reported. 

 

Table 7.7: Correlation coefficients between ln EDP and ln Sa(T)— GMRotI50 
definition of the spectral acceleration—using data from 180 ground motions              

(90 scaled+ 90 unscaled) 
EDP Sa Peak corr. coef. 

1/ EWT T −  1/ NST T −  
Max PFDEW GMRotI50 0.9545 1.16  
Max PFDNS GMRotI50 0.9452  1.47 

Max PIDREW GMRotI50 0.9403 1.16  
Max PIRDNS GMRotI50 0.9418  1.47 
Max PFAEW GMRotI50 0.9433 0.26  
Max PFANS GMRotI50 0.9639  0.014 
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Table 7.8: Correlation coefficients between ln EDP and ln Sa(T)—GMRotI50 
definition of the spectral acceleration—using data from 90 unscaled ground motions 

EDP Sa Peak corr. coef. 
1/ EWT T −  1/ NST T −  

Max PFDEW GMRotI50 0.9480 1.16  
Max PFDNS GMRotI50 0.9352  1.41 

Max PIDREW GMRotI50 0.9335 1.01  
Max PIRDNS GMRotI50 0.9389  1.41 
Max PFAEW GMRotI50 0.9381 0.26  
Max PFANS GMRotI50 0.9468  0.014 

 

 
Figure 7.10 shows 6 subplots with the correlation coefficients of natural 

logarithm of different EDP measures with the natural logarithm of the directional 

definitions of the spectral accelerations, i.e. the spectral accelerations ordinates in the 

same direction of the EDP under study. The definition of the EDPs and curves plotted 

are identical to the ones shown in Figure 7.9. From comparison of Figure 7.10 and 

Figure 7.9, it may be seen that the correlation coefficients of the response parameters 

with the directional spectral accelerations are slightly larger, and even though the 

peaks still occur in the range 1.0 to 1.5 of the normalized periods, these are closer to 

the normalized period values 1.0. These observations can be verified in the listings of 

Table 7.9 and Table 7.10. 
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Figure 7.10: Correlation coefficients of natural logarithm of 6 different EDP measures 

with the directional Sa(T) versus normalized periods in the direction of the EDP 
reported. 

 

Table 7.9: Correlation coefficients computed based on the 180 earthquake records 
EDP Definition of 

Sa(T) 
Highest 

correlation 
1/ EWT T −  1/ NST T −  

Max PFDEW SaEW(T) 0.9708 1.16  
Max PFDNS SaNS(T) 0.9748  1.27 

Max PIDREW SaEW(T) 0.9579 1.02  
Max PIRDNS SaNS(T) 0.9727  1.28 
Max PFAEW SaEW(T) 0.9490 0.26  
Max PFANS SaNS(T) 0.9673  0.006 
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Table 7.10: Correlation coefficients computed based on the 90 unscaled earthquake 
records  

EDP Definition of 
Sa(T) 

Highest 
correlation 

1/ EWT T −  1/ NST T −  

Max PFDEW SaEW(T) 0.9718 1.06  
Max PFDNS SaNS(T) 0.9761  1.22 

Max PIDREW SaEW(T) 0.9631 1.02  
Max PIRDNS SaNS(T) 0.9754  1.26 
Max PFAEW SaEW(T) 0.9402 0.26  
Max PFANS SaNS(T) 0.9531  0.006 

 

 
From analysis of the correlation coefficients computed herein the following 

representative scalar IMs that will be considered here-forth as candidate for improving 

the vector-valued predictions are: (i) ( )1a NSS T − , (ii) ( )1a EWS T − , (iii) ( )2a NSS T − , (iv) 

( )2a EWS T − , (v) ( )11.5a NSS T −× , and (vi) ( )11.5a EWS T −× , which are, respectively, 

spectral accelerations at fundamental (initial “cracked”) periods in the NS and EW 

directions, the second-mode periods in the NS and EW direction, and finally spectral 

accelerations 1.5 the periods in both NS and EW direction (representative of the 

fundamental mode of a structure that has undergone period elongation due to inelastic 

deformations). To avoid problems of multi-collinearity in the build up of the vector-

valued IMs, the secondary spectral accelerations included in the vector of ground 

motion parameters are added as ratios to the primary IM variable. 

It is important to note that the spectral acceleration definition that will be used 

is the GMRotI50 (Boore et al. 2006). This definition of the spectral acceleration is the 

one that was used in the development of the NGA GMPEs and the 2009 USGS PSH 

code, even though the directional measures of spectral accelerations are often used by 

engineers in the prediction of the structural response (Baker 2006). Recognizing this 
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fact, Boore (2010) and the “NGA-West 2” initiative led by PEER are addressing these 

issues. 

Figure 7.11 and Figure 7.12 show the standard deviations of the residuals of 

over the height of the building in the EW and NS directions, respectively, for the 90 

unscaled earthquake records.  

Predictions for the EW direction using one scalar IM are better than the one in 

the NS direction. This can be explained by looking at the correlation coefficient for 

EW direction the peak is closer to 1.0 than the one for the NS direction. This is due to 

inherent design assumptions (namely that the R factor in EW direction are 

considerably different than the ones for the NS direction). 

For drift type responses, in the EW direction the improvement of the prediction 

is noticeable but not very pronounced. However, for the acceleration response, the 

single scalar IM corresponds to large standard deviations of the ln EDP IM  and the 

increase in predictive power is greatly improved by inclusion of spectral acceleration 

at period T2. Not shown here improvements by inclusion of PGA are identical. 

Interestingly, for the IDR response at lower stories the second IM to be 

included in vector IM is the ( )11.5aS T , while for higher stories it is the ( )2aS T that 

improves the predictive power. However, in the engineering design this may be of 

little importance when the building is a tall building or in the case of other structures 

(e.g. TV towers, chimneys). 
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Figure 7.11: Standard deviations of the natural logarithm of EDPs in the EW direction 
given different vector-valued IMs 
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Figure 7.12: Correlation coefficients of natural logarithm of 6 different EDP measures 
with the directional Sa(T) versus normalized periods in the direction of the EDP 

reported. 
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To improve prediction in displacement and acceleration responses, the vector-

value IM consisting of ( ) ( ) ( ){ }1 2 1,  ,  and 1.5a a aS T S T S T should be reduced. The 

( )11.5aS T  is important for reduction of the uncertainty in the displacement type 

responses and the ( )2aS T
 
is of crucial improvement since the ( )1aS T is clearly not a 

good predictor. 

Small differences are noticeable in the plots shown in Figure 7.13 and Figure 

7.14 when M and R are also included in vector-valued IM. For PFA responses, small 

differences are also noticeable at mid height of the building. It can be nonetheless, in 

general, be assumed that the effect of M and R is negligible to the estimation of the 

response. 

7.4.2.3. Sufficiency 

Sufficiency is related to the concept of statistical independence. If the EDP 

conditional on the scalar IM is shown to be statistically independent from magnitude 

and distance this means that the knowledge and inclusion of the magnitude and 

distance in the prediction does not change the prediction of the response. In 

probabilistic terms, and under statistical independence, this corresponds to having 

{ } { }, ,EDP edp IM EDP edp IM M R> = > . Likewise, it may happen that the 

inclusion of a vector-valued IM that includes multiple spectral accelerations is more 

sufficient than one that does only one spectral acceleration, and in the limit that also 

include magintide On the other hand, if a parameter other than the scalar IM affects 

the prediction of the response conditional on the IM, then the IM is said not to be 



317 

 

sufficient. This work has been done for several types of structures, namely based on 

the works of Shome et al. (1998), Luco and Cornell (2002), and Luco and Cornell 

(2007) for several IMs based on the Sa(T1) and thus in this dissertation the IMs used 

which are based on spectral accelerations at different periods are deemed as sufficient. 

7.4.3. Probabilistic seismic hazard analysis and simplified vector-valued 

probabilistic seismic hazard analysis 

7.4.3.1. USGS probabilistic seismic hazard results 

The USGS scalar seismic hazard curves depend on first and foremost the 

location, and surrounding faults that contribute to the hazard, and second the soil class. 

The USGS PSH code provides the GMPE weighted mean annual rate of exceedance of 

and as well as the contribution of each GMPE seismic hazard curve to the total hazard. 

Figure 7.15, shows the seismic hazard curve for the CY2008 GMPE, which was 

obtained using the currently available (2009 Update) USGS PSH results. The seismic 

hazard curves shown correspond to four different scalar IMs: ( )1 1.77sa NSS T − = , 

( )1 1.29sa EWS T − = , ( )2 0.57sa NSS T − = , and ( )2 0.33sa EWS T − =  at the Berkeley site.  
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Figure 7.13: Standard deviations of the natural logarithm of EDPs in the EW direction 

given different vector-valued IMs 
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Figure 7.14: Standard deviations of the natural logarithm of EDPs in the EW direction 

given different vector-valued IMs 
 

Black thin lines obtained from USGS, in which the stars corresponds to the 

results provided by USGS in the range of 50% in 30 years hazard level to the 1% in 
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200 years hazard level (a total of 31 hazard levels can be outputted) and red thick lines 

are computed based on interpolation and extrapolation. Between the two limiting 

hazard levels provided by the USGS PSH, any value can be computed by log-linear 

interpolation. For both small and large mean rates of exceedance the seismic hazard at 

any spectral acceleration have to be computed through extrapolation. For this site, and 

the mean annual rate of exceedance of Sa(T = 0s) was also obtained from USGS, 

though personal communication with Dr. Stephen Harmsen. The red thick lines the 

several and for several spectral acceleration values interpolation and extrapolation 

Other possible scalar IMs could be the seismic hazard curves corresponding to spectral 

accelerations of elongated periods, especially when the structure experiences large 

inelastic deformations are not shown in the figure. 

 
Figure 7.15: Seismic hazard curves for four different four scalar IMs: 

( )1 1.77sa NSS T − = , ( )1 1.29sa EWS T − = , ( )2 0.57sa NSS T − = , and ( )2 0.33sa EWS T − =  at the 
Berkeley site. Black thin lines obtained from USGS, and red thick lines are computed 

based on interpolation and extrapolation. 
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7.4.3.2. USGS deaggregations 

Figure 7.16 to Figure 7.18 show probabilistic seismic hazard (PSH) 

deaggregations for a site in Berkeley,CA (37.87N,122.29W), with NEHRP D soil, IM 

= Sa(T=2s), and for mean annual rate of exceedance of 2% in 50 years, 10% in 50 

years, and 50% in 50 years, respectively. These figures are obtained directly from the 

USGS website. In Figure 7.16, the contribution of main two faults to the large return 

period events is easily identifiable. The vertical bars that appear closest to the source 

(between 0 and 10 kms from the source) correspond to the Hayward fault, while the 

higher magnitude and longer distance contributions are due to the San Andreas fault. 

Figure 7.17 shows the PSH deaggregation for the 10% in 50 years hazard level, and 

not only the near-fault sources are clearly visible, but the effect of the Cascading 

subduction zone is also marginally noticeable in the very large distance and large 

magnitude event (300 kms away from the source). Figure 7.18 shows the PSH 

deaggregation for the 50% in 50 years hazard level, and again the effect of the 

Cascading subduction zone is again noticeable but very small. For this site in Berkeley 

(and most sites in Central and Southern California), it can be seen from these figures 

that the effect of the Cascadian subduction zone is minimal, and thus it is neglectable. 
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Figure 7.16: Probabilistic seismic hazard (PSH) deaggregation on NEHRP D soil, 
Berkeley ,CA (37.87N,122.29W), IM = Sa(T=2s), and 2% in 50 years (2475 years 

return period) hazard level (USGS website accessed 2010/08/25) 
 

 
Figure 7.17: Probabilistic seismic hazard (PSH) deaggregation on NEHRP D soil, 
Berkeley ,CA (37.87N,122.29W), IM = Sa(T=2s), and 10% in 50 years (475 years 

return period) hazard level (USGS website accessed 2010/08/25) 
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Figure 7.18: Probabilistic seismic hazard (PSH) deaggregation on NEHRP D soil, 
Berkeley ,CA (37.87N,122.29W), IM = Sa(T=2s), and 50% in 50 years (72 years 

return period) hazard level (USGS website accessed 2010/08/25) 
 

To show the M-R bins that contribute to the period range near the second 

modes of the building model, Figure 7.19 to Figure 7.20 show probabilistic seismic 

hazard (PSH) deaggregations for a site in Berkeley, CA (37.87N,122.29W), with 

NEHRP D soil, IM = Sa(T=0.30s), and for mean annual rate of exceedance of 2% in 

50 years, 10% in 50 years, and 50% in 50 years, respectively. 



324 

 

 
Figure 7.19: Probabilistic seismic hazard (PSH) deaggregation on NEHRP D soil, 

Berkeley ,CA (37.87N,122.29W), IM = Sa(T=0.3s), and 2% in 50 years (2475 years 
return period) hazard level (USGS website accessed 2010/08/25) 

 

 
Figure 7.20: Probabilistic seismic hazard (PSH) deaggregation on NEHRP D soil, 
Berkeley ,CA (37.87N,122.29W), IM = Sa(T=0.3s), and 50% in 50 years (72 years 

return period) hazard level (USGS website accessed 2010/08/25) 
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Figure 7.21: Tree diagram of steps involved in the computation of the mean annual 
rate of exceedanve of { }EDP edp>  

7.5. Vector-valued seismic hazard at the site 

Figure 7.21 shows a tree diagram of the terms involved in the computation of 

the seismic demand hazard. In this figure, the product of the results obtained for the 

two branches on the left correspond to the mean annual rate of different acceleration 

values being in the neighborhood (or “equal”) of the specified values. This product 

corresponds to the joint seismic hazard for two different spectral accelerations and 

equations for this product were provided in Chapter 2. Figure 7.22 and Figure 7.23 

show the seismic hazards two different sets of IMs: (i) for ( )1a EWS T −  and 
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( )11.5 a EWS T − , and (ii) for ( )1a EWS T −  and ( )2a EWS T − , respectively. The joint seismic 

hazard plots for the NS direction are similar since the ratios of the spectral 

accelerations are not too different, and thus are now shown here. Figure 7.24 provides 

the mean annul rate of excedding a specified value ( )1a EWS T −  and ( )2a EWS T −  at the 

same time. The mean annual rate of exceeding the 0 value corresponds to the mean 

rate of occurance of all magnitudes and all source-to-site distances. This value was 

provided by Dr. Stephen Harmesen. It should be noted that since these computations 

are all based on the currently available USGS PSHA code, the smallest return period 

for which data is given is the 50% in 30 years. In order for the USGS data to be useful 

for PSDA computations also, a larger number of data points for the hazard curve 

should provided by USGS, since the extrapolations done may lead to errors in the 

computation of these small return period events. 

 

Figure 7.22: Joint MAR of equaling seismic hazard ( )1a EWS T −  and ( )11.5 a EWS T −  
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Figure 7.23: Joint MAR of equaling seismic hazard ( )1a EWS T −  and ( )2a EWS T −  

 
Figure 7.24: Joint MAR of exceeding seismic hazard ( )1a EWS T −  and ( )2a EWS T −  
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7.6. Prediction of the EDP conditional on vector-valued IMs 

The could method is used to setup the compute regression conditional mean 

and conditional standard deviations. In this section, and mainly for illustration 

purposes, the regressions of the 6 EDPs are considered for analysis. These are the 

maximum peak floor displacements in the EW and NS directions,  EWMax PFD  and 

 NSMax PFD , the maximum peak interstory drift ratios,  EWMax PIDR  and 

 NSMax PIDR , and maximum peak floor absolute accelerations,  EWMax PFA  and 

 NSMax PFA .  

Figure 7.25 shows the cloud of points for (a)  EWMax PFD  and (b) 

 NSMax PFD . The conditional mean (regression line) is shown in cyan in both subplots 

and correspond to ( )1 EW a EWMax PFD S Tµ
−

 and ( )1 NS a NSMax PFD S Tµ
−

 Figure 7.25(a) and Figure 

7.25(b), respectively. Note that the R-squared coefficient of determination the 

regression is quite high, especially for the NS direction. As the coefficients of 

determination (R-squared) are already quite high, it is not expected that the 

introduction of new IMs in the prediction model, would increase the predictive 

capability of the regression model. A high coefficient of determination corresponds to 

a model that is expected to predict well future outcomes. In these figures filled circles 

correspond to data points associated with earthquakes that were classified as pulse 

type records based on Baker (2007) criteria.  
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Figure 7.26 shows analogous results as Figure 7.25 but for (a)  EWMax PIDR  

and (b)  NSMax PIDR .and conditional mean regression lines correspond to (a) 

( )1 EW a EWMax PIDR S Tµ
−

 and (b) ( )1 NS a NSMax PIDR S Tµ
−

. 

Figure 7.27 shows results of the simple linear regression for (a)  EWMax PFA  

and (b)  NSMax PFA . It can be seen that for this case, the R-squared coefficient of 

determination is below 0.50 and considered to be very low. For both these EDPs it is 

worth investigating the influence of introducing a second predictor. 

 

 
(a)..                                                            (b) 

Figure 7.25: Regression on a cloud of points using a single IM only for (a) 
 EWMax PFD  and (b)  NSMax PFD . Conditional mean regression lines shown in cyan, 

and filled circles correspond to earthquakes records characterized as pulse type records 
(Baker 2007) 
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(a)..                                                            (b) 

Figure 7.26: Regression on a cloud of points using a single IM only for (a) 
 EWMax PIDR  and (b)  NSMax PIDR . Conditional mean regression lines shown in cyan, 

and filled circles correspond to earthquakes records characterized as impulse type 
records (Baker 2007) 

 

 
(a)..                                                            (b) 

Figure 7.27: Regression on a cloud of points using a single IM only for (a) 
 EWMax PFA  and (b)  NSMax PFA . Conditional mean regression lines shown in cyan, 

and filled circles correspond to earthquakes records characterized as impulse type 
records (Baker 2007) 
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Figure 7.28 shows the results of a regression analysis based on a cloud of 

points using vector-valued IM consisting of ( ) ( ) ( ){ }1 2 1,a D a D a DS T S T S T− − −=IM , 

where D  is taken as EW  or NS  depending on the direction of the EDP under study. 

The conditional mean regression surface is shown in grey. R-squared coefficients of 

determination are also shown. Comparing Figure 7.28 with Figure 7.25 it may be seen 

that for results for the EW direction (see Figure 7.28(a) and Figure 7.25(a)) the R-

squared coefficients of determination increases and for NS direction (see Figure 

7.28(a) and Figure 7.25(a)) this value actually decreases, and thus in this last case, the 

introduction of the second IM slightly decreases the capacity of the model in 

prediction future results.  

Figure 7.29 shows results similar to Figure 7.28 but for a vector-valued IM 

consisting of ( ) ( ) ( ){ }1 2 1,a D a D a DS T S T S T− − −=IM , where D  is taken as EW  or NS  

depending on the direction of the EDP under study. Comparing Figure 7.29, with 

Figure 7.25 and Figure 7.28, it may be seen that for this case, when the second scalar 

IM introduced is ( )11.5a DS T −× , the R-squared coefficients of determination for both 

EW and the NS directions are increased. This should be expected from results of the 

correlation coefficients between EDPs and different ( )aS T  where it was shown that 

the parameters that have the most predictive power are in the range of periods 

normalized to the fundamental period of 1.0 to 1.5, and also in the conditional 

standard deviations performed in the section above where the sufficiency of the 

different IMs was also studied.  
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(a)..                                                            (b) 

Figure 7.28: Regression on a cloud of points using vector-valued IM consisting of (a) 
( ) ( ) ( ){ }1 2 1,a EW a EW a EWS T S T S T− − −=IM  for  EWMax PFD  and (b) 

( ) ( ) ( ){ }1 2 1,a NS a NS a NSS T S T S T− − −=IM  NSMax PFD . Conditional mean regression 
surface shown in grey. 

 

 
(a)..                                                            (b) 

Figure 7.29: Regression on a cloud of points using vector-valued IM consisting of (a) 
( ) ( ) ( ){ }1 2 1, 1.5a EW a EW a EWS T S T S T− − −= ×IM  for  EWMax PFD  and  (b) 

( ) ( ) ( ){ }1 2 1, 1.5a NS a NS a NSS T S T S T− − −= ×IM  NSMax PFD .  
Conditional mean regression surface shown in grey. 
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Figure 7.30 show the conditional mean regression surface for (a)  NSMax PFA  

and (b)  NSMax PFA , which were obtained based on bivariate linear regression analysis 

of the cloud of points that are illustrated in these figures. For all the subplots, the R-

squared coefficient of determination of the each regression surface is also presented. 

The linear regression model in Figure 7.30 is obtained using a vector-valued IM 

consisting of ( ) ( ) ( ){ }1 2 1,a D a D a DS T S T S T− − −=IM , where D  is taken as EW  or NS  

depending on the direction of the EDP under study. First, a comparison of Figure 7.30 

with Figure 7.27 shows that the regression model is greatly improved in terms of the 

R-squared values obtained. Furthermore, close inspection of Figure 7.30 clearly shows 

that the regression surface has a steeper slope in the direction of the ( )2a DS T −  than in 

the direction of ( )1a DS T − , highlighting the fact that data points are more highly 

correlated with the second mode spectral acceleration ( )2a DS T − , as had already been 

concluded in the analysis of the results in Figure 7.9. For illustrative purposes the 

regression model shown in Figure 7.31 when the predictors used are defined by the 

vector-valued IM of ( ) ( ) ( ){ }1 2 1,a D a D a DS T S T S T− − −=IM , where D  is taken as EW  

or NS  depending on the direction of the EDP under study. Here it may be seen that 

the introduction of the second predictor meliorated the model, but the R-squared 

coefficients of determination obtained are still quite low (below 0.60), which leads us 

to conclude that this model is not very informative for future predictions. 
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(a)..                                                            (b) 

Figure 7.30: Regression on a cloud of points using vector-valued IM consisting of (a) 
( ) ( ) ( ){ }1 2 1,a EW a EW a EWS T S T S T− − −=IM  for  EWMax PFA  and (b) 

( ) ( ) ( ){ }1 2 1,a NS a NS a NSS T S T S T− − −=IM  NSMax PFA . Conditional mean regression 
surface shown in grey. 

 

  
(a)..                                                            (b) 

Figure 7.31: Regression on a cloud of points using vector-valued IM consisting of (a) 
( ) ( ) ( ){ }1 1 1, 1.5a EW a EW a EWS T S T S T− − −= ×IM  for  EWMax PFA  and (b) 

( ) ( ) ( ){ }1 1 1, 1.5a NS a NS a NSS T S T S T− − −= ×IM  NSMax PFA . Conditional mean regression 
surface shown in grey. 
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7.7. Probablistic seismic demand hazard 

In this last section the results for the seismic demand hazard are computed. 

Figure 7.32 to Figure 7.37 show the seismic demand hazard curves for are shown for 3 

different EDPs (and two directions. For displacement sensitive EDPs it can be seen 

from these figures below there is no considerable gain in terms of the accuracy by 

using vector-valued IMs. These results were expected since the correlation plots that 

had already been shown produced large correlations (and in the regression analysis, 

large R-squared) and this information remained essentially unchanged when a second 

IM was introduced. Slight enhancements are observed locally, consistent with other 

results shown in precious sections. However, for acceleration sensitive EDPs the gain 

in accuracy is about 40% at the 2% in 50 years which is typically a reference value for 

design. 

 

Figure 7.32: Seismic demand hazard curves for exceedance of normalized Max PFD in 
the EW direction for three different vector-IM definitions  
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Figure 7.33: Seismic demand hazard curves for exceedance of normalized Max PFD in 

the NS direction for three different vector-IM definitions  
 

 
Figure 7.34: Seismic demand hazard curves for exceedance of normalized Max PIDR  

in the EW direction for three different vector-IM definitions  
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Figure 7.35: Seismic demand hazard curves for exceedance of normalized Max PIDR  

in the NS direction for three different vector-IM definitions  
 

 

Figure 7.36: Seismic demand hazard curves for exceedance of normalized Max PFA  
in the EW direction for three different vector-IM definitions 
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Figure 7.37: Seismic demand hazard curves for exceedance of normalized Max PFA  
in the NS direction for three different vector-IM definitions 

7.8. Conclusions 

This chapter combines the formulation developed for vector-valued 

probabilistic seismic hazard analysis (VPSHA), developed in Chapter 2, with the 

formulation introduced for the probabilistic seismic demand analysis(PSDA) in 

Chapter 3, and applies it to the building model developed and validated based on work 

presented in Chapter 4 though Chapter 6. Ninety (90) pairs of earthquake records were 

selected from the PEER NGA ground motion database and the computational model of 

the building was subjected to these 90 pairs of records. Based on the response to these 

earthquake records the prediction of the structural response was performed based on 

the optimal vector-valued IM. In order to obtain the vector-valued IM, first correlation 

plots for many different candidate IMs were performed in order to validate the use of 
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( )1aS T for different response parameters. It was observed that that the correlation 

coefficient for displacement type responses peak in the normalized period range 

between 1.0 and 1.5. In contrast, the correlation coefficients for the peak floor absolute 

accelerations are low in the same period range, and are highest for low normalized 

period values (at or below the period of the second mode). These results were used to 

the select the primary ( )1aS T  and two possible cases were considered for two-

dimensional vector-valued IM: the first included the use of ( )1aS T  and ( )11.5aS T× , 

and the second include the use of ( )1aS T
 
and ( )2aS T . This was done for EDPs along 

each direction using the corresponding modal periods associated with that same 

direction. It was shown that the first case provided for better prediction of the drift-

sensitive responses, while the second case considered provided for best results in for 

acceleration-sensitive responses. The optimal vector-valued IM to be used in the 

prediction of the structural response was seen to be the vector-valued IM that contains 

all three scalar IMs, i.e. ( ) ( ) ( ) ( ) ( ){ }1 1 1 2 1IM , 1.5 , 1.5a a a a aS T S T S T S T S T= × × . This 

IM was also shown to be sufficient with respect to the magnitude M and source-to-

distance R. To gain more insight into results of the regression analysis the conditional 

mean regression surfaces were plotted for different EDPs and for different 

combinations of the two-dimension vector-valued IMs. The results shown for the 

conditional mean regression model with the ones shown for the conditional standard 

deviations allow for the conclusion that the vector-valued IMs are more reliable and 

provide more accurate results. Finally, seismic demand hazard curves based on two 
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different vector-valued IMs were shown in order to conclude on the influence of the 

selection of different vector valued IMs on the final seismic demand hazard curves. As 

expected, for displacement-sensitive type responses differences the inclusion of the 

vector-IM turned out to be small since the contribution of the second scalar IM to the 

predictive power of the regression models is also not very large. However, for the 

floor absolute accelerations three was a considerable difference, by which almost 50% 

of reduction was observed in the spectral acceleration estimation at the 2% in 50 years 

hazard level. 
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  CHAPTER 8

 

CONCLUSIONS AND FUTURE WORK 

8.1. Summary of research work performed 

This dissertation presents a probabilistic seismic demand analysis (PSDA) and 

its application to a newly designed 13-story reinforced concrete frame-wall building. 

The probabilistic seismic demand analysis (PSDA) methodology follows the 

probabilistic seismic hazard analysis (PSHA), which are both part of the Pacific 

Earthquake Engineering Research (PEER) Center performance-based earthquake 

engineering (PBEE) framework. The PSHA and PSDA performed here considered the 

use of vector-valued intensity measures (IMs) consisting of spectral accelerations at 

multiple periods. The efficient use of vector-valued IMs within the PSHA required the 

use of a simplified and efficient vector-valued probabilistic seismic hazard analysis 

(VPSHA) tool, which was based on the use of U.S. Geological Survey scalar 

probabilistic seismic hazard maps (seismic hazard curves and the magnitude and 
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source-to-site distance deaggregation of the seismic hazard). The vector-valued IMs 

are also used in the prediction of the structural response and these were shown to be 

sufficient and efficient with respect to the ground motion hazard characterization and 

the structural response prediction. Furthermore, in the prediction of the structural 

response, comprehensive and significant validation of the structural components used 

in the development of the computational model of the frame-wall building was 

considered for development of a model that is perceived to be realistic and can thus 

provide for realistic estimates of the response of the computational model.  

8.2. Summary of major findings and novel contributions 

Throughout the research work presented herein several findings and novel 

contributions were presented and discussed in each chapter. A summary is presented 

below. 

In Chapter 2, a novel simplified and efficient approach for vector-valued 

probabilistic seismic hazard analysis that is based on the USGS scalar probabilistic 

seismic hazard results was presented. The main advantage of the formulation for 

VPSHA presented for vector-IMs consisting of two, three, and N-ground motion 

parameters is that it may be seamlessly incorporated (or coupled) with hazard and 

deaggregation USGS scalar hazard maps results (http://earthquake.usgs.gov/hazards/) 

to make VPSHA more appealing to the earthquake and structural engineering 

community. Two application examples were shown, for a two-dimensional and a 

three-dimensional vector-valued IM, which were based on a specific location given by 
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latitude and longitude. Similar results could also be obtained by using the definition of 

location by zip code for complete integration with the USGS PSHA code.  

In Chapter 3, extensions to the conventional equation for PSDA that accounts 

for model class selection and model parameter uncertainty were presented. Due to 

complexities in the application of this proposed extended equation it was not exercised 

within the scope of this dissertation, but its application to specific problems in the near 

future is granted. The main contribution related to the PSDA presented within the 

scope of this dissertation was its extension to account for an efficient VPSHA that 

considers the of vector-valued IMs that makes use of the publicly-available, state-of-

the-art, and well-maintained USGS probabilistic seismic hazard maps, including site 

scalar seismic hazard and magnitude M and source-to-site distance R deaggregations 

of the seismic hazard. This formulation provides for a more accurate way of 

computing the mean annual rate of event { }EDP edp>  once ground motion hazard has 

been computed and the prediction of the structural response has been performed. 

Amongst the different methods presented for predicting structural response, the 

“cloud” method was the method selected for prediction of the probability distribution 

of structural response given a scalar and vector-valued IM. The “cloud” method allows 

for simple and multiple linear regression analyses on multiple IMs simultaneously. It 

also allows for the consideration of vector-valued EDPs responses, and in this case, 

multivariate multiple linear regression analyses have to be performed. The equations 

needed for estimating the conditional mean response and conditional standard 
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deviations of the EDPs|IM were borrowed from the literature and are also presented in 

this dissertation for completeness. Equation Chapter (Next) Section 1 

In the prediction of the structural response contributions were also made in the 

nonlinear structural modeling part. A three-dimensional (3-D) nonlinear truss 

modeling approach for simulation of the nonlinear dynamic response of structural 

walls was developed and it allows for two main discretizations: (i) the first 

corresponds a parallel angle strut discretization that is most appropriate for modeling 

walls that suffer little damage and where Euler-Bernoulli beam assumptions hold (B-

regions), and (ii) the second, is ideal when fanned (variable angle) stress fields are 

considered (D-regions) in reinforced concrete walls. Three case studies were used to 

validate the modeling approach. The modeling approach presented strikes a balance 

between accuracy and speed and it was shown in Chapter 4 that it is a good alternative 

for modeling of reinforced concrete structural walls in frame-wall or wall bearing 

buildings as it allows for the nonlinear flexural-shear interaction and can capture well 

global responses, such as interstory drift ratios and system shear forces, as well as 

local responses, such as strains in concrete and reinforcing steel.  

Two main objectives were defined in the development of Chapter 5: the first 

was that the models for the structural components should be representative of the loads 

and deformations expected to be experienced by the subassemblies, and second, 

comprehensive and significant validation should be performed for each structural 

component. The main contribution within Chapter 5 is the development of a new 

phenomenological model for floor diaphragms that allows for plastic hinge beam 
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elongation. This model turned out to be of crucial importance since the typical rigid 

diaphragm assumptions made by the engineering community in the modeling of 

buildings for dynamic structural analysis would introduce spurious axial forces in 

beams that were responsible for unrealistic increase of beam bending capacities.  

In Chapter 6, an advanced three-dimensional finite element model was 

developed and subjected to two earthquake records in two possible orientations. The 

model is sufficiently complex that expected demands are considered to be realistic, 

and the 3-D model can capture important effects of kinematic structural overstrength. 

The main contribution of Chapter 6 is related to the simultaneous representation of 

such a large number of response parameters, such that the behavior of the building 

model can be gauged and properly interpreted. Based on the analyses performed, new 

insight is gained into the 100%-30% rule suggested by many building codes, which 

appears to be unconservative. The system shear forces as well as system overturning 

moments reached over 50% and 60% of its peak demand in a transverse direction 

when 100% of the peak demand was attained in the longitudinal direction. 

Finally, in Chapter 7, the combined formulation developed in Chapter 2 for 

simplified vector-valued probabilistic seismic hazard analysis (VPSHA), with the 

formulation introduced for the probabilistic seismic demand analysis (PSDA) in 

Chapter 3, and their application to the building model developed and validated in 

Chapters 4 through 6, yielded several interesting results. First, the correlation 

coefficient for displacement type responses versus spectral acceleration at different 

periods, Sa(T), was shown to peak in the normalized period range between 1.0 and 1.5. 
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In contrast, the correlation coefficients for the peak floor absolute accelerations are 

low in the same period range, and are highest for low normalized period values (at or 

below the period of the second mode). These results were used to the select the 

primary Sa(T1) and two possible cases were considered for two-dimensional vector-

valued IM: the first included the use of Sa(T1) and Sa(1.5 T1), and the second included 

the use of Sa(T1) and Sa(T2). This was done for EDPs along each direction (NS and 

EW) using the corresponding modal periods associated with that same direction. It 

was shown that the first case provided for better prediction of the drift-sensitive 

responses, while the second case provided for best results in for acceleration-sensitive 

responses. The optimal vector-valued IM to be used in the prediction of the structural 

response was seen to be the vector-valued IM that contains all three scalar IMs, i.e.

( ) ( ) ( ) ( ) ( ){ }1 1 1 2 1IM , 1.5 , 1.5a a a a aS T S T S T S T S T= × × . This IM was also shown to be 

sufficient with respect to the magnitude M and source-to-distance R. Finally, seismic 

demand hazard curves based on two different vector-valued IMs were computed in 

order to highlight the difference between the two cases in terms of their accuracy. As 

expected, for displacement type responses differences the inclusion of the vector-IM 

turned out to be not very large since the contribution of the second mode to the 

displacements is also not very important for this structure. However, for the floor 

absolute accelerations there was a considerable difference, by which almost 50% of 

reduction was observed in the spectral acceleration estimation at the 2% in 50 years 

hazard level. 
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8.3. Limitations of the research work 

The first limitation of the research work presented herein is related to the 

VPSHA and has to do with the assumption that the spectral accelerations at multiple 

periods, at a given site, and from a single M-R bin can be considered to be jointly 

lognormal. Work by Jayaram and Baker (2008) concluded that the assumption of joint 

lognormality holds for a given a site, during a given earthquake, for vector-valued IMs 

consisting of spectral accelerations of up to 5 parameters. However, in certain cases, 

more than one seismic source may contribute to the same M-R bin, and as long as 

there is a source dominating the hazard the assumption should still hold for multiple 

earthquakes. This assumption is easily satisfied for large return period events when 

specific faults are dominant in the seismic hazard especially in near-fault scenarios 

such as the ones considered in this dissertation. For low mean rates of occurrence, and 

under Poissonian assumption, this assumption can also be said to hold. However, for 

low return period events and in cases in which gridded seismicity plays an important 

role, the simplified formulation requires further validation on the joint lognormaility 

of the multiple events. Furthermore, the code developed herein has not been validated 

against one of the existing VPSHA codes. Even though this is in fact the case, the 

development of the formulation included herein was closely followed by Professor 

Jack Baker (Stanford University), and several discussions by the author and the chair 

of the committee with Dr. Paolo Bazzurro (Air Worldwide), and Dr. Stephen Harmsen 

(USGS), were very helpful in the development of the final drafting of the formulations 

proposed.  
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The second limitation is related with the extension of PSDA to account for 

model class selection and model parameter uncertainty. The formulation presented 

was not exercised in this dissertation and issues related to its implementation may 

arise. Nonetheless, it should be emphasized that in the presentation of the formulation 

made here, implementation and possible computational issues were discussed and 

possible solutions presented. 

The third limitation of the work developed herein is related to the 3-D truss 

modeling approach implemented for nonlinear dynamic response of structural walls. 

While the model proposed allows for use and implementation of the modified 

compression field theory (MFCT), and local effects such as bar buckling and strain 

penetration can also be accounted for, the model implemented in this dissertation does 

not account explicitly for any of these phenomena. Other issues related to possible 

localization of softening of concrete in tension and compression have already been 

addressed recently by Panagiotou and Restrepo (2011) and can also be included in the 

3-D model in the near future. 

The forth limitation is related to the extent of the validation performed for the 

building computational model. Currently, in structural engineering as in many other 

fields related to earth sciences, the models for the structural components should be 

representative of the expected loading and capacities expected. The building model 

was validated component-by-component due to the lack of real system experimental 

test data. In the advanced three-dimensional finite element model developed in 

Chapter 6 it is also worth noting that a large limitation of the modeling effort is the 
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lack of 3-D building system testing that can be used for model validation of all the 

extrapolations made from component to system modeling assumptions made herein. 

Several other limitations of the current model can also be seen as research work needs 

and include: (i) consideration of soil-structure interaction, (ii) consideration of the 

nonstructural components, (iii) influence of viscous damping vs hysteretic/fictional 

damping and sensitivity analysis thereof, (iv) nonlinear diaphragm modeling and 

effect of modeling assumptions for the diaphragm and strengthening of the chord 

collectors, (v) strength-degradation modeling for walls accounting for the MCFT, (vi) 

consideration of building strength and stiffness asymmetry in plan, (vii) consideration 

of plan distribution of the walls (exterior structural walls placed in the perimeter of the 

building vs internal walls), and finally (viii) consideration of different building models 

accounting for different heights and strength distributions. 

8.4. Recommendations for future research work 

In this dissertation, a probabilistic based tool for seismic demand assessment of 

building structures that accounts for a vector of ground motion intensity measures, 

namely a vector of spectral accelerations at multiple periods has been developed. 

These tools were successfully applied to the benchmark 13-Story NEHRP frame-wall 

building, which was designed according to current code provisions and standards and 

has been used to validate the approach. The advanced computational model developed 

is a three-dimensional model, and higher modes and most effects of nonlinearity are 

considered in the model, and thus the shear force demand using this advanced 

nonlinear model is expected to be realistic. Nonetheless limitations such as the fact 
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that soil-structure interaction was not explicitly accounted for in the current model is a 

topic that should be addressed in the immediate future.  

Based on the tools developed possible future research can include the 

following list: 

(1) Validate results for vector-valued IMs for different structural types and 

configurations, 

(2) Evaluate the effect on structural response of various ground motion parameters, 

e.g., near-fault directivity effects on building response, 

(3) Evaluate the effects of modeling uncertainty, i.e., use of different software and 

modeling approaches for beam-column, walls, diaphragms, damping, mass and 

load distribution, strength and stiffness 

(4) Evaluate current code provisions, identify potential shortcomings or deficiencies 

and propose remedies for them, by performing response verification of buildings 

designed according to code. This task can be achieved by performing nonlinear 

response verifications of several code-based designs of frame-wall buildings that: 

(a)  are located at various locations (i.e., characterized by different seismic 

hazard). 

(b) have different number of floors (i.e. different structural periods and 

different relative modal participation to their structural response) 

(c) have different geometric configurations (lateral resisting systems and 

different regularity conditions), namely those which have 

asymmetry/irregularity in the strength and stiffness distribution of the 

structural walls in plan and in elevation.  
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 (5) As part of possible remedies for current code-based design procedures, re-

design example buildings according to displacement-based methodologies 

and compare probabilistic seismic demand. 
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