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ABSTRACT OF THE DISSERTATION
Quantification of Bridge Performance Variability due to Modeling Uncertainties
By
Bahareh Mobasher
Doctor of Philosophy in Civil Engineering
University of California, Irvine, 2016
Professor Farzin Zareian, Chair

There are nearly 610,000 public road bridges across the United States; approximately 25000 of
existing bridges are locate in California–a high seismic zone. Observations from previous
seismic events reveal that earthquakes have a significant damaging effect on bridges leading to
major consequence on the economy of the affected area. In light of these effects, various studies
have focused on quantifying the seismic vulnerability of bridges aiming at improving bridge
design codes accordingly.
The research effort presented herein intends to develop a comprehensive and efficient
model that includes the coupling of bridge critical components such as shear keys, backfill passive
pressure, and soil-pile-structure interaction; the missing piece of previous research in bridge seismic
demand assessment. This research fills the gap between the recommended modeling approaches by
seismic design guidelines–which are rather simple–and the current state-of-the-art bridge
component modeling techniques that are mostly developed based on experimental data or advanced
continuum finite element models. Meanwhile, we expand PEER’s Performance-Base Earthquake
Engineering (PBEE) framework to include the impact of progressive deterioration during the lifetime of the bridge as well as contribution of aftershock in seismic response assessment.

xiv

The sensitivity of important engineering demand parameters associated with shear key,
backfill, and deep foundation behaviors are quantified. We demonstrate that shear key behavior,
and foundation model have a significant effect on the seismic response of ordinary bridges.
The failure modes of bridges exhibit a high sensitivity to the type of backfill soil–and their
adopted models–coupled with the behavior of the shear keys. Finally, we show that the bridge
seismic response is not sensitive to the uniform corrosion of column rebars; however, excluding
the aftershock loading results in underestimating bridge demands significantly.

xv

CHAPTER 1: INTRODUCTION
1.1 PROBLEM STATEMENT
A significant amount of research has been dedicated to assess the seismic performance of
bridges located in California (Megally et al., 2001; Mackie and Stojadinovic, 2006; Mackie and
Stojadinovic, 2001; Mackie et al., 2011; Zhang, 2006; Zhang et al., 2008; Ledezma, 2007, Deco
and Frangopol, 2013). Observations from previous earthquakes show that the seismic
performance of highway bridges, which are a crucial part of civil infrastructure, relies on the
performance of their critical structural components (e.g., columns, and abutments) under
various imposed environmental condition. Therefore, robust and realistic analytical models of
such components within a life-cycle context, validated through the experimental tests, make
valuable tools in assisting engineers and researchers to examine vulnerability and performance
of bridges in future earthquake events aiming at reducing number of casualties, amount of
damages, and repair costs. During the last two decades, significant efforts have been dedicated
to develop analytical models of various bridge components and extract robust macro-scale
constitutive models that can define their force-deformation behavior in both linear and
nonlinear regimes. Among these, some tend to focus on the effect of aging due to environmental
stressors such as corrosion deterioration on vulnerability of bridges subjected to seismic events
(Choine et al., 2016; Choe et al., 2008; Ghosh and Padgett, 2010; Akiama et al., 2011; Nielson
and DesRoches, 2007a).
In essence, current-state-of-research in performance assessment of bridge structures is
mostly confined into two Structural and Geotechnical domains. In reality, there is substantial
coupling between the two domains; any meaningful study on performance assessment of bridges
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requires analyses that appreciates the interaction between the two domains. Accordingly, part of
this study intends to investigate the abovementioned interaction and develop a comprehensive
model to include coupling of critical components of bridges such as shear keys, backfill passive
pressure, and soil-pile-structure interaction. This research is founded on a wealth of available
models for bridge components. One of the objectives here is to fill the gap between the
recommended modeling approaches by seismic design guidelines–which are rather simple–and the
current state-of-the-art in bridge component modeling that are mostly developed based on
experimental data or advanced continuum finite element models. We show the advantages (and
disadvantages) of utilizing advanced component models, compared with simple ones, in assessing
the performance of highway bridges. Meanwhile, the impact of progressive deterioration during a
bridge life-time such as chloride induced corrosion on the bridge responses is addressed through
probabilistic modeling of corrosion initiation time and corrosion rate as part of the comprehensive
model. In addition, aiming at development of realistic deteriorated analytical models, contribution
of aftershock in seismic response assessment is presented in this study; this topic has been
neglected traditionally in many previous studies on performance assessment of bridge structures.
Sensitivity analysis considering variation in components modeling, bridge skew angles, ground
motion characteristics, backfill soil type is conducted to develop seismic fragility curves.
The results of this research can help practicing engineers and researchers in identifying
what modeling technique fits their purpose for assessing the performance of concrete highway
bridges in seismic regions and what parameters affect the bridge performance significantly. The
focus here is on both critical internal and external parameters which effect on a bridge behavior:
• According to current Caltrans Seismic Design Criteria (SDC 1.7), lateral stiffness of
abutments with non-isolated shear keys are modeled using linear springs; no lateral
2

stiffness is considered for abutments with isolated shear keys. There is no
recommendation for using nonlinear force-deformation relationship that can capture
the real behavior of exterior shear keys. Therefore, developing nonlinear forcedeformation based on the shear keys’ characteristics for two types of shear keys (i.e.,
isolated and non-isolated), which can be used by engineers in practice, and assess
bridge responses has been addressed in this study.
• Many of highway bridges are classified as 'seat-type abutment' bridges in which the
bridge deck is placed on abutment bearings and bridge columns. Current design
practice for ordinary seat-type bridges assumes that each abutment backwall shears off
at the beginning of heavy seismic loading and does not contribute to the abutment’s
ability to resist external loads. Seismic performance of this type of bridge, however, is
significantly affected by the interaction between the backfill soil and the deck in
longitudinal direction. Passive response of backfill soil is usually modeled with an
idealized bilinear elastic-perfectly-plastic force-deformation relationship suggested by
the Caltrans guideline (SDC 1.7) with minor adjustment to the initial stiffness of the
bilinear backbone curve when the backfill properties do not comply with Caltrans
Standard Specifications. Previous investigation classifies backfills properties of
California existing highway bridges to 4 different types, which cannot be addressed
through a single bilinear force-deformation backbone curve. Lack of a unified model
to capture the inelastic response of skewed abutments, and a study that provide the
comparison between different modeling and approaches motivate this study to provide
a realistic abutment model to provide insight into the conditions under which a more
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sophisticated abutment modeling can significantly change the global behavior of seattype abutment bridges.
• The effect of deep foundation on highway bridges is one of the important subjects that
have not been studied sufficiently. Although Soil-Pile-Structure Interaction (SPSI) has
little effect on the dynamic response of many structures (Kramer 1996), in some
structures such as bridges, however, its effect can be significant. In practice, the SPSI
has been modeled with three common approaches: i) effective fixity approach, ii)
lumped rotational and lateral springs, and iii) fixed/pinned boundary conditions at the
column base (i.e., this approach is common in modeling of ordinary highway bridges).
Significant inelastic soil deformations may result in gapping around the pile and
influence the behavior of the bridge structure. Such phenomena cannot be captured by
any of the three modeling approaches itemized earlier. According to Caltrans
guidelines (SDC 1.7), behavior of pile-foundation depends on the type of foundation
soil. It is recommended that the lateral deformation and rotation in pile groups
embedded in competent soil be negligible, however, in marginal or poor soils lateral
deformation and rotation is significant. Moreover, the guidelines state that the lateral
capacity of fixed-head piles in marginal or poor soil should be decided on a project
specific basis considering the demands exerted by the columns as well as soil lateral
pressure. Therefore, one of the objectives of the present study is to develop a model
based on the current state-of-the-art, which captures sensitivity of dynamic response of
bridges under multiple hazards to SPSI accurately using two different excitation
methods (i.e., multiple and uniform excitation), and compare with the fixe/pinned
column base to identify whether SPSI effects should, or should not, be omitted for
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ordinary highway bridges. Effect of pile-to-cap connection on bridge seismic demands
is evaluated as well.
• According to the American society of Civil Engineers (ASCE 2009) report, more than
half of the bridges in the United States are reaching the end of their design life (Ghosh
and Padgett, 2010). In many studies, it is assumed that bridges are maintained and
retrofitted ideally within their life time. This assumption results in neglecting the effect
of progressive deterioration of materials on bridge responses in many research studies.
Corrosion due to atmospheric carbon dioxide into the concrete is recognized as one of
the major sources of corrosion of column reinforcement in California bridges. Despite
recent studies on the effect of chloride-induced corrosion on a structure, importance of
corrosion of column reinforcement in performance of concrete highway bridges in
California needs further study. Since California highway bridges are located in high
seismic and costal atmosphere zone, as one of the objective of this study, probabilistic
assessment of bridges with corroded reinforcement concrete columns subjected to
realistic mainshock-aftershock sequences is addressed. Results are presented using
time-dependent fragility curves as a common indicator to describe the bridge time–
dependent damage states conditioned on ground motion intensity measure (IM).
• In this study, we intend to develop comprehensive detailed models of skew-angled
ordinary bridges aiming at evaluating the effect of different modeling techniques on
the following four Engineering Demand Parameters (EDP): 1) column drift ratio, 2)
deck rotation, 3) column ductility, and 4) abutment unseating. The proposed models
are tested using finite element models of two typical “ordinary” Caltrans bridges using
OpenSees (McKenna and Fenves, 2001). We provide recommendations for engineers
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and researchers through performing parametric studies to assess sensitivity of the EDPs
to various modeling approaches. We utilize various loading regimes that consist of
strong near-fault ground motions, and strong near-fault ground motions fallowed by
their recorded aftershocks from available Enhancement of Next Generation
Attenuation Relationships for Western US (NGA-West2) database.

1.2 CURRENT STATE OF KNOWLEDGE AND LITERATURE SURVEY
1.2.1 Exterior Shear key Modeling
Seat- and diaphragm-type abutments are the two most common abutment types for reinforced-concrete
bridges in California. Seat-type abutments allow free lateral and longitudinal movements of the
superstructure under seismic excitations and isolate the transfer of lateral loads to abutments and their
piles, aiming at protecting these critical and expensive bridge elements from damage (Caltrans SDC
1.7). In the transverse direction, exterior and interior shear keys are designed to provide transverse
support to bridge superstructure and transmit the lateral shear forces–through vertical reinforcement
between the shear key and the stem-wall–in minor-to-moderate earthquake events and service loads.
These elements are designed to break off once subject to strong motions in order to save the abutment
structure and piles from excessive lateral loads initiated from deck inertia.
Shear-key design philosophy requires that these elements behave similar to a fuse. In essence,
shear-keys are designed to resist lateral service loads with minor deformation and break under extreme
loads to save the stem-wall and the supporting piles. In contrary, observations in previous earthquakes
have shown multiple incidences of failure of external shear keys that have propagated into abutment
stem-walls (EERI, 1995). In these cases, diagonal cracks in the abutment stem-wall indicate a strutand-tie behavior of the external shear key that was not considered in the design process (Priestley et
al., 1994; Moehle et al., 1995). In fact, the detailing of these shear-keys has led to engaging the stem6

walls’ reinforcements and subsequently damaged the stem-wall. This is an undesirable behavior, and
highlights the negative effects of such shear key design approach (Yashinsky et al., 2010).
A number of studies have been directed towards quantifying abutment behavior in the
transverse direction. Two experimental studies were conducted at the University of California, San
Diego (Megally et al., 2001; Silva et al., 2009; Bozorgzadeh et al., 2004; Bozorgzadeh et al., 2006),
which investigated the behavior of shear keys and their failure mechanisms. The experimental
program conducted by Megally et al. (2001) comprised destructive testing of the exterior and interior
shear keys that are common to typical Caltrans bridges, and aimed at assessing the variation in shear
key responses under different loading protocols with respect to different detailing and reinforcement
ratios. Experimental results showed that exterior shear keys may fail in a sliding shear friction–a brittle
shear key behavior–or a strut-and-tie failure mechanism–a ductile shear key behavior. The failure
mechanism depends on the reinforcement detailing and the type of construction joint between the shear
key and the abutment stem-wall (Megally et al., 2001).
Aviram et al. (2008) considered three different abutment modeling techniques. They developed
tri-linear backbone curves to capture the exterior shear key resistance levels when it acts as a sacrificial
element, and assumed the ultimate shear key strength to be 30% of the superstructure dead load (Eq.
7.47 of SDC 1.3). Zhang et al. (2008), and Elgamal et al. (2008) developed 2D and 3D models of the
Humboldt Bay Bridge with continuum soil models aiming to evaluate the effects of backfill soil and
soil structure interaction on the overall bridge response. In their bridge models, the behavior of the
shear keys was modeled using an elastic-perfectly-plastic backbone curve. Goel and Chopra (2008)
evaluated the role of shear keys in seismic behavior of bridges crossing fault-rupture zones. They
concluded that seismic demands (i.e., column drift ratio and deck displacement in the transverse
direction) for non-skewed bridges that cross fault-rupture zones are bounded between seismic demands
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obtained from two simpler models: (i) a bridge model with elastic shear keys, and (ii) a bridge model
without shear keys.
Fell and Salveson (2013) assumed shear keys to be sacrificial elements (modeled as sliding
shear mechanisms) and compared the effects of two types of sacrificial shear key modeling techniques
on bridge responses: (i) the linear model suggested by California seismic Design Criteria (SDC 1.7),
and (ii) a nonlinear model that included a gap distance and a bilinear force-deformation backbone
curve. In their nonlinear model, the shear key stiffness was obtained based on a plane stress finite
element model, and the ultimate strength was based on the Caltrans friction shear method. Longitudinal
springs were developed consistent with the requirements of the Caltrans SDC 1.7. Fell and Salveson
(2013) suggested that the nonlinear shear key model is sufficiently accurate for bridges with flexible
substructures (T > 1 sec.), and the linear shear key model is reasonable for short and stiff bridges.
However, they ignored the ductile behavior of shear keys in their non-linear model.
Kaviani et al. (2012) investigated the effect of different parameters such as column-bent
height, symmetry of span arrangement, and abutment skew angle on various engineering demand
parameters–namely, column drift ratio, deck rotation, and abutment unseating. They showed that the
strength of a sacrificial shear key has a large inﬂuence on bridge deck rotations. Wasef (2013)
examined the effect of embankment modeling on displacement demand of shear keys; he assumed that
shear keys behave as sacrificial elements and fail in a sliding shear friction mechanism. Wasef (2013)
concluded that proper embankment modeling has a significant effect on the shear key displacement
demand.
The Caltrans Seismic Design Criteria (SDC, 1.7) document provides two types of detailing
for exterior shear keys: (i) isolated shear keys based on the recommendations by Megally et al.
(2001), and (ii) non-isolated shear keys. According to these guidelines, lateral stiffness of a bridge
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abutment in the transverse direction, which is mostly provided by the shear keys, is 50% of the
lateral stiffness of the adjacent bent in the global system. Both non-isolated and isolated shear keys
are assumed to fail based on the shear friction model. Experimental studies (Megally et al., 2001)
indicate, however, that shear keys with the reinforcement detailing of non-isolated shear keys fail
in a strut-and-tie failure mechanism rather than a shear-friction mechanism. This form of failure
can result in significant damage to the stem-wall and change a bridge’s global behavior under
dynamic excitations. On the other hand, shear keys with reinforcement detailing of isolated shear
keys work as a fuse, and they fail based on the sliding shear friction mechanism. The capacity of
this type of shear key can be underestimated if the shear friction model presented in LRFD Bridge
Design Specification (AASHTO LRFD, 2012) is used.
Despite the significant amount of prior research on abutment behavior, the effects of different
shear key characteristics on bridge seismic demands–having reinforcement details appropriate for
either isolated or non-isolated configurations–has not been adequately addressed and requires further
investigation. Along these lines, the present study offers validated parametric macroelement models
for ductile and brittle exterior abutment shear keys and focuses on sensitivity of seismic response of
bridges with box-girder decks and seat-type abutments to shear key characteristics.

1.2.2 Abutment and Backfill Passive Resistance Modeling
Influence of backfill passive pressure on the behavior of seat type abutment has been addressed in
previous studies utilizing different approaches. In small earthquakes, soil behavior generally
remains in its elastic range. In contrast, during strong seismic events, the behavior of a bridge is
highly dependent on the nonlinear behavior of soil and its interaction with the abutment
(Shamsabadi et al., 2007). Within this setting, research studies are classified into two main
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branches: 1) studies on interaction between the superstructure and the components of bridge
abutments (i.e., shear keys, wing walls, bearing pads, and pile foundation), while considering
boundary conditions (including backfill response and pounding effects) to capture the realistic
behavior of the bridge as much as possible, and 2) studies on generating robust micro-scale models
that address the force-deformation behaviors of aforementioned components extracted from
experimental data, high-fidelity continuum finite element simulations, or analytical means. In what
follows, a brief review of recent literature in this topic is provided.
Shamsabadi et al. (2004) modeled the expansion gap, near-field, and far-field effects in the
longitudinal direction using a combination of macro-elements connected in series and in parallel.
In his study, the expansion gap and near-field effects are modeled by attaching a gap element to
the bridge deck and by placing a nonlinear spring in series with that gap element. This modeling
technique was devised to account for the passive response of the abutment backfill. The far-field
effects are modeled with a linear spring and a dashpot–combined in parallel–to capture the far field
stiffness and radiation damping of soil. The far-field model is placed in series with the near-field
and expansion gap models to form a complete representation of the soil-structure interaction of the
backfill material with the bridge deck. However, back-wall and shear-key resistances are neglected
in the longitudinal and transverse directions, respectively.
Nielson (2005), and Nielson and DesRoches (2006) modeled the longitudinal resistance of
abutments in a steel girder bridge using soil and pile models connected in parallel. The soil passive
resistance is modeled with a quad-linear backbone curve and is derived based on the Caltrans
seismic design criteria (SDC 1.7) and the proposed model by Martin and Yan (1995). Choi (2002)
developed a tri-linear model to account for the nonlinear response of the abutment piles and their
contributions to both the active and passive resistances of the abutment. In the transverse direction,
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only the lateral resistance of the piles is considered. The longitudinal and transverse responses of
the bearings are also incorporated into the abutment model by placing nonlinear springs in series
with the parallel combination of soil and pile springs. They included the effect of pounding
(Muthukumar, 2003) on the abutment as well. Aviram et al. (2008) looked into three modeling
techniques and tested them on six bridges subjected to modal, pushover, and nonlinear time history
analysis. These three abutment models are described as: 1) basic mode1: the interaction between
the backfill soil and abutment is neglected and the abutment is replaced with roller supports, 2)
intermediate model: the interaction between the backfill soil and abutment is simulated using
bilinear force-deformation springs (SDC 1.7), and 3) advanced model: interaction between several
components at the abutment including bearing pads, backwall, stem wall and shear-keys, and
backfill soil was considered using linear and bilinear springs, rigid links, and gap elements. Based
on the results, they selected the roller-support boundary condition as an appropriate modeling
option for long-span bridges.
In some previous studies such as Zhang et al. (2008) and Elgamal (2008), detailed 2D and
3D finite element model of the Humboldt Bay Bridge were created to capture the longitudinal
response of the backfill soil. As it was mentioned earlier, however, shear-key models—at the
super-structure and abutment joints—are generated using a combination of elastoplastic materials,
gap, and hook elements. Rahmani et al. (2014) created a 3D continuum finite element model of a
two-span bridge with integral abutments. In this study, abutment was modeled using shell
elements, and the bridge embankment was generated using solid elements. Interaction between the
abutment and embankment was modeled by constraining the common degrees of freedom between
the collocated nodes of the shell and solid elements.
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Huo (2011) used a 3D finite element abutment model to calibrate longitudinal and
transverse p-y springs for various abutment wall heights and material properties of sandy
embankments. In order to model the longitudinal gap and the friction between the backwall and
the backfill soil, the p-y springs were combined with a contact-friction element with no-tension
and pressure-dependent capacities in the longitudinal and transverse directions, respectively.
Effect of abutment piles was also considered in their model. However, every seven or eight piles
were replaced with a single super-pile. Zhang and Makris (2002) proposed the equivalent nonlinear
spring and viscous dashpots to model bridge embankment. The suggested model was later used by
Huo and Zhang (2012) along with gap elements, elastoplastic and contact linear springs to account
for the combined effects of embankment impedance, elastomeric bearings, and deck pounding.
Researchers and engineers have directed significant attention to the seismic performance
of bridges with skewed abutments. Shamsabadi and Kapuskar (2006) studied the effect of nearfault ground motions on skewed bridges. It was shown that the deck of skewed bridges rotate
shortly after the arrival of a ground motion velocity pulse, resulting in residual rotations and
sometimes unseating of the bridge deck from the abutment. Additionally, bridges with singlecolumn bents were found to be vulnerable to larger deck rotations as a result of the lower global
torsional stiffness. These findings emphasized the critical role of transverse shear-key failure in
amplifying deck rotations. Kaviani et al. (2012, 2014) explored the seismic behavior of skewed
abutments considering a linear trend for the variation of backfill passive resistance between its
acute and abuse corner. In their study, the simplified abutment model of Aviram et al. (2008) was
employed in three typical California bridges to study the effects of skew angle on deck rotations,
column drift ratios and collapse fragilities. The results of detailed sensitivity analysis revealed that
the possibility of bridge collapses and shear key failures were higher in bridges with larger skew
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angles. Additionally, it was concluded that pulse-like ground motions (i.e., those involving high
velocity pulses) lead to the greater seismic demands on skewed bridges.
Zakeri et al. (2013) explored the behavior of eight single-frame box girder skewed bridges
which were classified based on the construction era (pre-1971 and post-1994). In their study, 3D
analytical finite element models were utilized; their modeling techqniue followed a combination
of the approaches adopted by Shamsabadi et al. (2010), Choi (2002), Nilson (2005), Muthukumar
and DesRoches (2006), and Aviram et al. (2008). This study illustrated that in bridges with integral
abutments, the effect of abutment skew angle is negligible at both component and system
fragilities. However, the effect of skew angle on new bridges with seat-type abutment is significant
which results in increasing of component vulnerability particularly in skew angles larger than 300.
The missing piece in previous studies is a unified model that captures inelastic response of
skewed abutments. This research aims to explore different abutment modeling approaches to
provide some guidelines for practicing engineers in modeling skewed abutments. In other words,
this study intends to assess current state-of-practice abutment modeling methodologies adopted
from Caltrans Seismic Design Guidelines (SDC 1.7) as well as more advanced approaches.

1.2.3 Pile-Foundation Modeling
Pile-foundations are the structural elements below ground level that support bridge abutments, and
piers, and provide vertical, lateral, and rotational resistance to gravity loads and seismic forces.
Formation of such boundary conditions depends on three factors: i) the type and geometry of the
pile-foundation, ii) the characteristics of surrounding soil, and iii) the interaction between soil and
structure (Priestley et al., 1996). Rotational stiffness and capacity of pile footing is directly related
to pile axial stiffness, including tip penetration effects, and the pile axial capacities in compression
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and uplift. On the other hand, lateral stiffness is controlled by the bending stiffness of the pile,
pile-to-pile cap connection, and the soil stiffness. Soil-pile-structure interaction (SPSI) is an
important phenomenon in evaluating seismic response pile-supported structures, especially in soft
clay and liquefying sands. SPSI is discussed extensively in the geotechnical and structural
engineering literature (e.g., Dendrou et al., 1985; Lam et al., 1995; Lysmer et al., 1975; Makris et
al., 1994; Conte et al., 2002; Mylonakis et al., 1997 & 2006; Prantjoto and Pender, 2003; Boulanger
et al., 1999; Jeremi´c et al., 2004; Arduino et al., 2007; Wang et al., 2013). Gazetas and Mylonakis
(1998) and Mylonakis et al. (2006) showed the importance of proper Soil Structure Interaction
(SSI) analysis on response of bridges by studying the failure of Hanshin Expressway Bridge during
Kobe earthquake. Soneji and Jangid (2008) analyzed influence of dynamic SSI on behavior of
seismically isolated cable-stayed bridge and observed that the soil has significant effects on the
response of the isolated bridge.
Caltrans Seismic Design Criteria (SDC 1.7) classifies the soil surrounding the foundation
as: i) competent, ii) poor, or iii) marginal. The guideline assumes that the component soil limits
the lateral deformation and rotation of the pile group which results in low moment and shear
demands in the piles which can be negligible. Additionally, the column overstrength shear assumed
to be resisted by the passive resistance of the soil and friction of side and bottom of the piles. On
the contrary, in marginal or poor soil, as a result of larger lateral deformation and rotation which
are non-negligible, the plastic moment capacity of the pile—in addition to the footing demands—
participates in the relationships for deciding piles axial demands. Generally, increasing the amount
of fixity at pile-to-footing connection suggested by the guideline as a common method to increase
the lateral resistance of the foundation. However, the guidelines further states that the lateral
capacity of fixed-head piles in marginal or poor soil requires a project-specific design. Therefore,
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although the recommendations for the seismic analysis and design of “foundation” are conditioned
on the characteristics of foundation soil, the guidelines do not provide any clear recommendation
for incorporating soil-structure interaction phenomena in assessing the seismic response of
“superstructure.”
In practice, generally, two common methods are used to include soil flexibility effects on
piles for ordinary highway bridges: 1) lumped lateral and rotational springs, and 2) effective fixity.
In both methods, however, the nonlinear foundation response that usually occurs in extreme
seismic events cannot be captured. A number of studies have focused on developing threedimensional nonlinear full-scale models of bridge foundation system. One of the first studies that
developed a three-dimensional nonlinear model for complete SPSI during strong motion
earthquakes was done by Chi Chen and Penzien (1977) where they looked into the interaction of
skew bridge abutment and its surrounding soil. McCallen and Romstadt (1994) used detailed 3D
numerical simulation of a short-span overpass bridge system to show that soil–structure interaction
is highly nonlinear even when the structure remains elastic. Elgamal et al. (2008) in continuation
of the study by Zhang et al. (2008) developed a complex 3D analysis of a full soil–bridge system
of a nine-span 1082 ft long bridge (Humboldt Bay Middle Channel Bridge), focusing on interaction
of liquefied soil in foundation and bridge structure . The soil domain extends about 2130 and 490
ft in lateral directions and 245 ft in depth. The advanced 3D finite element model with a substantial
soil domain allowed extensive investigation of the ground deformation, kinematic soil-structure
interaction, and incoherent input motion effects on the response of long span bridges.
Rahmani et al. (2014) have similarly created a 3D finite element model of a two-span
single-column bridge with monolithic abutments, pier and abutment piles, and foundation soil. The
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analysis results demonstrated that the pier piles in the specimen bridge responded elastically during
the two seismic excitations.
Mackie et al. (2012) studied the interaction of surrounding soil and a two-span bridge with
a single Type I Caltrans pile shaft. The soil domain is modeled as a continuum, extending about
1450 ft in the two horizontal directions and with 100 ft depth. The study mostly focused on
investigating the sensitivity of repair time and cost due to damage incurred to foundation and
abutment. For the purpose of the study, various ground motion intensities and geotechnical
properties of the foundation were considered. They concluded that a soil profile with “weak upper
soil strata” causes extensive damages to the foundation element. However, it acts similar to a “base
isolation” layer, thus, limits the demands exerted on the superstructure
Limitation of computational resources results in applying various simplifications and
developing simplistic models, which mostly are based on closed form solutions for elastic material.
Makris et al. (1994) developed a simple integrated procedure to analyze soil-pile foundationsuperstructure interaction based on dynamic impedance and kinematic seismic response factors of
pile foundations with a simple six-degree-of-freedom structural model.
Among all available SSI modeling approaches, Winkler foundation, or dynamic p-y
methods, are considerably less complex than 3D finite element models and also more accurate than
simplified models (i.e., lumped springs, and simplified two-step methods Boulanger et al., 1999).
The theory of beam on nonlinear Winkler foundation is used for the dynamic analysis of pile. This
method assumes that the passive resistance of soil can be modeled with a series of discrete
nonlinear springs known as p-y springs. The backbone curve of each p-y spring is a function of the
depth below the surface and is defined due to the relationships recommended by the American
Petroleum Institute (API, 2000) for clay (Matlock, 1970; Rees and Cox, 1975) and sand (O'Neill
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and Murchinson, 1983). A pair of orthogonal p-y springs at each node along the depth of the pile
provides support in the horizontal directions and captures the passive pressure of soil in the planes
normal to the axis of the pile. Likewise, skin friction effects are modeled with a series of tangential
nonlinear springs referred to as t-z springs. End bearing at the tip of the pile, which depends on the
types of the pile, can be modeled with a single nonlinear spring (q-z spring). Boulanger et al. (1999)
developed a nonlinear p-y element that can model a range of p-y behaviors, which consists of
elastic, plastic, and gap components in series. The effects of radiation damping are taken into
account in the form of equivalent viscous damping and by placing a dashpot parallel with the linear
spring. This work, which is available as p-y macroelement in Opensees (Frank et al., 2000) has
been adopted for the current study.
Therefore, one of the objectives of the present study is to develop a model based on the
current state-of-the-art, which captures sensitivity of dynamic response of bridges under multiple
hazards to SSI accurately using two different excitation methods (i.e., multiple or uniform
excitation), and compare with the fixed/pinned column base to identify whether SSI effects should
or should not be omitted for ordinary highway bridges. Effect of pile-to-cap connection on bridge
seismic demands is evaluated as well.

1.2.4 Corrosion Deterioration
Corrosion, in the context of bridge engineering, can be described as the deterioration of
rebar due to its reaction with its environment. In a reinforced concrete element, concrete’s role is
as a protective layer against types of corrosion such as chloride-ions, CO2, O2, and H2O. At the
same time, concrete helps in the formation of a thin layer of insoluble iron oxide surrounding the
steel. Carbonation and chloride intrusion (or a combination of the two) are the two main factors
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that lead to destruction of the protective oxide layer and that initiate corrosion. Corrosion via
carbonation occurs when atmospheric carbon dioxide reaches the concrete cover, penetrates
through the concrete, reduces the pH of the concrete, and destroys the thin, protective iron oxide
film. On the other hand, chloride-induced corrosion occurs when chlorine ions penetrate through
the concrete and destroy the protective layer. Typically, four major sources are recognized that
increase the concentration of chloride ions on the surface of concrete (Rao, 2014) :1) de-icing ice
during the winter, 2) atmospheric chlorides in coastal weather, 3) seawater spray in coastal or
offshore locations, and 4) chlorides in aggregate and/or water when concrete is mixed.
According to a Federal Highway Administration report (FHWA 2010), 234,238 out of
600,000 bridges in the United States were built prior to the 1980s. Given the large number of
reinforced concrete highway bridges in the United States nearing the end of their service life, some
significant research efforts have concentrated on the effect of environmental degradation on the
capacity of single or multiple structural elements in these bridges (Silano and Brickerhoffs, 1993;
Weyers et al. 1994; Enright and Frangopol 1998; Stewart and Rosowsky 1998; Montemor et al.
2002).
Recent studies (Choe et al. 2008, 2009; Hoeke et al. 2009, 2010, Ghosh and Padgett, 2010;
Ghosh 2013; Akiyama & Frangopol, 2010; Akiyama et al., 2011, 2012; Alipour et al., 2013;
Biondini, and Palermo 2010; Biondini et al., 2014; Kumar et al. 2009; Dong et al. 2013, 2014,
Dong and Frangopol 2015; Rao 2014;) have focused on the effects of corrosion in bridges
subjected to seismic loading. There appear to be two main branches of literature on the corrosion
of bridge components. The first branch consists of studies focused on estimating the timedependent factors that affect the initiation of corrosion in the components (i.e., diffusion
coefficient (Dc), surface chloride concentration (C0), critical chloride concentration (Ccr), and rate
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of corrosion (rcorr)). The second branch consists of studies of the effect of environmental
degradation on the capacity of single or multiple structural elements in bridges while including
seismic loading. Literature on both branches will now be reviewed.
Choe et al. (2008) presented probabilistic drift and shear force capacity models for the
typical bridge column in California subjected to chloride-induced corrosion (i.e., loss of
reinforcement area) to estimate the fragility of the deteriorated element. Sensitivity analysis with
respect to the corrosion parameters was employed to determine to which parameter(s) the
reliability of RC columns was most sensitive. It was concluded that the degradation of shear
capacity of the corroded column in a submerged exposure condition (i.e., where the lower part of
the column was permanently under water) is more rapid than the degradation of the drift capacity.
Additionally, a corroded column’s sensitivity to the corrosion parameters increases rapidly in the
initial years. However, after the propagation phase, the column sensitivity is reduced to nearly
zero.
Alipour et al. (2011) studied the life-cycle seismic performance and cost of reinforced
concrete (RC) highway bridges subjected to chloride-induced corrosion over a 50-year period. In
order to generate the seismic fragility curves, three suites of ground motions (i.e., 2%, 10%, and
50% probability of occurrence in 50 years) were applied longitudinally to a group of non-skewed
RC bridge models consisting of two- and three-span bridges. The deterministic approach was
employed to estimate the corrosion initiation time; chloride induced corrosion current density was
assumed to be equal to 10

/

. For the purpose of assessing corroded bridge performance,

reduction in diameter and yield strength of the rebar elements was considered at five-year time
intervals. According to the fragility curves generated for four different damage states, it was
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concluded that the overall average of median peak ground acceleration (PGA) values drops by
38% and 34% for the two- and three-span corroded bridges after 50 years.
Ghosh and Padgett (2010), proposed the formulation of a time-dependent seismic fragility
format for bridges, considering joint impacts of multiple-component deterioration (i.e., reduction
in diameter of longitudinal reinforcement of RC column, and corrosion in fixed steel bearings) on
steel girder bridges. The study evaluated the impact of chloride-induced corrosion from de-icing
salts on bridges’ seismic performance. A 3D finite-element model of a typical multispan
continuous steel girder bridge generated using OpenSees (Mazzoni et al. 2009) used a probabilistic
approach to estimate the corrosion initiation time based on in-field corrosion studies of existing
bridge components in the United States exposed to de-icing salts (Whitinng et al. 1990; Weyers et
al. 1994; Enright and Frangopol 1998). However, the corrosion rate was assumed to be constant
along the bridge’s service life, including the uncertainty in the corrosion rate. This study
demonstrated the reduction of median PGA values of fragility, and relevant uncertainties for the
different damage states when the bridge is corroded. For instance, the study showed that after 75
years of exposure to chlorides, the median PGA value for the complete damage state decreased by
27%.
Dong et al. (2014) presented a framework for assessing the seismic performance of aging
highway bridges under mainshock and aftershock sequences. The time-variant fragility curves are
calculated based on the equation suggested by Decò and Frangopol (2013). It was assumed that
the parameters of deteriorated fragility curves decrease linearly with respect to the aging
coefficient. In this paper, the transition probability matrix is used to predict the bridge damage
state after aftershock events (Yeo and Cornell 2009). The results illustrate the importance of
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considering time effects when assessing bridges’ seismic vulnerability and the effect of aftershocks
on highway bridges’ performance.
One of the most recent studies in this area is the work of Rao (2014), who investigated the
effect of time-dependent structural deterioration and seismic hazard on three bridge columns
(including different construction times and design standards) taken from typical California twospan continuous concrete box-girder bridges. Rao considered three different effects of chlorideinduced corrosion, including: 1. reduction in rebar cross-section assuming uniform corrosion; 2.
reduction in the strength of the cover concrete elements due to cracking and spalling; and 3. change
in bond-strength. Monte Carlo simulation was employed to estimate the time to corrosion initiation
and the degree of corrosion for three columns. For the purpose of their study, they created
OpenSees models for both corroded (i.e., in atmospheric zone, and splash zone) and non-corroded
specimens, and results were compared with two sets of experimental tests. Based on these
validation tests, they observed and concluded that only a reduction in the cross-sectional area
(simplified model) has provided analytical results with the same degree of accuracy as the model
proposed by Berry and Eberhard (2007) for non-corroded columns. However, the study also
showed that the simplified model was not suitable for columns subjected to high axial load.
Additionally, the results for four different damage states revealed that deterioration due to
corrosion causes a decrease in the median capacities and an increase in the median of seismic
demands, leading to an increase in the probability of collapse, particularly in cases where columns
built to older design standards are located in splash zones.
This study quantifies the effect of uniform reduction of the cross-section of the column
longitudinal rebars on the seismic behavior of typical reinforced concrete bridges under a marine
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atmospheric zone. This effect is included in the probabilistic Performance-Based Earthquake
Engineering (PBEE) process to assess structural damages during a bridge’s lifetime.

1.2.5 Aftershocks Damage Assessment
Short-term risk assessment of highway bridges and decisions to open traffic on bridges
have direct and significant consequences for the number of casualties as well as financial losses in
the aftermath of a seismic event. In a post-earthquake scenario, possible aftershock damage in a
short-term period after the mainshock is one of the important parameters that significantly affect
decisions about a structure’s usability in this setting. Therefore, there is a need to understand
aftershock hazard and quantify the structural damages due to aftershocks following a mainshock.
Previous studies have emphasized the importance of Aftershock Probabilistic Seismic
Hazard Analysis (i.e., Gallagher et al. 1999; Reasenberg and Johnson (1989); FEMA 352 (2000).
Reasenberg and Johnson (1989), Weimer (2000), and Gerstenberger (2004) studied the timevarying nature of aftershock occurrence rates. In 2005, G. L. Yeo assumed that an aftershock can
be modeled by a nonhomogeneous Poisson process and addressed the role of aftershock in the
Performance-Based Earthquake Engineering (PBEE) framework. Aftershock Probabilistic
Seismic Hazard Analysis (APSHA) was introduced as a procedure to characterize the timedependent aftershock hazard at the site. The proposed methodology was evaluated for a three-story
SMRF building located on the Stanford site. Yeo showed that decisions about building-tagging
should include quantification of the damaged building’s performance in the post-mainshock
environment. Yeo and Cornell (2009) proposed a probabilistic framework for quantifying
aftershock ground-motion hazard in California to estimate the likelihood of severe ground motions
at a particular site. It is assumed that the aftershock occurrence rate is time-variant and dependent
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on the mainshock’s magnitude and the location. It was shown that the rate of occurrence of
aftershock, which is at its maximum immediately after the mainshock event and decreases with
elapsed time from the mainshock, follows power-law form (Modified Omri law). A parametric
study via an example was conducted to show the effects of duration, elapsed time from mainshock,
mainshock magnitude, site location, and structural period on aftershock hazards. Alessandri et al.
(2013) proposed an analytical tool to assess the bridge’s usability after the mainshock-aftershock
event—taking advantage of the combination of numerical analyses and in situ inspection using
Bayes’s theorem—and to speed up the decision making process. The Latin Hypercube Sampling
(LHS) technique was used to generate the structure’s fragility curves. The aforementioned process
was applied to an aged RC viaduct of the Italian highway network. A set of 10 ground motions
with moment magnitudes between 5.5 and 7.5 (Richter scale) and source-site distance less than 25
km was employed, and each record was scaled to a PGA in the range of .05g-1.5g. The same set
of records was adopted for the aftershocks and applied transversely to the structure. It was observed
that the result of in situ inspection can significantly alter structures’ estimated fragility and can
influence the decision to open traffic on bridges.
Some previous studies focused on assessing damage of a single degree of freedom (SDOF)
structure under mainshock-aftershock sequences (Dong and Frangopol (2015); Zhai et al. 2014;
Amadio et al. 2003; Iervolino et al. 2014). Dong and Frangopol (2015) presented a framework for
probabilistic seismic performance assessment of highway bridges under mainshock-aftershock
events. Simplified force-displacement-base single degree of freedom (SDOF) representative of the
bridge structure was employed to determine the seismic demand of bridges subjected to mainshock
and mainshock-aftershock. The mainshock earthquake was posited with a mean moment
magnitude of 6.9 (Richter scale) and a distance of 6 km from the location of the bridge. A Monte
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Carlo simulation was performed to generate 10,000 samples of the mainshock aftershock
scenarios. The SDOF structure was assumed to have the same period of the example bridge in the
transverse direction: 5% damping, 5% post-yield hardening, and with the yield displacement
obtained from nonlinear pushover analysis of a bridge. The SDOF system’s seismic ductility
demand was computed using the Goda et al (2009) prediction equation, and associated fragility
curves derived for both mainshock and mainshock followed by aftershock earthquake for four
different damage states. The study illustrated that, generally, the median value of seismic demand
for a bridge increases once it is subjected to mainshock-aftershock events. It was observed that the
bridge’s performance drops by 20%. However, it was shown that the effect of aftershocks on the
ductility demand can be neglected when the ratio of intensity measures (IM) of the aftershock to
mainshock is less than or equal to 0.5.
Iervolino et al. (2013) presented closed-form approximations for the aftershock reliability
of simple elastic-perfectly-plastic (EPP) SDOF systems. It was assumed that damages caused by
individual seismic shocks are independent and identically distributed by gamma (Γ) distribution
in EPP-SDOF systems considering energy-based damage measures. Kinematic ductility, defined
as the maximum displacement when the yielding displacement is equal to unity, was considered
as an index to show the amount of energy dissipated in each event. In order to evaluate the
proposed methodology, SDOF systems with an elastic period equal to 0.5s and a ductility capacity
of 3.3 were considered. The generic aftershock sets were generated from an event with moment
magnitude equal to 6.3.
Part of this study aims to expand the probabilistic Performance-Based Earthquake
Engineering (PBEE) process by including the effect of aftershock on the damage assessment of
bridge structures. The set of aftershocks selected herein takes advantage of the Gardner and
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Knopoff (1974) time window, and distance window based on a new distance metric (CRJB) by
Wooddell and Abrahamson (2014).

1.3 OBJECTIVE AND SCOPE OF STUDY
Lack of accuracy in modeling crucial components of bridge structures, and ignoring their
interactions, will result in uncertainties in estimating bridge seismic performance. A variety of
modeling approaches exist, with no consensus on what is the most appropriate model for
estimating inelastic response of ordinary highway bridges. The lack of a uniform modeling
platform reveals the necessity of improved and robust guidelines that can be utilized by practicing
engineers and researchers alike to assess the performance of highway bridges. This study is aligned
with this objective and aims to assess the current state-of-practice in techniques of modeling
critical components in both skewed and non-skewed bridges (exterior shear key, deep foundation,
column, abutment backfill), and to compare these techniques with the modeling techniques
recommended by Caltrans seismic design criteria (SDC 1.7), by quantifying seismic behavior
through a set of Engineering Demand Parameters (EDPs) that are pertinent for ordinary highway
bridges. The significance of improved methodologies for estimating Engineering Demand
Parameters (EDPs) is investigated. Seismic vulnerability of highway bridges, and their resilience,
to future seismic events is investigated. The Performance-Based Earthquake Engineering (PBEE)
methodology is exercised by including the joint probability of aftershock and corrosion on
assessing damage to a structure. This study is completed with the following objectives:
1. Assess the uncertainty in EDP|IM (i.e., EDP given ground motion Intensity Measure)
for highway bridges due to modeling assumptions and techniques of: exterior shear
keys, skew-angled abutments, passive resistance of backfill soil, and column base
connection.
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2. Assess the uncertainty in EDP|IM for highway bridges due to modeling Soil-Structure
Interaction and ground motion modeling.
3. Modify the Performance-Based Earthquake Engineering (PBEE) framework to assess
the resilience of corroded highway bridge structures under mainshock-aftershock
sequences.
This research is organized into five chapters. Chapter 2 covers the bridge structures used
in this study, and gives an overview of component modeling, including exterior shear keys,
columns, bearings, backfill passive resistance, and deep foundation. The last section of this chapter
covers the probabilistic modeling of chloride-induced corrosion in a marine atmospheric zone.
Chapter 3 addresses ground motions and site response analysis that are used for this research,
explaining two methods of ground motion analysis: 1. uniform excitation and 2. multiple support
excitation. This chapter also addresses a method for classifying earthquakes in strong motion data
sets to distinguish aftershocks from mainshocks. Chapter 4 summarizes the geometrical
characteristics and material properties of two typical reinforced concrete California highway
bridges. This chapter also covers sensitivity analyses with results and in-depth discussions. The
content of sections 4.4.2, and 4.4.3 is derived from Omrani et al. (2015). Chapter 5 discusses the
effect of joint probability of corrosion and mainshock-aftershock sequences on structures designed
using the Probabilistic Performance-Based Earthquake Engineering (PBEE) process.
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CHAPTER 2: BRIDGE MODELING
2.1 ABUTMENT EXTERIOR SHEAR KEY
Shear key modeling techniques presented here are based on the experimental program conducted by
Megally et al. (2001). In the said study, ten prototype abutments were built at 1:2.5 scale and tested.
The experiments were classified into 5 categories based on the amount and location of vertical
reinforcement, existence of construction joints, and the type of horizontal reinforcement at the top of
the stem-wall (i.e., either pre-stressing steel or regular hanger bars). The test results demonstrated that
an exterior shear key failure could occur with two different mechanisms: (i) sliding shear friction, and
(ii) diagonal tension. The type of shear key behavior depends on reinforcement detailing and the
construction joint between the shear key and the stem-wall (see Figure 2.1). Typically, the maximum
transmitted shear force along the horizontal crack at the shear key interface with the stem-wall can be
estimated for isolated shear keys. This failure mechanism does not engage the stem-wall’s
reinforcements and limits the damage at the interface of the shear key and stem-wall. In this form, the
shear key behaves as a brittle element; after reaching the maximum strength, the shear key resistance
drops due to breakage of the bond and yielding of the vertical reinforcements that connect the shear
key to the stem-wall at the construction joint. Experimental results by Megally et al. (2001) further
indicated the location and the amount of the vertical reinforcement, as well as the type of the horizontal
bar (prestressed vs. regular reinforcement) at the top of the stem-wall can also alter the behavior of
shear keys.
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Figure 2.1. Shear key details based on Caltrans SDC 1.7: (a) brittle shear key, (b) ductile shear
key

2.1.1 Brittle shear key
Different equations have been proposed using sliding shear model to compute shear force between
two faces (Mattock, 1974; Walraven et al., 1987; Caltrans, 1993a; Megally et al., 2001). Megally
et al. (2001) and Bozorgzade et al. (2004, 2006) defined the nominal capacity of brittle shear keys
based on the sliding shear friction mechanism as shown in Eq. (2.1), which predicts the shear key
capacity with a construction joint and lumped vertical reinforcements near to centerline of a shear
key (see Figure 2.2).
!" #

(2.1)

α

Angle of kinking

β

Angel of inclined face of shear key

µf

Kinematic coefficient of friction for
concrete

Avf

Area of vertical reinforcement

fsu

Ultimate tensile strength of reinforcing
steel

Figure 2.2. Sliding shear failure mechanism and parameters
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Figure 2.3 shows macroelement models for the two shear key types (ductile and brittle) and
their generic force-deformation backbone curves. In the present study, a tri-linear backbone curve is
proposed to represent the constitutive model of a brittle shear key. Given that there is a small gap
between the shear key and the deck, which is usually filled with expanded polystyrene, it is assumed
that the deck impact load on the shear key is negligible. The initial stiffness of this backbone curve is
the summation of the shear and flexural responses of a concrete cantilever with the shear key
dimensions. The stiffness of the hardening part is assumed to be between 0.5% and 2.5% of the initial
stiffness, which depends on the type of construction joint (i.e., smooth or rough), and the softening part
of the backbone curve is assumed to be equal to 2.5% of the initial stiffness (Aviram et al., 2008). The
maximum capacity of the shear key in sliding shear friction mechanism can be estimated based on the
shear key properties (see Eq. 1, Bozorgzadeh et al., 2006).
Experimental results suggest that the behavior of brittle shear keys can be summarized in two
steps, as illustrated in Figure 2.3. In the first step, a horizontal crack is initiated at the interface of the
stem-wall and the shear key. This point is marked as point A in Figure 2.3. In step two, the crack
propagates horizontally, and the rebars start yielding until capacity is reached, which is marked as point
B in Figure 2.3. The breakage of the construction joint bond results in softening after point B; the
rupture of vertical reinforcements signifies point C. The brittle shear key model’s prediction are
compared in Table 2.1 with experimental data from Megally et al. (2001) for a sacrificial shear key,
which included a smooth construction joint and lumped vertical reinforcements at the center. The trilinear backbone curve for the brittle shear key can be modeled using the hysteretic material in
OpenSees (McKenna et al., 2000). Since a shear key can provide reaction in only one direction, a zero
length element with elastic no-tension material (denoted as ENT) is attached to the inelastic spring (see
Figure 2.3).
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Figure 2.3. Shear key models: (a) ductile, (b) brittle
Table 2.1. Experimental results versus Analytical Results from OpenSees for Brittle Shear Key
Force
(kips)
Point A
(Level I)
Point B
(Level II)

Analytical
Displacement
(in.)

Experimental
Displacement
Force (kips)
(in.)

42

0.008

27

0.01

71

1.1

75

1.3

2.1.2 Ductile Shear Key
The behavior of a ductile shear key is different from a brittle shear key due to lack of construction joint,
large amounts of vertical reinforcement, and the location of vertical rebars connecting the shear key to

30

the stem-wall. Our proposed ductile shear key model backbone curve is quinque-linear1 and traces the
ductile failure mechanism, which initiates with diagonal tension failure cracks forming through the
shear key. Horizontal cracks then initiate at the interface of the shear key and the stem-wall, and
propagate until they reach the first row of the vertical reinforcement of the shear key (point A´ in Figure
2.3). As the lateral force increases and the shear key rebars yield, multiple inclined cracks propagate
toward the bottom of the stem-wall, and the contribution of concrete in resisting the lateral loads
decreases. This leads to an ultimate strength (i.e., capping point) in the shear key force-deformation
backbone curve (point B´ in Figure 2.3). Once past the capping point, the capacity of the shear key is
solely due to the contribution of the rebars’ resistance (points C´ and D´ in Figure 2.3). According to
experimental results, the strain of rebars in the stem-wall corresponds to the onset of concrete
degradation (i.e., 0.5 microstrain, which is point C´ in Figure 2.3), and fracture of reinforcement (i.e.,
0.7 microstrain, which is point D´ in Figure 3). This form of failure mechanism results in the
development of a strut-and-tie mechanism (Megally et al., 2001; Bozorgzadeh et al., 2004) for
ductile shear keys.

According to Megally et al. (2001), the shear key capacity for ductile shear keys can be
obtained from the combination of two contributions as shown in Eqs. (2.2-2.4), where
concrete and reinforcing steel contributions to shear resistance, respectively;

is the area of vertical

reinforcement crossing the interface of shear key and stem-wall; "$ is the yield strength;
of horizontal reinforcement at the top of stem-wall;
% and

and are the

is the area

is the area of stem-wall side reinforcements;

are the numbers of side reinforcements in the stem-wall (horizontal and vertical) facing the

inclined crack; d is the depth of shear key; b is the width of the stem-wall; and h is the stem-wall height.

1

Quinque is a combining form of number 5.
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The macroelement model for a ductile shear key is obtained by incorporating the contribution
of reinforcing steel using the modified Ibarra-Medina-Krawinkler deterioration model with bilinear
hysteretic response (Bilin) material model in OpenSees; concrete contribution is modeled using
concrete02. Because concrete is activated after the initiation of horizontal cracks at the shear key
to stem-wall interface, which results in the formation of tensile stresses in the first row of vertical
reinforcements, the gap between these two materials is simulated using the elastic-perfectly-plastic gap
material (EPPG) with high stiffness to eliminate the effect of gap on the initial stiffness of
concrete02 material (see Figure 2.3). The magnitudes of force and displacement at each step were
computed based on the equations proposed in Megally et al. (2001). In order to validate the
macroelement, a typical Caltrans shear key with ductile behavior that had been tested by Megally et
al. (2001) was considered. Table 2.2 displays the measured responses and those predicted by the
macroelement model.
Table 2.2. Experimental Results versus Analytical Results from OpenSees for Ductile Shear Key
Analytical
Force
Displacement
(kips)
(in.)
Point A´
(Level I)
Point B´
(Level II)
Point C´
(Level III)

Experimental
Force (kips)

Displacement
(in.)

234

0.18

230

0.14

316

1.5

320

1.22

223

2.66

240

2.4
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2.2 DECK, BEARINGS, AND ABUTMENT VERTICAL RESISTANCE
Bridge decks transfer loads from the moving traffic to the major load-carrying members such as
girders, columns, and foundation. According to the Caltrans guideline (SDC 1.7) the bridge
superstructure, which consist of deck and cap bent, requires to remain elastic. Therefore, bridge
decks are modeled using elastic beam elements i.e. elasticBeamColumn per each span. The
lumped mass including rotational mass assigned to each elastic beam element to capture accurate
behavior of deck in dynamic analysis.

Stiffness in the vertical direction is modeled using two springs connected in series with stiffness
values that are consistent with the vertical stiffness of bearings and the bridge stem-wall (Kaviani et
al., 2012). The original bridge drawings show that elastomeric bearings are designed for each abutment
to provide a link between the superstructure and the substructure. However, the PTFE/elastomeric
bearings in this study are designed for both bridges based on a 1994 Caltrans Memo for Designers (
section 7.1), assuming a total thickness of 5.9 in (0.15 m), stiffness of 800 kips/in (143×103 kN/m), for
both bridges, and dimensions 16 in×20 in (0.4m×0.5m) for Bridge A, and 16 in×24 (0.4m×0.6m) in
for Bridge B (see Chapter 4). The PTFE sliding-bearing is, by definition, a bearing that carries the
vertical load through contact stresses between each PTFE sheet, or woven fabricant; and its mating
surface permits movements by sliding of the PTFE over the mating surface (AASHTO, 2007).
Generally, PTFE/elastomeric bearings have five components: (1) sole plate, (2) PTFE disk, (3)
intermediate plate, (4) elastomeric bearing pad, and (5) masonry plate. Because of the small value
of the friction coefficient for PTFE/elastomeric bearings Caltrans Guideline (SDC 1.7), it is assumed
that bearings are frictionless in this study, and thus they do not provide any resistance in the transverse
direction.
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2.3 BACKFILL PASSIVE RESISTANCE
Many of high way bridges in California are classified as seat-type abutment bridges. In this type
of bridge, the bridge deck in placed on abutment bearings and columns. Seismic performance of
this type of bridge is significantly affected by the interaction between the backfill soil and the
structure in longitudinal direction. In this study, the effect of backfill soil on bridge behavior is
addressed by two different methods: 1) idealized bilinear elastic-perfectly-plastic forcedeformation relationship suggested by the Caltrans guideline (SDC 1.7), and 2) Generalized
hyperbolic force-deformation (GHFD) model (Khalili_Tehrani et al., 2010). These two methods
and their features are explained in the following sections.

2.3.1 Idealized Bilinear Elastic-Perfectly-Plastic Force-Deformation
Passive response of backfill soil mostly is modeled with an idealized bilinear elasticperfectly-plastic force-deformation relationship, which is suggested by the Caltrans guideline
(SDC 1.7). The stiffness of bilinear demand model incorporates a realistic value for the
embankment fill response, which provided by geotechnical engineers. This force-deformation also
accounts for expansion gaps between the deck and back wall. The force-deformation behavior is
developed based on passive earth pressure tests and the force deflection results from full-scale
testing of a 5.5 ft (1.7 m) high abutment at UC Davis (Maroney, 1995), and UCLA (Stewart et al.,
2007) and idealized by Shamsabadi et al. (2007). However, this relationship covers the type of
soils suggested by current Caltrans guideline (SDC 1.7), with minor adjustment to the initial
stiffness of the bilinear backbone curve when the backfill properties are not in agreement with
Caltrans Standard Specifications requirements. The initial stiffness Kabut, and the passive pressure
force resisting the movement at the abutment, Pbw, for back fill material meeting the requirements
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of Caltrans Standard Specifications is estimated as shown in Eqs. 2.5-2.8 (see Figure 2.4). The 5
ksf (239 kpa) passive pressure represents the maximum static force which is obtained from the full
scale abutment testing performed by Stewart et al. 2007.
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Figure 2.4. Abutment Stiffness in longitudinal direction (Caltrans Guideline, SDC 1.7)
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Caltrans Standard Specifications (Caltrans, 1999a) requirements for back fill soil of
ordinary bridges include degradation requirements, and 95% relative compaction requirement.
Soils with high clay content that meet the above requirements, therefore, could also be used as
abutment backfills. This may result in poor performance of some abutments, such as heaving and
cracking of pavement overlying the backfill. Base on the abovementioned shortcomings, additional
requirements are added in the project special provisions by Caltrans. These additional requirements
are: 1) The materials behind the abutment wall should be low-expansive soil with an Expansion
Index (EI) of less than 50 as determined per ASTM D-4829, 2) The backfill materials should have
a Sand Equivalent of more than 20 determined per Caltrans Test Method 217 (Earth Mechanics
Inc., 2005). Although these additional requirements modify the backfill from soil with high clay
content to the predominantly sandy soil, there are still backfill soils that do not meet the criteria
and, hence, cannot be simulated with the single force-deformation relationship recommended by
Caltrans guideline (SDC 1.7). Next section explains the generalized hyperbolic force deformation
(Khalili-Tehrani et al., 2010) as an alternative that can be utilized for different type of backfill
soils.

2.3.2 Generalized Hyperbolic Force-Deformation (GHFD) Model
There are several methods (e.g. Columb, 1776; Rankine, 1857; Terzaghi, 1943 and Terzaghi et al.
1996) that describe the failure surface of soil and estimate passive pressure of earth against
retaining walls. In Columb and Rankine theories, it is assumed that the failure surface is planar.
However, Terzaghi (1943) proposed that the failure surface is the combination of curved and
straight parts (Log Spriral method), which is more realistic. Based on this theory, Duncan and
Chang (1970) introduced the hyperbolic constitutive model. Shamsabadi et al. (2005, 2007 and
2009) modified the hyperbolic model and presented a method that develops logarithmic spiral
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failure surface and Hyperbolic Force-Displacement (HFD) model for the longitudinal response of
near-field abutment backfill soil without trial and error procedure. The Generalized Hyperbolic
Force-Deformation (GHFD) model utilized for modeling backfill passive resistance is based on
the Hyperbolic Force-Deformation (HFD), which developed by Duncan and Mokwa (2001), and
the Log-Spiral Hyperbolic (LSH) (Shamsabadi et al., 2005; Shamsabadi et al., 2007) models. As
mentioned before, both HFD and LSH models were developed assuming a log-spiral soil failure
surface (Terzghi, 1943; Terzaghi et al., 1996) and asserting that the passive resistance of soil is a
function of its deflection. While the HFD model provides a closed-form force-deflection
formulation that is parameterized in terms of backfill initial stiffness and ultimate passive
resistance, the LSH model utilizes a limit equilibrium hypothesis to establish intermediate and final
failure surfaces within the soil under passive pressure. This model, which has been validated with
data from full-scale tests on both granular and cohesive backfills (Shamsabadi et al., 2005;
Shamsabadi et al., 2007), can also quantify the amount of lateral deformation and passive
resistance of soil associated with the mobilization of each surface. In 2010, Shamsabadi et al.
employed the LSH model, test data, and three-dimensional backfill models, to calibrate empirical
HFD relationships for two specific types of cohesive and granular backfills. Khalili-Tehrani et al.
(2010) utilized the LSH model in an extensive parametric studies to further generalize the HFD
relationship for predicting the response of a wide array of backfills by parameterizing HFD
relationship in terms of material properties of the backfill soil, namely, cohesion (denoted as c),
friction angle (denoted as ϕ), unit weight (denoted a s γ), strain corresponding to 50% ultimate
stress (denoted as ε50), backwall-soil friction angle (denoted as δ), and soil failure ratio (denoted
as Rf), which is the ratio of deviatoric stress at failure to the theoretical ultimate deviatoric stress
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of soil. Moreover, a simple analytical equations, which is suitable for engineers in practice,
developed based on experimental data as bellow,
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Where F and y are abutment passive resistance and deflection, respectively, and Z

ratio of actual height of abutment backwall to the reference height of 3.28 in (1 m). The
relationships suggested by Khalili-Tehrani et al. (2010) for the rest of the parameters in Eq. (2.9)
follow as,
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Current Caltrans specification (SDC 1.7) provides a single force-deformation for all types
of backfill soils. In this research, the effect of different types of backfill soil, which exist based on
the available data (Earth Mechanics Inc., 2005), on bridge responses are evaluated. We utilize the
generalized hyperbolic Force Deformation (GHFD) model, and compared seismic response
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obtained from such sophisticated models with models base on Caltrans Guideline (SDC 1.7). In
both cases, force-deformation relationships, representing abutment response, are assigned to the
nonlinear compression-only soil springs, and placed normal to abutment backwall.

In 2005, Earth Mechanics Inc. conducted experimental tests in two phases to provide data
to establish types of abutment soil backfill that have been used in California highway bridges.
Based on that report, four types of backfill soil has been identified for California highway bridge
including: (1) Dense to very dense sand with gravel, (2) Medium dense silty sands, some with
gravel, (3) Medium dense clayey sands, some with gravel, and (4) Stiff-hard clays with fine to
coarse-grained sands, some with silts. Table 2.3 shows some of the parameters of the 4 types of
backfill soil in California which is investigated the abovementioned experimental study (Earth
Mechanics Inc., 2005).

Table 2. 3. Experimental Results versus Analytical Results from OpenSees for Ductile Shear Key
Category*

Number of
Bridges*

I

2

II

9

III

4

IV

5

ρd*
kips/ ft3

W*

γ
kips/ ft3

ϕ*

c*
kips/ft2

(kN/m3)
0.12
(18.9)
0.10-0.12
(16.5-18.9)
0.113-0.114
(17.8-17.9)
0.089-0.115
(14.1-18.2)

(%)
3-6

(kN/m3)
0.123
(19.4)
0.110
(17.3)
0.121
(19)
0.091
(14.3)

(deg)
38

(kPa)
(0)

33

0.5
(24)
2
(96)
3.5
(168)

5-14
7-15
14-29

23
6

ε50

Rf

0.0035

0.96

0.0035

0.96

0.0035

0.96

0.007

0.96

*Earth Mechanics Inc. 2005.

The values listed for ϕ and c are typical properties of compacted soil samples from each
backfill category (Earth Mechanics, Inc., 2005). The values listed for ϕ and c are typical properties
of compacted soil samples from each backfill category. However, not all properties that are needed
for LSH and GHFD methods are provided in the report. Phase relationships are used to determine
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the total unit weight (γ) from the lower bounds of measured field dry density (ρd) and moisture
content (w). The backwall-backfill interface friction angle,δ, has been set to two-third of the soil
internal friction angle per recommendations of Shamsabadi et al. (2005,2007). Since ε50 and Rf are
also not available from laboratory test results, their value are chosen according to
recommendations of the same reference, which is 0.96 for Rf, and 0.0035 and 0.007 for sand
(Categories I to III) and clay (Category IV) backfills, respectively. Figure 2.6 illustrates the forcedeformation of these 4 types of backfill soil based on two different methods including GHFD, and
SDC1.7.

(a)

(b)

(c)

(d)

Figure 2.5. LSH intermediate and ultimate log-spiral failure surfaces for (a) Category I, (b)
Category II, (c) Category III, and (d) Category IV backfills (1 m=39.37 in).
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Passive Resistance (kN/m)

Figure 2.6. Backfill Passive resistance of a unit width of a 1.9m-high abutment for SDC 1.7, and
GHFD model (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in)
In this study, the backfill passive resistance is modeled with five hyperbolic equally spaced
springs that are distributed over the length of backwall and are placed perpendicular to the
backwall. The bilinear force-deformation recommended by SDC 1.7 and the nonlinear relationship
given by GHFD formulation are both adopted for modeling the longitudinal passive response of
backfill. In both cases, the gap between backwall and deck is integrated into the force-deformation
models by shifting the backbone with an amount equal to the gap. For the skewed abutment the
stiffness and strength of these springs are slightly different from each other depends on their
location with respect to the obtuse or acute corner of backwall. In this study three methods (see
section 2.3.3 and 2.3.4) are adopted and compared to assess the effect of skewed abutment on the
bridge response.

2.3.3 Backfill with Non-uniformly Reduced GHFD Passive Resistance
A skew in the abutment alignment generally introduces a reduction in the passive lateral resistance
of the abutment backfill. This accounts for the decrease in the available volume of soil to be
41

mobilized from the obtuse corner to the acute one. Three approaches are adopted in the present
study to incorporate the reduction effect of bridge skew angle on backfill passive pressure.

In the first approach, which is develop by Kaviani et al. (2012) (Linear model), it is
assumed that the stiffness and ultimate strength of the backfill springs were varied linearly over
the entire width of the backwall between the obtuse (OBT) and acute (ACT) corners. The upper
and lower bounds of the coefficient (maximum and minimum stiffness) of linear variation are
defined as 1±β where, for the bridge skew angle α, β is evaluated using the Eq. (2.14). This
equation assumes that the maximum stiffness or strength variation occurs for the largest skew
angle (60°), which is equal to 30%. In this study, the method applied only for the soil type II.

]

0.3 ×

nop

nop ygz

(2.14)

The second approach (Omrani et al., 2015), which is the extended model of that proposed
by Kaviani et al. (2012), assumes that if the perpendicular length of backfill is less than the length
of the ultimate failure surface, Lu, the passive resistance of backfill needs to be reduced at that
coordinate(see Figure 2.7). As mentioned before, in this study, 4 types of backfill soil are
considered as shown in Figures 2.5 and 2.6. Since the length of the ultimate failure surface at the
ground level is different for the abovementioned types of soil and decreases as moving from soil
type I to soil type IV backfills (i.e., granular to cohesive soil), the larger reduction for granular
backfill soil due to skew angle of abutment compare to cohesive soil is expected.
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Figure 2.7. Linear variation of backfill passive pressure from Obtuse to acute corner at the
abutment
For all 4 types of backfill and at all skew angles (except Category I at the 60-degree skew
angle), the reduced-resistance width, Wt, is within the tributary width of backfill for the first
hyperbolic spring located near the acute corner (i.e., Wr / Wt ≤ 1). The ratio of Wr to Wt, in the two
specimen bridges and for an assumed arrangement of five backfill springs along the width of
backwall is provided for the four backfill Categories in Chapter 4.

2.3.4 Backfill with Uniformly Reduced GHFD Passive Resistance
Rollins and Jesse (2012), and Marsh et al. (2013) investigated the effect of skew angled abutments
on backfill resistance in laboratory and large-scale field testing. They looked into dense compacted
sandy soil (poorly graded sand, φ ~ 40°, c = 4.6 kPa). The test results illustrate that passive
resistance of the backfill soil reduces as the abutment skew angle increases compared to straight
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abutments. They proposed a passive resistance reduction factor (R) as a quadratic function of skew

angle (α) as given in Eqs. 2.15 and 2.16, where { |PR is the passive resistance of the same backfill

for the projected (non-skewed) length of backwall, and 8 is the abutment skew angle. In this study,

the reduction factor given by Eq. 2.15 is applied uniformly to the distributed backfill hyperbolic
springs in Category II backfills, whose geotechnical properties comply with those of the tested

backfills (see Figure 2.8).
}

|PR

{ |PR
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× 8 − 0.018 × 8 + 1
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(2.16)

External Shear Key

Skew angle

θ

GHFD model (KhaliliTehrani et al .2010)

Uniform Springs

Non-uniform Springs

a)

b)

Figure 2.8. Plan View of Abutment Backfill Modeling: (a) Uniform Distributed Springs, (b)
Non-uniform Distributed Springs.

2.4 COLUMN-BENT MODELING
Beam-column members are usually modeled using one of the following two approaches: 1)
concentrated or lumped plasticity and 2) distributed plasticity. In the first technique, nonlinear
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behavior can be captured along the estimated plastic hinge length LP, which is located at the ends
of the linear-elastic region (Figure 2.9). This model is implemented in OpenSees (McKenna et al.
2001) as beamWithHinges and updated by modified Gauss-Radau Integration (Scott and
Fenves, 2006). In the second group, which is based on the displacement- or force-based
formulation, nonlinearity can be distributed along the beam element. This model is implemented
in

OpenSees

as

dispBeamColumn

or

forceBeamColumn.

Generally,

the

forceBeamColumn uses the standard Gauss-Labatto integration method. The advantage of the
Guass-Lobatto integration method is that it allows the distribution of plasticity along the element
length. In the case of hardening section behavior, the computed element response will converge to
a unique solution by increasing the number of integration points. However, for softening section
behavior, such as concrete reinforcement column, the formation of localized deformations at the
single integration point does not results in a unique solution Therefore, the element response will
change as a function of Number of Integration Point (NIP) (Scott and Fenves, 2006). This problem
has been addressed by Coleman and Spacone (2001) and modified using plastic hinge integration
method. The modified version of the forceBeamColumn is implemented in OpenSees
(McKenna et al. 2001).

In this research, we used beamWithHinges, with two plastic regions at two ends of
element and an elastic linear region at the center of the element. Concrete01 and
ReinforcingSteel are used at the two ends. Plastic hinge length, p, is calculated based

Caltrans Guideline (SDC 1.7) as given in Eq. 2.17, where H is the column height, "$ in the yield

strength of rebar, and D is column diameter. Figure 2.9 shows lumped plasticity column modeling
and the moment-column drift relationship for a single column with the height of 22 ft (6.7 m) using
the beamWithHinges element.
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Figure 2.9. Lumped plasticity model of column
In the absence of deep foundation elements or soil-structure interaction effects from the
analytical model of a bridge, the boundary condition at the base of the column is assumed to be
fixed in a single-column bent, based on stability considerations. In a multi-column bents, however,
the base condition can be decided based on the condition of the foundation soil. Once deep
foundation elements are included in the model, base fixity condition can be decided according to
the Caltrans Guideline (SDC 1.7) regarding the footing reinforcement. In general, termination of
the column shear reinforcement at the top of footing results in hinged connection at the base. In
other words, the column hoops or spirals need to be extended into the footing in order for the
connection to be considered as a rigid connection. In this study, for one of the selected bridge with
two-column bent, both pinned and fixed column-to-pile-cap have been considered in the
parametric studies, to assess the effect of footing connection on the seismic demand and
performance of superstructure and deep foundation elements.
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2.5 DEEP FOUNDATION
2.5.2 Nonlinear Winkler Foundation
The theory of beam on nonlinear Winkler foundation, which represents dynamic p-y method, is
considerably less complex than 3D finite element modeling of the pile and soil continuum and also
more accurate than simplified models (e.g, lumped springs) used for the dynamic analysis of pile.
This method assumes that the passive resistance of soil can be modeled with a series of discrete
nonlinear springs known as p-y springs. The backbone curve of each p-y spring is a function of the
depth below the surface and is defined due to the relationships recommended by the American
Petroleum Institute (API 2000) for clay (Matlock, 1970; Rees and Cox, 1975) and sand (O'Neill
and Murchinson, 1983). A pair of orthogonal p-y springs at each node along the depth of the pile
provides support in the horizontal directions and is supposed to mimic the passive pressure of soil
in the planes normal to the axis of the pile. Similarly, skin friction effects are modeled with a series
of tangential nonlinear springs referred to as t-z springs. A single nonlinear spring (q-z spring) at
the tip of the pile models end bearing. In addition to the soil geotechnical properties and overburden
pressured, pile diameter is another parameter that is involved in determining the characteristics of
p-y backbone at a specific depth. Therefore, an equivalent diameter has been adopted for the Hpile for one of the bridge specimens (see Chapter 4). The equivalent diameter of the steel HP piles
has been calculated by equating the gross cross-sectional area of the steel HP pile, the flange width
and depth, to an equivalent circular area (Seo et al., 2009).

In order to capture near-field and far-field soil-pile interaction effects such as gapping,
drag, and radiation damping, the microelement developed by Boulanger et al. (1999) is adopted in
this project. The macroelement, which is shown in Figure 2.10, consists of a closure and a gap
element placed in parallel with each other that simulate loss of passive soil pressure throughout
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gapping, and friction forces incurred as the pile moves in the gap. This combination, a plastic
spring, and an elastic spring have been placed in series in the aforementioned macroelement. The
backbone of the plastic and elastic spring together follows Matlock and API p-y curves. The effects
of radiation damping can be taken into account in the form of equivalent viscous damping and by
placing a dashpot parallel with the linear spring. However, this coefficient has been set to zero in
the current study, and all damping phenomena are modeled through Rayleigh damping and by
assigning 5% modal damping to the first and second modes of vibration.

Figure 2.10. Characteristics of Nonlinear P-y element (Boulanger et al., 1999).

The disturbance of soil surrounding each pile by the motion of the neighboring piles,
which is identified as shadowing effect, results in reduction of resistance of a pile group. In general,
shadowing effect is expected when the center-to-center spacing of piles is around or less than 5
times the diameter of the piles in the group. The shadowing effect can be taken into account either
by reducing the overall capacity of the pile group through the application of a group efficiency
factor, or by reducing the ultimate resistance in the p-y curve of each pile through the application
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of p-multipliers. In this study, the second approach is employed by applying the p-multipliers to
p-y elements for each pile. In general, the larger p-multipliers is taken into account for leading row
of piles due to the least amount of disturbance. In contrast, the shadowing effects become more
prominent in the trailing rows of piles. In the current study, the weighted average of the pmultipliers of the leading and trailing rows has been used (Brown et al. 2001). The p-multiplier for
each row is derived based on the empirical relationships suggested by Rollins et al. (2006). The
weighted average p-multipliers used for the two specimen bridges is provide in Chapter 4.

2.5.3 Pile-cap Model
Based on the study conducted by Kornkasem (2001), use of shell elements for modeling pile caps
is a computationally effective alternative to the use of solid elements. Therefore, pile caps in the
current study have been modeled with a grid of shell elements. It is expected that the relatively
thick shell elements mimic the response of the pile-cap as a rigid body. Therefore, no specific
criterion was used for selecting the mesh size and the mesh grid is generated based on the pile
group configuration (i.e., the nodes of the shell elements collocate with the pile heads).

a)

b)

Figure 2.11. Pile-to-Cap Connection Details: a) Fixed Connection, b) Pinned Connection ( Silvia
and Seible, 2001)
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Pile to pile-cap connection modeling as an important phenomena has effects on transferring
moment and shear into the soil during the earthquake. Figure 2.11 illustrates standard pile to pilecap connection detailing for CIDH piles. Previous study (Richards et al., 2011) on the connection
of pile to reinforcement concrete cap show that not only the steel reinforcement that extends into
the pile-cap can provide fixed connection but also a connection with adequate embedment shows
considerable flexural capacity. Richards et al. (2011) tested four full-scaled reinforced concrete
circular piles with different embedment lengths. They concluded that pile to pile-cap connection
that is usually assumed to behave as pinned (Figure 2.11b) connection show considerable flexural
capacity similar to a “fixed” connection.

In the case of steel pile (such as H Pile) and according to the current design standard and
engineering practice in the western US (Xiao, Y., 2003, and Xiao, Y. et al., 2006), the connection
of steel pile-to-pile cap with conventional v-bar is designed as a pinned connection. However,
previous studies on the connection of steel pile to reinforcement concrete cap have shown that such
a boundary connection is invalid. Marcakis and Mitchell (1980) introduced an equation based on
experiments for the flexural capacity of steel-to-concrete connection in terms of embedment
length. Xiao et al. (2006, 2013) has performed experiments with five full-scale steel H-piles with
a shallow embedment and conventional V-bar connection details (Figure 2.12). They concluded
that V-bar connections cannot develop the design ultimate tensile strength required to develop
significant moment resistance at the pile to pile-cap connection, however, significant moment
resistance can be developed based on the embedment of pile in the pile cap. Based on details
obtained from drawings, fixed pile-to-pile-cap connections have been assumed in both bridges in
this study.
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Figure 2.12.Typical Details of HP-steel Pile-to-Cap connection (Xiao et al., 2006).

2.6 PROBABILISTIC MODELING OF CHLORIDE-INDUCED CORROSION
2.6.1 Uncertainty in Corrosion Modeling
Corrosion can be described as the deterioration of metal due to a reaction with its
environment. Chloride-induced corrosion occurs when chloride ions penetrate through the
concrete and destroy the protective thin layer of insoluble iron oxide surrounding the steel; this is
called depassivation. Typically, five major sources are recognized that increase chloride ion
concentration on the concrete surface (Rao, 2014): 1. de-icing during the winter; 2. atmospheric
chlorides in coastal weather; 3. sea-water spray in offshore locations; 4. aggregate containing
chlorides; and 5. water in concrete mixing. Most of California’s ordinary reinforced concrete (RC)
highway bridges are exposed to atmospheric chloride corrosion, which occurs in coastal weather.
Therefore, this section focuses on probabilistic estimation of the parameters that affect timedependent chloride-induced corrosion in column reinforcement under coastal weather conditions
(marine atmospheric zone). The California Amendments to AASHTO Bridge LRFD Design
Specifications 2006 defines a marine atmospheric zone as a region extending beyond the splash
zone up to 1,000 feet from the ocean or tidal water (7
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). The current study assumes that bridges

are located with the distance of 7

= 660 ft (200 m) from tidal water. Rao (2014) concluded

that changes in concrete behavior (i.e., strength reduction in concrete due to cracking) does not
affect the model’s accuracy significantly. Therefore, we use reduction of reinforcement diameter
as the only source of deterioration due to corrosion.
The multi-stage time-dependent deterioration process (Tuutii 1982) can be described in
four steps (see Figure 2.13): 1. penetration of chloride ions through the concrete; 2. depassivation
of the reinforcing steel; 3. radial cracking around the steel rebar as a result of rust formation; and
4. concrete cover cracking and spalling. The first step in estimating the reduction of reinforcement
cross-sectional area due to corrosion is to model the time to initiation of corrosion (denoted as Tint)
and corrosion rate (denoted as icorr). Tint, which follows Fick’s second law of diffusion2, depends
on four different variables: 1) surface chloride concentration (denoted as C0 in kg/m3); 2) chloride
diffusion coefficient (denoted as DC in m2/s); 3) critical chloride concentration for steel
depassivation (denoted as Ccrit in kg/ m3); and 4) thickness of the concrete cover (denoted as C in
mm). Assuming that the diffusion coefficient is constant and independent of spatial coordinates,
chloride concentration within the concrete is zero at t = 0 s and time-independent during the
exposure period, then Tint can be determined using Eq. 2.18. In this equation erf is the Gaussian
error function, which can be derived using Eq. 2.19 (Edwards 2006):
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Fick’s second law, proposed by Adolf Fick in 1855, predicts how diffusion causes the
concentration to change with time.
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(2.18)
(2.19)

Figure 2.13. Deterioration process in a reinforced concrete column

Chloride diffusion (denoted as DC) is possible either through the pore water solution in
concrete, or through cracks that may develop as a result of externally applied loads, drying
shrinkage, subsidence, or expansive stresses placed on the concrete (Weyers et al., 1994).
According to Vu and Stewart (2000), several factors, such as concrete’s water-to-cement (w/c)
ratio, relative humidity, and temperature, affect the diffusion coefficient. This study adopts the
value of DC from the study conducted by Weyers et al. (1994), which is based on results of 252
concrete specimens, including 49 California bridges. We assumed that DC is a random variable
with normal distribution (Rao, 2014) with a mean of 0.25 in2/yr (5.11 x 10-12m2/s) and a coefficient
of variation of 1.42.
Structures located in a marine atmospheric zone, which is the most common exposure
environment in California, are exposed to airborne chloride ions as a result of salt-water spray
carried inland by winds. In order to obtain the surface chloride concentration (C0) for a structure
located in a marine atmospheric zone, McGee (1999) proposed an empirical equation based on the
study of 1158 bridges in Tasmania with a coefficient of variation (COV) of 0.49 for 7
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Critical chloride concentration (Ccrit) is the minimum amount of chloride surrounding the
reinforcement that initiates depassivation of the steel. The Caltrans Corrosion Guidelines (2012)
recommend a uniform distribution 0.056 lb/ft3 (0.9 kg/m3) to 0.11 lb/ft3 (1.8 kg/m3) for Ccrit (see
Table 2.4). This study assumes that the mean and the coefficient of version of uniform distribution
are equal to 1.35 kg/m3, and 0.19 (Rao 2014), respectively.
Table 2.4. Chloride Concentration in Reinforced Concrete (California Department of
Transportation, 2012)
Chloride Concentration,
lb./ft3 (kg/m3)
0-.043 (0-0.7)
0.056- 0.11 (0.9-1.8)
> 0.11 (1.8)

Assumed Condition
Passive (no corrosion)
Corrosion initiation
Active Corrosion

Concrete cover thickness was modeled using a normal distribution, with a mean equal to
2 in (50.8 mm) with a COV equal to 0.17 (Mirza and MacGregor, 1982). Table 2.5 shows the
summary of parameters that affect Tint.
Table 2.5. Description of random variables affecting the Tint in marine atmospheric (coastal)
zone.

d¡¢o£n

parameter

mean

COVa

Distribution

C

2 in (50.8mm)

0.17

Normal*

Ccrit

0.084 lb/ft3 (1.35
kg/m3)

0.19*

Uniform

DC

5.5e-11 ft2/s
(5.11e-12 m2/s)

1.42

Normal*

C0

0.15 lb/ft3 (2.42
kg/m3)

0.49

Lognormal*

0.64*

Lognormal*

660 ft .200 m1

*Rao (2014),

a

5.08 (years)*
COV = Coefficient of Variation
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Rao (2014) estimated the distribution of Tint for 3 columns located in a splash zone and
marine atmospheric zone by generating 100,000 different samples using the Latin Hypercube
Sampling scheme (LHS) (McKay et al., 1979). Three distributions, including log-normal, gamma,
and Weibull, were tested for goodness-of-fit. The study concluded that the log-normal distribution
best fit the data. We adopt the statistical parameters for Tint from the study by Rao (2014) and based
on the random variables described in Table 2.5.
In addition to the corrosion initiation time, corrosion rate is another parameter that affects
the reduction in reinforcement diameter. After depassivation of the ultrathin film surrounding the
reinforcement, known as passive film, corrosion propagation begins. The corrosion propagation
stage depends on the current density of corrosion, denoted as icorr, which is a time- and
environmental-dependent parameter (Vu and Stewart, 2000). For instance, Liu and Weyers
(1998a) and Vu and Stewart (2000) proposed a time-dependent empirical equation that shows the
correlation between the initial corrosion and corrosion initiation time; see Eq. 2.21, where

¥¥ .11

is the corrosion rate at the start of the propagation stage that can be determined by Eq. 2.22 for an
average relative humidity of 75% and a temperature of 20oC (Vu and Stewart, 2000):
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According to Rao (2014), using Eq. 2.22 leads to estimation of unrealistically high values
of

¥¥

(i.e., higher than 10

⁄

). Hence, the lack of data needed to accurately utilize the

time-dependent model leads to an assumption that icorr is a time-independent parameter in many
studies (Ghosh and Padgett, 2010). This study determines corrosion rate based on the value
suggested by (Duracrete, 1998) for an airborne chloride exposure class with mean and COV equal
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to 2.586

⁄

and 0.66, respectively (see Table 2.6). Assuming that a reduction in

reinforcement diameter occurs uniformly, the amount of time-dependent reduction, in mm, is
determined using the following equations (Cited in Rao 2014):
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Table 2.6 Rate of corrosion suggested by Duracrete (1998)
icorr .

²³

¡´;

1

Exposure class

Mean

Wet-rarely dry 0.259

0.345

0.75

Cyclic wet-dry 1.724

2.586

0.66

Airborne chlorides

2.586

0.66

Not expected

Not expected

6.034

0.57

Submerged
Tidal zone 3.448

In order to estimate the distribution of ∆

Q.

COV

1 and its associate probabilistic parameters

(mean and COV), Monte Carlo simulation is employed to generate 10,000 outcomes based on two
random variables,

¥¥

and

, with normal and lognormal distribution, respectively.

Additionally, LHS is used by randomly selecting 40 ∆

Q

samples out of the 10,000 outcomes to

generate 40 different corrosion models to assign to a single bridge model, thereby generating 40
different bridge models capable of addressing the effect of corrosion on seismic response. Each of
the 40 bridge models is correlated with one of the 40 pulse-like ground motions. Further detail
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regarding ground motion sets used in this study is provided in the following chapter. Table 2.7 and
2.8 illustrates the probabilistic parameters for three variables

¥¥

, ∆

,

in this study.

Table 2.7. Means and coefficient of variation of

¥¥

Q.

and

Marine atmospheric zone
parameter
¥¥

Mean
2.586 .

COV
1

0.66

5.08 (year)

0.64

²³

¡´;

Table 2. 8. Means and coefficient of variation of ∆
Marine atmospheric zone

™P

Mean in (mm)

COV

25

0.05 (1.31)

0.55

50

0.12 (2.94)

0.55

75

0.18 (4.59)

0.55

100

0.24 (6.22)

0.55

(years)
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CHAPTER 3: GROUND MOTION MODELING
3.1 GROUND MOTION CHARACTERISTICS
3.1.1 Mainshock characteristics
In order to capture the influence of different bridge modeling approaches on bridges’
seismic response, this study has used a suite of 40 near-fault ground motions with strong pulselike strike-normal and strike-parallel components (Baker et al. 2011) with intercept angles varying
at 9-degree increments from 0 to 180 degrees. Two orthogonal components have been applied in
longitudinal and transverse directions simultaneously. Kaviani et al. (2012) showed that ordinary
bridges’ response to seismic excitation is extremely sensitive to the type of ground motion; nearfault ground motions induce the highest seismic effects. The period of the pulse-like motions
ranges between 1.0 seconds and 12.9 sec, with a mean of 5.5 sec. These 40 ground motions, which
are from various earthquakes with different rupture mechanisms, were selected from the Next
Generation Attenuation (NGA) database and scaled by Baker et al. (2011). Figure 3.1 shows the
response spectra for selected pulse-like records for both the strike-normal and strike-parallel
components.
3
3

Median response spectrum
Response spectra of selected records
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Figure 3.1. Response spectra for selected pulse-like records: (a) Strike Normal, (b) Strike
Parallel
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The simulation is repeated with 5 skew angles (0o, 30o, 45o, and 60o) for each intercept angle.
Therefore, a total of 105 simulations are performed per ground motion and bridge model.

3.1.2 Aftershock characteristics
By and large, the influence of aftershock in seismic response assessment has traditionally
been neglected. Aftershock events occur on a short time scale after a main event (Gardner and
Knopoff, 1974). G. L. Yeo (2005) assumed that aftershocks can be modeled by a nonhomogeneous
Poisson process. Aftershock Probabilistic Seismic Hazard Analysis (APSHA) was introduced as a
procedure, similar to mainshock Probabilistic Seismic Hazard Analysis (PSHA), to characterize
the time-dependent aftershock hazard at a site. In one of the latest studies, Yeo and Cornell (2009)
presented the probabilistic framework to quantify the aftershock hazard in California. The mean
daily aftershock rate density with moment magnitude of m between a minimum value of interest
mL following the mainshock with magnitude mm at time t can be determined by a modified version
of Omori’s law (with parameters c and p) and the Gutenberg-Richter relationship (with parameters
a and b) (Yeo and Cornell, 2009), dubbed the “Generic California Aftershock Model” (Resenberg
and Jones, 1989, 1994), as shown in Eq. 3.1. Based on the Generic California Aftershock Model:
E

−1.67,

0.91, /

1.08, and

0.05. As a result, the mean number of aftershocks with

magnitude between mL and mm that occur in the time interval [t, t+T] after the mainshock with a

magnitude of mm can be obtained using Eq. 3.2 (Yeo and Cornell, 2009). Accordingly, the mean
number of aftershocks in specific time intervals exceeding the ground motion intensity measure y
in APSHA, can be estimated using Eq. 3.3, where t is elapsed time from the occurrence of the
mainshock, T is the duration of interest to consider aftershocks (i.e., T is one year in PSHA), R is

source-to-site distance, "š is the truncated exponential probability density function of aftershock

magnitudes, "µ|· . | 1 is the conditional probability density function of the closest distance
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between the site and the plane of rupture conditioned on particular magnitude, and {.¸ > T| , 1
is the conditional probability of exceeding a particular ground motion intensity measure (denoted
as IM) given magnitude and source-to-site distance.
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Few researchers study ways to identify aftershock records from records representing the
main event (e.g., Reasenberg, 1985; Abrahamson and Silva, 2008; Baltay and Hanks, 2013;
Gardner and Knopoff, 1974; von Stiphout, 2012). According to Reasenberg (1985), each
earthquake has an interaction zone with temporal and spatial boundaries. Any subsequent event
that occurs within the interaction zone and within the abovementioned boundaries is classified as
an aftershock. Proper implementation of the aforementioned method for characterizing aftershocks
requires a dense and complete earthquake catalogue, a requirement that is hard to achieve, given
the absence of small-magnitude earthquakes in current earthquake databases). This shortcoming
results in a disconnection of clusters in space and time (Wooddell and Abrahamson, 2014). In
contrast, Gardner and Knopoff’s (1974) algorithm for identifying aftershocks is based on a
windowing (i.e., time and distance window) technique that does not require the complete database
with all the small earthquake events following a mainshock. Table 3.1 lists suggested values for
the aftershock characterizing window according to Gardner and Knopoff (1974). The disadvantage
of Gardner and Knopoff’s method for identifying aftershocks is that the earthquakes close to the
rupture plane of a large main earthquake but far from its hypocenter may not be considered as
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aftershocks. In contrast, events that occur far from the rupture plane but within the window distance
may be classified as aftershocks. In their latest study, Wooddell and Abrahamson (2014) present a
new classification method considering a new distance window within a time window as introduced
by the Gardner and Knopoff algorithm (1974). Events are classified into two categories: Class2
earthquakes occur within or near the surface projection of the mainshock rupture plane and within
a time window suggested by the Gardner and Knopoff algorithm (1974), and the rest of the events
are assumed to be Class 1 or mainshocks. This method introduces a new distance metric, called
the centroid Joyner-Boore distance (denoted as CRJB), as the shortest distance between the centroid
of the surface projection of the rupture surface of potential Class 2 earthquakes (i.e., aftershocks)
and the surface projection of the rupture surface of the mainshock (see Figure 3.2). This research
identifies the sequence of aftershocks following each of the 40 pulse-like mainshock ground
motions based on the method presented by Wooddell and Abrahamson (2014) and using Gardner
and Knopoff’s (1974) time window method and CRJB less than the cutoff value equal to 25 miles
(40 km). Figure 3.3 shows pulse-like mainshock-aftershock sequences for the Chi-Chi (1999)
earthquake.

Figure 3.2. Definition of Class 1 and Class 2 earthquakes based on CRJB distance metric
(Wooddell and Abrahamson, 2014).
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Table 3.1. Window algorithm for aftershock (Gardner and Knopoff, 1974).
Earthquake Magnitude

L*

T(days)**

2.5

19.5

6

3

22.5

11.5

3.5

26

22

4

30

42

4.5

35

83

5

40

155

5.5

47

290

6

54

510

6.5

61

790

7

70

915

7.5

81

960

8

94

985

*Radial distance around the epicenter of mainshock
** Days after mainshock

Number of points (x104)

Number of points (x104)

Figure 3.3. Pulse-like mainshock aftershock sequences.
Table 3.2 shows details of the sample mainshock-aftershock sequences. This part of the
study applies strike-normal and strike-parallel components of the earthquakes in the bridge
structure’s longitudinal and transverse directions, respectively. The complete list of the
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earthquakes which are classified as Class 1 and Class 2 and adopted from the NGA-West2 database
is shown in Appendix A.
Table 3.2. Characteristics of mainshock/aftershock sequences for Chi-Chi,Taiwan (1999) (NGAWest 2, 2015).
NGA Record
Sequence
Number
1492

Earthquake Name

Year

Month/Day

Hour/Minute

Earthquake
Magnitude

Class

Chi-Chi, Taiwan

1999

09/20

-

7.62

1

2372

Chi-Chi, Taiwan-02

1999

09/20

17:57

5.90

2

2608

Chi-Chi, Taiwan-03

1999

09/20

18:03

6.2

2

2858

Chi-Chi, Taiwan-04

1999

09/20

21:46

6.2

2

3178

Chi-Chi, Taiwan-05

1999

09/22

00:14

6.2

2

3459

Chi-Chi, Taiwan-06

1999

09/25

23:52

6.3

2

3.1.3 Site Response Analysis
The influence of local soil conditions on characteristics of strong ground motions (i.e.,
amplification, alteration of frequency content and duration), and earthquake damage has been
known for many years (i.e., Schnabel et al., 1972; Seed et al., 1994; Choi and Stewart, 2005;
Hashash et al., 2001; Park and Hashash, 2004; Silva 2005). Site Response Analysis is a
methodology that can be used to predict seismic motions within different soil layers. We used the
Equivalent Linear (EQL) method (Seed and Idriss, 1969) as a technique to implement Site
Response Analysis required for this study. EQL method is a one-dimensional technique that is
common in engineering practice. It is used to capture a local site’s influence on surface input
motions. The ELQ is an iterative process that approximates the nonlinear hysteretic stress-strain
behavior of each soil layer subjected to cyclic loads. This method assumes that soil is a nonlinear
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material such that its strain-dependent nonlinear properties—shear modulus (denoted as G) and
viscous damping ratio (denoted as ξ)—vary with shear strain. Each soil layer’s nonlinear behavior
is estimated by modifying the soil layer’s linear elastic properties according to the soil effective
shear strain (typically 65% of the maximum shear strain) at each layer using an iterative process.
A strain transfer function and Fourier amplitude spectrum (Kottke and Rathje, 2009) are used to
compute the maximum shear strain at the middle of each layer based on the surface or outcropping
input motion by converting the acceleration into strain. The iterative process of EQL (see Figure
3.5) is summarized in the following (Kramer 1996; Kottke and Rathje, 2009):

1. Perform an initial estimation of soil shear modulus G and damping ratio ξ for each soil
layer by assuming small strains.
2. Calculate the wave amplitude and strain transfer function (TF) for each layer.
3. Use the initial values, transfer function, and Fourier amplitude spectrum to derive each
layer’s time history of shear strain.

4. Compute each layer’s effective shear strain (denoted as iP!! ) based on the maximum shear
strain (denoted as iš Á ) obtained from the shear strain time history in step 3.

5. Compute new values of G and ξ for each layer based on new iP!! using shear modulus and
damping curves for different soil layers, shown in Figure 3.4.

6. Repeat steps 4-6 until similar values of G and ξ are obtained with respect to the previous
step.

This study generates horizontal components of motion of soil at various depths by deconvoluting
the surface motion using SHAKE91 (Idriss and Joseph,1993) to the depth of the pile tip, and
imposes the displacement of each soil layer at the free ends of the orthogonal p-y macro-elements.
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Figure 3.4. Soil damping and modulus degradation curves for cohesive and cohesionless soils
(EPRI, 1993)
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Figure 3.5. Iterative process of equivalent-liner method occurs at each soil layer
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CHAPTER 4: SENSITIVITY OF RESPONSE OF BRIDGES TO
VARIABILITY IN MODELING PARAMETERS
4.1 SUMMARY OF SELECTED BRIDGE GEOMETRICAL
CHARACTERISTICS AND MATERIAL PROPERTIES
The seismic analysis of two typical Caltrans ordinary bridges (built in 2001) with box-girder
prestressed reinforced concrete deck and seat-type abutments is performed using threedimensional (3D) analytical finite element models in OpenSees (McKenna and Fenves, 2001).
These two bridges are: 1) The Jack Tone Road Overcrossing (identification number 10-SJ-0992.34-RIP) was built in 2001 with two spans of 108.58 ft (33.11 m) and 111.82 ft (34.1 m) supported
on a single column with the height of 22ft (6.7 m)(Bridge A), and 2) the La Veta Avenue
Overcrossing (identification number 12-ORA-055-13.2-TUS) was built in 2001 with two spans of
154.82 ft (47.2 m) and 144.98 ft (44.2 m) supported on two-column bent with the height of 22ft
(6.7 m) (bridge B). A group of 25 driven pile per-column (i.e., 12in x 12 in x 53 lb/ft H-piles) with
the height of 36 ft (11 m) in bridge A and two groups of 20 piles per-column (i.e., 24 in diameter
cast-in-drilled-hole (CIDH)) with the height of 39ft (12 m) in bridge B provide deep foundation
support to the bent columns. Figure 4.1 shows the stick model of two bridges, which are modeled
in OpenSees. The comprehensive characteristics and geometry of two bridges are provided in table
4.1, and 4.2.
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Figure 4.1. Bridge Stick Model for two Caltrans Ordinary Bridges
Table 4.1. Bridge A and B characteristics from NBI * database
NBI Data Item
Structure number
Features intersected

Bridge A
290320
STATE ROUTE 99

Bridge B
550938
ROUTE 55

Facility arterial by structure
Lane on/under
structure

Jack Tone Road
107
[1 lane on,
7 lanes under]

La Veta Avenue OC
414
[4 lanes on,
14 lanes under]

Toll
Year Built
Nominal approach roadway
width
Abutment skew angle
Type of service

3-Toll-free
2001
551 ft (168 m)

3-Toll-free
2001
637 ft (194 m)

33o
11
[Highway on bridge,
highway w/wo
pedestrian under bridge]

0o
51 [Highway-pedestrian on
bridge, highway w/wo
pedestrian under bridge]

Number of span in main unit
2
Deck structure type
Concrete-cast-in-place
*The definition in the brackets are based on FHWA-PD-96-001(1195)

2
Concrete-cast-in-place

Table 4. 2. Structural properties for bridge A and B (Kavianijopari, 2011)
Description
Parameters
General bridge description

Bridge A
Ordinary standard singlecolumn bent bridge with 2
spans
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Bridge B
Ordinary standard multicolumn bent bridge with 2
spans

Total length of bridge

220.4 ft (67.2)

299.8 ft (91.4 m)

2 spans: 108.58 ft (33.105 m)
and 111.82 ft (34.095 m)

2 spans: 154.82 ft (47.2 m)
and 144.98 ft (44.2 m)

Total deck width

27.13 ft (8.27 m)

75.5 ft (23 m)

Deck depth

4.64 ft (1.415 m)

6.23 ft (1.9 m)

Number of spans and length of each
deck span

A= 97.546 ft (9.067 m );
J= 341.442 ft4 (2.954 m4);
Ix= 180.328 ft4 (1.558 m4);
Iy= 3797.9 ft4 (32.81 m4); Avx=
18.92 ft2 (1.759 m2);
Avy=
27.584 ft4 (2.564 m2); Sx=
83.35 ft3 (2.362 m3);
Zx=
115.143 ft3 (3.263 m3); Sy=
279.97 ft3 (7.934 m3);
Zy=
521.832 ft3 (14.788 m3)
1 column: 19.68 ft (6 m)

A=129.13 ft2 (12.0 m2);
J=2532 ft4 (21.88 m4);
Ix= 791.76 ft4 (6.84 m4);
Iy= 58352 ft4 (504.2 m4)
Avx=33.18 ft2 (3.08 m2);
Avy=78.66 ft2 (7.31 m2)
Sx=254.18 ft3 (7.2 m3);
Zx=367.62 ft3 (10.418 m3);
Sy=1432.8 ft3 (40.6 m3)
Zy=2119.36 ft3 (60.06 m3);
2 columns: 22 ft (6.7 m)

Column diameter

5.51 ft (1.68 m)

5.58 ft (1.7 m)

Location and size of expansion joints

No expansion joints specified

No expansion joints specified

Concrete material properties for
concrete of superstructure

Abutment model

Elastic deck: f’c= 5 ksi (34.5
MPa); Ec=4030.5 ksi (27.8E3
MPa)
Concrete: f’c= 5 ksi (34.5 MPa);
Steel: ASTM A706
Longitudinal reinforcement:
44#11
Transverse reinforcement:
Spiral. #6 @3.34”
Simplified abutment

Elastic deck: f’c= 5 ksi (34.5
MPa); Ec=4030.5 ksi (27.8E3
MPa)
Concrete: f’c= 5 ksi (34.5
MPa); Steel: ASTM A706
Longitudinal reinforcement:
44#11
Transverse reinforcement:
Spiral. #4 @6”
Simplified abutment

Number and properties of abutment
bearing pads

4 elastomeric bearing pads per
abutment

elastomeric bearing pads per
abutment

Deck cross-sectional geometry

Number and clear height of each
column bent

Concrete and reinforcing material
properties of column bents
Reinforcement details of column bent
cross section

2

2

In the transverse direction at each abutment, two exterior shear keys are considered to support
transverse movement of the deck. Two different types of force-deformation (i.e., brittle and ductile
shear keys) for both bridges are developed based on the shear key geometries, reinforcement
detailing, and material properties (see Figure 4.2).

69

Figure 4.2. Exterior Shear Key: (a) Shear key monotonic force-deformation relationship,
(b)Typical hysteretic force-deformation relationship, (c) Bridge B, (d) Bridge A.
Table 4.3 shows the material and geometry parameters that are utilized to generate the backbone
curves for two different shear keys for bridge A and B.
Table 4.3. Summary of Geometry and Material Parameters for both type of Exterior Shear Keys
Parameter

β (Angle of inclined face of shear key
α (Angle of kinking)
μÅ (Coefficient of friction)
fÆ (Yield strength)
fÇ (Ultimate strength)
b (Seat width)
h (Shear key height)
d(Shear key Depth)

Bridge
A
67o
37o
0.36
68 ksi
95 ksi
30 in
56 in
50 in

Bridge B
65o
37o
0.36
68 ksi
95 ksi
34 in
75 in
70 in

The shear keys in the case-study bridges were originally designed based on the ductile
shear key configuration. For the hypothetical brittle shear key configuration for these bridges, the
areas of the as built vertical rebars crossing the shear key to the stem-wall interface are computed,
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and reduced, based on Eq. 7.8.4.1A-1 of Caltrans Seismic Guideline (SDC 1.7). Bridge columns
are modeled using a lumped plasticity finite element model. In this modeling technique, nonlinear
behavior is lumped into plastic hinges, which are located at the ends of the linear elastic zone. This
model is implemented in OpenSees with beamWithHinges element model that utilizes a
modified Gauss-Radau integration rule (Scott and Fenves, 2006). The beamWithHinges
element has 6 integration points–one point per hinge and 4 points along the elastic region. The
analytical plastic hinge length, Lp, which is the equivalent length of column over which the plastic
curvature is assumed constant, is obtained using equations 7.6.2.1-1 in Caltrans Seismic Guideline
(SDC 1.7).
Nonlinear fiber sections for the plastic region of columns are discretized into steel and
concrete fibers. For steel, the ReinforcingSteel, model from the OpenSees materials library
is used, which includes the effect of Coffin-Manson fatigue and strength reduction. This model is
based on the Chang and Mander (1994) uniaxial steel model. Concrete material behavior is defined
using concrete01, which is based on the uniaxial Kent-Scott-Park (Scott et al., 1982) without
any tensile strength, and accounts for degradation of linear unloading/reloading material stiffness.
The portions of the columns that extend inside the cap beam (for Bridge B) or the deck (for Bridge
A) are modeled with rigid elastic elements. According to the Caltrans Seismic Guideline (SDC
1.7) the bridge superstructure, which consists of deck and cap-bent, is required to remain elastic,
and

therefore,

bridge

decks

are

modeled

using

10

elastic

beam

elements–i.e.

elasticBeamColumn per each span. The lumped mass that is assigned at each deck node (i.e.,
eleven deck nodes per span) includes rotational and translational mass to capture accurate behavior
of the deck in dynamic analyses. In Bridge B, which has multiple columns, the cap beams are
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modeled using 4 elastic beam elements with large torsional stiffness to mimic the true behavior
and to avoid in-plane bending.
Abutments of the case study bridges are modeled with rigid elements with lengths equal to
the superstructure widths, and are connected through rigid joints to the superstructure centerline.
To model the longitudinal response of the abutment backfill soil, 5 distributed springs in the
longitudinal direction are used. As mentioned in Chapter 2 the HyperbolicGapMaterial
element model is used to define the behavior of the soil springs, which is based on the Generalized
Hyperbolic Force-Deformation (GHFD) relationship developed by Khalili-Tehrani et al. (2010).
The inelastic soil springs were attached perpendicularly to the rigid links). A one-inch gap is
assumed between deck and abutments; it is assumed that each backwall shears off once the deck
contacts the associated abutment without including its pounding effects.
As mentioned in Chapter 2, the backfill soil properties are selected pertinent to the
geotechnical characteristics of 4 different California highway backfill soils, which are based on
the outcome of Caltrans 2001 field investigation of California Highway bridges (Earth Mechanics,
Inc., 2005). The effect of skewed abutment is considered by reducing the passive backfill capacity
in to different forms: 1) uniform reduction, 2) linearly reduction, and 3) non-uniform reduction.
Table 4.4, 4.5, and 4.6 provide the reduction factors for three methods.
Table 4.4.Uniform reduction factors for the passive resistance of backfill associated with skew
angles in bridge A and B
Skew
Angle
R

15o

30o

45o

60o

0.75

0.53

0.35

0.20

72

Table 4.5. Ratio of reduced-resistance width (Wr) to tributary width (Wt) of uniformly
distributed abutment springs in bridge B (Omrani et al., 2015).
15o
0.4
0.3
0.2
0.2

Skew Angle
Backfill
Category

I
II
III
IV

30o
0.8
0.6
0.4
0.3

45o
1
0.85
0.6
0.4

60o
1.3
1
0.8
0.5

Table 4.6. Linear reduction factors for the passive resistance of backfill associated with skew
angles in bridge A and B
Skew Angle
Reduction Factor

15o

30o

45o

60o

0.04

0.1

0.17

0.3

Stiffness in the vertical direction is modeled using two springs connected in series with
stiffness values that are consistent with the vertical stiffness of bearings and the bridge stem-wall
(Kaviani et al., 2012). The original bridge drawings show that elastomeric bearings are designed
for each abutment to provide a link between the superstructure and the substructure. However, the
PTFE/elastomeric bearings in this study are designed for both bridges based on a 1994 Caltrans
Memo for Designers (section 7.1); a stiffness of 800 kip/in is considered for the elastomeric pad
material. Dimension of 16in x 2in for bridge A, and 16in x 24in for bridge B are considered. PTFE
sliding-bearing is, by definition, a bearing that carries the vertical load through contact stresses
between each PTFE sheet, or woven fabricant; and its mating surface permits movements by
sliding of the PTFE over the mating surface (AASHTO, 2007). Because of the small value of the
friction coefficient for PTFE/elastomeric bearings (SDC 1.7), it is assumed that bearings are
frictionless in this study, and works as a sacrificial element in dynamic analysis.
Fiber-based beam elements are used for modeling both steel H-pile and CIDH pile to
capture the nonlinear behavior of the piles. Steel02 is used for modeling the rebars in RC section
of CIDH piles. HP section is modeled based on the Giuffre-Menegotto-Pinto model (Mckenna et
al., 2014), which is a bilinear model featuring strain hardening and a smooth transition from the
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initial tangent stiffness to the post-yield tangent stiffness (Omrani et al., 2015). Concrete 01
with no-tension is used for modeling the concrete in CIDH pile. As mentioned in Chapter 2, the
piles have been discretized into 1 ft (0.3 m) displacement-based beam-column elements
with 3 Gauss integration points along each element which allows for better distribution of soil
passive pressure (which is modeled with p-y springs) along the height of the pile. The theory of
beam on nonlinear Winkler foundation is utilized for the dynamic analysis of pile. Furthermore,
the passive resistance of soil is modeled with a series of discrete nonlinear springs known as p-y
springs. The backbone curve of each p-y spring is a function of the depth below the surface and is
defined based on the relationships recommended by the American Petroleum Institute (API, 2000).
The soil profile under the column footing has been selected based on the findings of the
work by Mackie et al. (2011) with “weak upper strata” because of more pronounced effects on the
seismic demand of deep foundation elements and variation of superstructure demand. In both
specimen bridges, the weak layer is assumed to extend to a depth of 30 ft below the ground surface.
Relationships for calculating lateral load bearing capacity in soft and stiff clay as well as skin
friction and end bearing capacity in cohesive soil has been used here based on API 2000 for
deciding the parameters of p-y, t-z, and q-z springs. Table 4.7 shows the geotechnical properties of
the upper and lower strata in this study.
Table 4.7. Soil properties surrounding foundation for both Bridge A and B.
γ (lb/ft3)
95
125

Layer
Upper (surface to -30 ft)
Lower

Su (psi)
4.5
21

In order to investigate the seismic effects of vertical variation of the ground motion along
the embedded length of a pile, the input motion is applied once as uniform-excitation and once as
multiple-support-excitation. The site response analysis (i.e., deconvolution of the surface motion)
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using SHAKE91 is conducted to obtain horizontal components of motion of soil at various depths
to the depth of pile tip. The motions at various depths are imposed at the free ends of the orthogonal
p-y macro-elements. The surface motion (applied at the pile heads) is imposed at the abutments,
as well. Table 4.8 illustrates the input parameters for site response analysis.
Table 4.8. Input parameters for site response analysis in SHAKE91
Layers

Depth (ft)

Vs (ft/s)

G/Gmax curve

Damping curve

1

30

563

2

25

1217

3

25

1320

4

25

1415

Vucetic & Dobry
(1991): PI = 15
Vucetic & Dobry
(1991): PI = 15
Vucetic & Dobry
(1991): PI = 15
Vucetic & Dobry
(1991): PI = 15

Vucetic & Dobry
(1991): PI = 15
Vucetic & Dobry
(1991): PI = 15
Vucetic & Dobry(
1991): PI = 15
Vucetic & Dobry
(1991): PI = 15

In the pile group, the shadowing effects (see chapter 2) is considered by applying the pmultipliers to p-y elements for each pile. In general, the larger p-multipliers is taken into account
for leading row of piles due to the least amount of disturbance. In contrast, the shadowing effects
become more prominent in the trailing rows of piles. In the current study, the weighted average of
the p-multipliers of the leading and trailing rows has been used (Brown et al. 2001). The pmultiplier for each row is derived based on the empirical relationships suggested by Rollins et al.
(2006). The weighted average p-multipliers used for the two specimen bridges are shown in table
4.9.
Table 4.9. Weighted average p-multipliers, calculated given the ratio of center-to-center spacing
to the pile diameter (Omrani et al., 2015)
Bridge
(Pile Type)

S/D
Transverse

Longitudinal

p-multiplier
1st row

2nd row

Higher rows

Weighted Average
Transverse
Longitudinal

A (CIDH)

1.75

0.65

0.29

0.08

0.24

0.24

A (HP)

1.55

0.61

0.23

0.01

0.18

0.18

2

0.68

0.36

0.17

0.31

B (CIDH)

75

0.34

4.2 ASSUMPTIONS MODELING AND COLLAPSE CRITERIA
To distinguish the failure rates among the collapse cases during post-processing of the results, two
limit states are defined as indicators of collapse: (I) deck displacement relative to the abutment in the
longitudinal direction is larger than the seat width (per the study by Goel and Chopra, 2008), or the
deck displacement in the transverse direction is larger than half of the deck-width, or the rotation of
the deck causes the bridge to unseat (see Figure 4.3); and (II) the column-bent drift ratio is greater than
8%–per the study by Hutchinson et al. (2004)–, focusing on serviceability of ordinary bridges after
earthquakes.
In this study, it is assumed that abutment backwall behaves as a sacrificial element and it does
not contribute to the longitudinal load bearing capacity of the abutment. The bearing pads are assumed
to be frictionless PTFE elastomeric bearings which fails during the dynamic analysis. Due to lack of
empirical or validated analytical models, the vertical stiffness of embankment, pounding effects, and
additional transverse resistance due to friction forces between deck and backfill are excluded in this
study. The radiation damping excluded in p-y macroelement and damping phenomena are modeled
through Rayleigh damping and by assigning 5% modal damping to the first and second modes of
vibration. Moreover, it is assumed that in longitudinal direction no passive or active contribution is
expected from the abutment piles, and in transverse direction, the deck and the abutment do not become
engaged to a degree that can mobilize the resistance of the abutment piles in the transverse direction
or passive resistance of the backfill on the wingwalls.
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Wing wall
C.L

Back wall

C.L
C.L

Deck
Figure 4.3. Abutment Unseating Criteria

4.3 PARAMETRIC STUDY AND MATRIX OF VARIABILITY
Based on various modeling approaches such as shear key models, backfill passive pressure models
and type of backfill soil, Soil-Structure Interaction (SSI), type of piles, column-to-Cap connection,
column reinforcement ratio, and uniform and multiple support excitation, the following case
matrix is generated. In order to capture influence of aforementioned parameters on bridge
responses, three different phases are adopted in this chapter.
In phase I (see Tables 4.10 and 4.11), the effects of two different shear key models (i.e.,
brittle, and ductile) along with two different backfill models due to skewed abutment for both
selected bridges are evaluated. Since 50% of backfill of highway bridges belongs to soil type II
(refer to table 2.3 in Chapter 2), which consists of medium dense silty sands some with gravel, in
this phase all the cases are modeled using backfill soil type II. Furthermore, two longitudinal

reinforcement ratio in the bridge column with ~1% , and Ì~2% is considered. The simulation is
repeated with 4 skew angles (i.e., 0o, 30o, 45o, and 60o).

In phase II (see Table 4.12), GHFD backfill model (Khalili-Tehrani et al., 2010) is
compared with Caltrans recommended bilinear model (SDC 1.7) in bridge B with two-column
bent. The shear key is assumed to behave as a brittle shear key in transverse direction along with
non-uniform reduced backfill models due to skewed abutment. The simulations are repeated for
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four different types of backfill soil, classified through a project funded in 2001 by Caltrans for
investigating the properties of backfill soil in the existing highway bridges throughout the state of
California (see Table 2.3). The backfill material is tested in bridges and four categories are
suggested as follows:
I. Dense to very dense sand with gravel;
II. Medium dense silty sands, some with gravel;
III. Medium Clayey sands, some with gravel;
IV. Stiff-hard clays with fine to coarse-grained sands, some with silts.
Similar to the previous phase, two longitudinal reinforcement ratios in the bridge column

of ~1% , and Ì~2% as well as 5 skew angles (i.e., 0o, 15o, 30o, 45o, and 60o ) are considered in

this phase.

In phase III (see Tables 4.13 and 4.14), effect of SSI is assessed in both bridge A, and
bridge B. The nonlinear time history analyses are repeated for each of the two non-skewed bridges
with and without deep foundation elements. In bridge A for both cases, moments are restrained at
the footing of the single column in order to retain the global stability of the bridge. On the other
hand, since there is no stability concern about bridge B with the double-column bent, hinged and
fixed footing as well as hinged and rigid column-to-pile-cap connection are considered in the
parametric studies. Figure 4.4 shows the arrangement of boundaries in this phase. In the case of
deep foundation, two different excitation methods (i.e., multiple support and uniform excitation)
are applied to evaluate effect of surrounding soil on ground motion while propagating along the

pile. It is assumed that Ì~1% . The following sections discuss the results of three phases.
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Base
Condition

Fixed
Base

Rigid
Footing

Hinged
Base

Hinged
Footing

Bridge A & B

Simplified
Column
Analogy

Bridge B

Bridge A & B

Bridge B

Figure 4.4. Boundary condition of column base for both with and without deep foundation on
bridge A and B in phase III (Omrani et al. 2015)
Table 4.10. Matrix of cases for sensitivity analyses of Bridge A in Phase I.
Phase I

Bridge A

Backfill model

Case 1
GHFD

Case 2
GHFD

Backfill soil type

II

II

Skewed abutment effect

Uniform

Linear variation

Shear key model

Ductile & Brittle

Ductile & Brittle

Column base

Fixed base (FB)

Fixed base

Table 4.11. Matrix of cases for sensitivity analyses of Bridge B in Phase I.
Phase I

Bridge B

Case 1

Case 2

Backfill model

GHFD

GHFD

Backfill soil type

II

II

Skewed abutment effect

Uniform

Linear variation

Shear key model

Ductile & Brittle

Ductile & Brittle

Column base

Hinged base (HB)

Hinged base
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Table 4.12. Matrix of cases for sensitivity analyses of Bridge B in Phase II.
Phase II

Case 1

Case 2

Backfill model

SDC Bilinear

GHFD

Backfill soil type

Caltrans

I-IV

Skewed abutment effect

------

Non-uniform

Shear key model

Brittle

Brittle

Column base

Hinged base

Hinged base

Bridge B

Table 4.13. Matrix of cases for sensitivity analyses of Bridge A in Phase III.
Phase III

Bridge A

Case 1

Case 2

Case 3

Backfill model

GHFD

GHFD

GHFD

Backfill soil type

II

II

II

Skewed abutment
effect
Shear key model
Column base

Non-uniform

Non-uniform

Non-uniform

Brittle
Fixed base

Brittle
Rigid footing

Deep foundation

----

Brittle
Rigid
footing(RF)
H-pile(HP)

Type of analysis

Uniform
excitation
(UE)

multiple support
excitation (MSE)

Uniform
/multiple
support
excitation

CIDH

Table 4.14. Matrix of cases for sensitivity analyses of Bridge B in Phase III.
Phase III

Bridge B

Case 1

Case 2

Case 3

Case 4

Backfill model

GHFD

GHFD

GHFD

GHFD

Backfill soil type
Skewed abutment
effect
Shear key model

II
Non-uniform

II
Non-uniform

II
Non-uniform

II
Non-uniform

Brittle

Brittle

Brittle

Brittle

Column base

Fixed base

Hinged base

Rigid footing

Hinged base

Deep foundation
Type of analysis

---Uniform
excitation

---Uniform
excitation

CIDH
multiple support
excitation

CIDH
Uniform /multiple
support excitation
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4.3 SENSITIVITY ANALYSIS DUE TO MODELING UNCERTENTIES AND
OBSERVATION
4.4.1

Phase I –Joint Effect of Exterior Shear key and Backfill Modeling on a Bridge

Behavior
To quantify the effects of shear key modeling on bridge responses, sensitivity of two Engineering
Demand Parameters (EDPs) –namely, column drift, and deck rotation–associated with two column
longitudinal reinforcement ratios, and shear key and backfill passive resistance modeling are
considered. The sensitivities of the deck rotation and column drift to the behavior of shear keys and
the backfill pressure are quantified here through using the probability distribution function (PDF) of
EDP|IM. The Intensity Measure (IM) used here is the orientation independent measure of ground
motion intensity, dubbed GMRotD50 at the dominant period of the specimen bridge, which is 1.1 sec,
as provided by Baker et al. (2011) for the pulse-like suite of ground motions. For simplicity, we use
EDP to denote EDP|IM. We assume that the PDF of EDP is log-normal with three parameters–
viz.,Í Y {|D€, Îœ

Ï„Ð|Ñƒ , and {.C1,

which respectively denote the median of EDP conditioned on no-

collapse, the dispersion of the natural logarithm of EDP conditioned on no-collapse, and the probability

of collapse, respectively. Therefore, the statistical characteristics of the seismic response of the
specimen bridges are investigated by exploring 16th, 50th, and 84th percentile column drift ratio and
deck rotation at each IM over the observed range of IMs.
Figures 4.5 to 4.11 show the effects of shear key behavior and backfill model on column

drift and deck rotations of the case-study bridges with (Ì~1%) for 4 different skew angles. The

solid colored lines correspond to the variation of the median of EDP as a function of the abutment
skew angle and the two types of backfill models for a bridge with brittle shear keys. The solid
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black lines show similar statistics for each bridge with ductile shear keys. The shaded areas
correspond the EDPs’± one standard deviation from the median.
The aforementioned computed results are best interpreted by considering the equilibrium
of dynamic forces, which comprises backfill, column, and shear key reactions. Single column
bridges (i.e., bridges similar to Bridge A) with brittle shear keys experience large lateral
displacements at the top of the column (Figure 4.5), and large deck rotations (Figure 4.7). This is
mainly due to exhaustion of the brittle shear keys’ strength–which happens at relatively small
deformations–and the availability of only small rotational and translational capacities at the single
column bent. This trend can be easily traced in Figure 4.6 wherein the maximum deck
displacement in the longitudinal and the transverse directions for Bridge A are plotted for two
critical skew angles, 30o and 45o (note that only those cases that did not lead to collapse are plotted
in this figure). Different shades represent different ground motion intensities. Migration of data
points to positions above the 1:1 line at these two critical skew angles reveals that Bridge A with
brittle shear keys experience larger transverse and longitudinal deck movements compared to
Bridge A with ductile shear keys due to lower shear key ductility. Also, larger deck movements in
the transverse direction are correlated to larger deck rotations (Figure 4.7).

82

Figure 4.5. Effect of shear key and backfill model on column drift of Bridge A with 1% column
reinforcement ratio.

Figure 4.6. Deck displacement with respect to the abutments in longitudinal and transverse
direction of Bridge A with 1% column reinforcement ratio.
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Figure 4.7. Effect of shear key and backfill model on deck rotation of Bridge A with 1% column
reinforcement ratio.
The mode of failure is slightly different for a non-uniform backfill compared to a uniform backfill
model. The role of the backfill in the transformation of mode of failure is more prominent in a
bridge with less shear key resistance (i.e., brittle shear key). The passive resistance of a nonuniform backfill based on its definition (Kaviani et al., 2012) reduces linearly from the obtuse to
acute corner of the abutment as the skew angle increases (Figure 4.8), which pushes the bridge to
have larger deck rotation in larger skew angles (see Figure 4.7). This fact increases the number of
abutment unseating rates rather than column failure (Figure 4.8). In contrast, in a bridge with
uniform backfill, increasing the skew angle results in significant reduction in backfill resistance
(Rollins and Jessee, 2013), which causes the translational movement of the deck in both transverse
and longitudinal directions and a larger number of column failures. This matter has been
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comprehensively addressed by Omrani et al. (2015) through evaluating the effects of backfill
models on the seismic performance of bridges with various skewed abutment models.

Figure 4.8. Effect of backfill model on bridge response of bridge A: (a) non-uniform backfill, (b)
uniform backfill.
The behavior of Bridge B is slightly different from Bridge A, which is primarily due to the
number of columns present in each bridge. Figures 4.9 to 4.11 display the effects of shear key and
backfill models on the column drift and deck rotation for Bridge B that has a two-column bent. Similar
to the single column bridge, as the skew angle increases, the bridge with the brittle shear-key
experiences larger deck rotations. However, the backfill model has a significant effect on altering
column drift of Bridge B that has a two-column bent.
Response of Bridge B to seismic excitation depends on the equilibrium of three sets of reaction
forces acting on the deck–namely, those from the backfill, the shear-keys, and the bent columns.
Results shown in Figure 4.9 indicate that the column drift ratio of a bridge with a uniform backfill
model is not sensitive to the type of shear keys. This behavior can be understood if one considers the
large stiffness of columns in the transverse direction and the small backfill resistance. As mentioned
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above, the uniform backfill model exhibits less resistance against deck movements in both the
transverse and the longitudinal directions, especially at larger skew angles. Additionally, the large
stiffness of the two-column bent in the transverse direction tends to resist the deck movements. Results
further reveal that brittle shear keys cause the columns to experience larger longitudinal top
displacements than transverse; and for the same ground motion and incident angle, this trend is
reversed for a ductile shear key. Therefore, the total displacements of the column in Bridge B with two
different shear keys are similar. This is evident from the increase in both medians (brittle and ductile,
and particularly ductile) shown in the upper row compared to the lower row in Figure 4.9.
Figures 4.10 and 4.11 reveal the trends in deck rotations for Bridge B. Generally, bridges with
brittle shear keys subjected to ground motions with larger intensity exhibit larger deck rotations. In
contrast, the larger initial stiffness of brittle shear keys, which is shown in Figure 4.2, results in larger
deck rotations in bridges with brittle shear keys subjected to ground motions with smaller intensity.
On the other hand, for non-uniform backfill similar to Bridge A with a single column, lateral and
longitudinal deck displacements in the case of brittle shear keys is absolutely larger than the bridge
with ductile shear keys, which results in larger column drift in the bridge with brittle shear keys (Figure
4.9) and larger deck rotation (Figure 4.11).
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Figure 4.9. Effect of shear key and backfill model on column drift of Bridge B with 1% column
reinforcement ratio.

Figure 4.10. Deck displacement with respect to the abutments in longitudinal and transverse
direction of Bridge B with 1% column reinforcement ratio.
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Figure 4.11. Effect of shear key and backfill model on deck rotation of bridge B with 1%
column reinforcement ratio.
The simulation is repeated for the column with higher column longitudinal reinforcement ratio
(Ì~2%); the results for both bridges are shown in Figures 4.12 - 4.15. As expected, both bridges
experience less column drift ratio and deck rotation. Figure 4.12 reveals that the effects of shear
key modeling is insignificant on the column drift ratio of Bridge A with larger amount of
reinforcement compare to the Bridge A with less column reinforcement (Figure 4.5). This is
mainly due to higher translational capacity of single column in transverse direction along with the
higher initial stiffness of both shear keys compare to backfill soil which increase the longitudinal
movement of the column without engaging of shear keys. In contrast, Figure 4-13 reveals the
contribution of shear key and backfill modeling on the deck rotation of bridge A. Despite of smaller
deck rotation compare to the column with less amount of column longitudinal reinforcement
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(Figure 4-5), the bridge with the brittle shear keys and at larger skew angles experience larger deck
rotation.
The responses of Bridge B with two-column bent illustrate the similar trend as the bridge
B with the less longitudinal reinforcement (Figures 4.14 and 4.15). However, as expected, the
bridge yield smaller demands (i.e., deck Rotation and column drift ratio) compare to the bridge

with Ì~1%. This observation solidifies Caltrans decision on targeting a low ductility limit state

for design of bridges.

GMRotD50 (g)

Uniform backfill(Bridge A)

GMRotD50 (g)

Linear backfill(Bridge A)

Column Drift %

Figure 4.12. Effect of shear key and backfill model on column drift of Bridge A with 2%
column reinforcement ratio.
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Figure 4.13. Effect of shear key and backfill model on deck rotation of Bridge A with 2% column
reinforcement ratio.
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Figure 4.14. Effect of shear key and backfill model on column drift of Bridge B with 2% column
reinforcement ratio.
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Figure 4.15. Effect of shear key and backfill model on deck rotation of bridge B with 2% column
reinforcement ratio.
4.4.2

Phase II- Effect of Backfill Soil Type on a Bridge Behavior

The variation of column drift ratio in bridges with the four categories of backfill soil and Ì~1%

is compared with those of the reference model (i.e., SDC Bilinear backfill model) in Figures 4.16
to 4.19. Moreover, in this section, brittle shear keys and the GHFD backfill soil with non-uniform
reduction are used in the bridge model. Within each figure, plots show the relation between ground
motion intensity measure, spectral acceleration of GMRotD50 corresponding at 1.1 s, and column

drift ratio for five abutment skew angles. Similar to the previous section, each plot shows the
median response with a solid line, and the 16% and 84% are shown with dash lines. Figure 4.17
reveals good agreement between the demand predicted by models with SDC 1.7 bilinear and
Category II GHFD models.
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Bridge with Category I backfill, whose ultimate strength is lower than that of SDC 1.7
bilinear backbone, shows higher seismic demands on the columns (Figure 4.16). On the other hand,
Category III and IV backfills with higher ultimate strengths yield smaller column drifts. Such
trends are persistent for smaller skew angles (0 to 30 degrees). However, at 45 and 60 degree skew
angles, soft backfill of Category I yields smaller drift ratios at higher intensities of input motion,
while the stronger materials of Categories III and IV backfill result in larger drift ratios compared
to the case with SDC 1.7 bilinear backfill. The dispersion in the predicted values of column drift
is at the same level for models with SDC 1.7 bilinear and Category I and II GHFD backfill
response. In case of Category III and IV, the dispersions are slightly reduced compared to the

GMRotD50 (g)

GMRotD50 (g)

reference model.

Figure 4.16. Column drift ratio in bridge with SDC 1.7 bilinear and soil type I GHFD backfill
models with 1% column reinforcement ratio (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).
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GMRotD50 (g)
GMRotD50 (g)

GMRotD50 (g)

GMRotD50 (g)

Figure 4.17. Column drift ratio in bridge with SDC 1.7 bilinear and soil type II GHFD backfill
models with 1% column reinforcement ratio (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).

Figure 4.18. Column drift ratio in bridge with SDC 1.7 bilinear and soil type III GHFD backfill
models (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).
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GMRotD50 (g)
GMRotD50 (g)

Figure 4.19. Column drift ratio in bridge with SDC 1.7 bilinear and soil type GHFD IV backfill
models with 1% column reinforcement ratio (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).
Sensitivity of probability of collapse to the abovementioned backfill models in bridges with
brittle mode of shear-key failure is evaluated. Information regarding the vulnerability of a bridge
is presented using fragility curves. Fragility curves show the conditional probability of collapse
over a physically meaningful range of IMs. For this purpose, empirical fragility functions are
derived through logistic regression. The conditional probability of bridge collapse (BC) predicted
by the fitted binomial distributions at the five representative skew angles for all cases of backfill
modeling are shown in Figure 4.20. The results illustrate that the probability of collapse is
relatively low at 0° skew angle and rises to at most ~10% for IM equal to 1.5g. An inverse
correlation is observed between the probability of collapse and passive resistance of backfill soil
at IMs larger than 0.75g: the fragility increases as the passive resistance of soil decreases.
Furthermore, the performance of bridges with Categories I and II, hyperbolic and SDC 1.7 bilinear
backfill models are similar at the 0o skew angle. The probability of collapse drops at 15o skew
angle compared to the non-skewed case. No particular trend is observed at the 15o skew angle. For
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skew angles larger than 15o, the probability of collapse rises with the increase in skew angle,
reaching a maximum of 80% for Category IV backfill at the extreme case of 60o skew angle. On
the other hand, bridges with the least-resistant type of backfill (i.e., Category I) demonstrate the
lowest fragility, which does not exceed 40% at 60o skew. This probability is increased to
approximately 60%, 70%, and 80% for bridges with Category II, III, and IV backfills, respectively.
The current outcome shows that a strong backfill soil can lead highly skewed bridges to
collapse due to unseating. Figure 4.21 illustrates the proportion of the two collapse mechanisms
(i.e., exceeding 8% column drift and abutment unseating) at each skew angle in bridges with
various models of backfill response and material.

GMRotD50 (g)

GMRotD50 (g)

GMRotD50 (g)

GMRotD50 (g)

GMRotD50 (g)

Figure 4.20. Fragility curves for bridges with SDC 1.7 bilinear, 1% column reinforcement ratio
and soil type I to IV GHFD backfill model.
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Figure 4.21. Proportion of column (a), and (b) abutment collapses in bridges with SDC 1.7
bilinear and soil type I to IV with GHFD backfill model
Column failure is the dominant failure mechanism at 0o and 15o skew angles. In non-skew
bridges, a very clear correlation is observed between the number of collapses due to column failure
and the variation of backfill passive resistance. The trend is identical to the correlation that was
previously observed between the deformation demands exerted on the columns and backfill
resistance as well as in collapse fragility curves. However, regardless of the degree of abutment
skew, the trend in the number of column failures from one case to another is lost in the skewed
configurations. Additionally, abutment unseating does not become significant until the skew angle
exceeds 15o. At 30o, 45o, and 60o skew angles, column failure and abutment unseating cases
contribute at comparable levels to the overall collapse cases. Furthermore, the number of abutment
unseating cases demonstrates a consistent pattern with the variation of backfill model at these skew
angles: in general, higher number of unseating cases are observed in models with higher passive
resistance of backfill soil (with the exception observed between Category III and IV GHFD
backfills).
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The higher fragility and abutment unseating in bridges whose backfills consist of stronger
materials (i.e., Categories III and IV backfills) can be explained by exploring the forces acting on
the deck of a skew bridge, as are schematically shown in Figure 4.22 for various modes of deck
displacement. These forces include the resultants of the backfill’s passive resistance, the column
shears, and the shear-key reactions that are marked on the figure with Fp, Fc, and Fsk, respectively.
At zero or small skew angles, deck rotation is mainly due to the randomness of the resultant
direction of ground’s horizontal motions at each instant of time, as well as response nonlinearities,
which may result in loss of configuration symmetry, and trigger rotational motions of the deck.
Therefore, the deck motion is mainly in the translation mode and collapse occurs as a result of
columns reaching their limit state. Consequently, bridges that receive less lateral support from the
backfill soil exhibit a higher frequency of column failures and probabilities of collapse.

Figure 4.22. Schematic illustration of reaction forces on bridge deck for (a) longitudinal
translation, (b) transverse translation, (c) counter-clockwise rotation, and (d) clockwise rotation
of deck (Omrani et al., 2015).
At large skew angles, the passive resistance of the backfill soil triggers deck rotation
(clockwise for the shown configuration of skewed abutments), as illustrated in Figure 4.22a and
b, for pure longitudinal and transverse modes of deck displacement. In case of an accidental
counter-clockwise rotation, all three pairs of reaction forces act in a restoring mode, to reverse the
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direction of rotation (Figure 4.22 c). Finally, in case of an accidental clockwise rotation (Figure
4.22 d), backfill passive resistance tends to amplify the clockwise rotation, while the force-couples
generated by the reaction of shear-keys and the shear resistance of columns resist against such
clock-wise rotation. Note that a clockwise rotation does not lead to any backfill resistance (with
the assumed configuration of abutment skew angle) unless the rotation is accompanied by a
longitudinal translation as depicted in Figure 4.22 d. Hence, the relative magnitudes of the forces
acting on the deck decide the extent and direction of its rotation. Backfills composed of stronger
materials develop larger passive pressures on a bridge deck, and subsequently, larger moments,
which lead to further clockwise deck rotations. This explains higher probability of abutment
unseating and collapse potential that is observed at high skew angles in bridges with Category III
and IV backfills compared to bridges with backfills that possess lower resistance (i.e., Category I,
II, and SCD 1.7 bilinear backfills). The same explanation is valid when comparing the instances
of abutment unseating and probability of collapse between the bridges with Category I and
Category II backfills.
However, between bridges with Category III and Category IV backfills, despite the larger
forces, which can be developed by the passive resistance of the Category III backfill, the former
shows a lower probability of collapse compared to the latter. Indeed, the competing role of deck
rotation and lateral translation is best comprehended here: the higher lateral support provided by
the stronger Category III backfill, as compared to Category IV backfill, limits deck translation.
Restraint of deck translation significantly lowers column fragility, but reduces the probability of
deck unseating, only marginally.
The simulations are repeated for the bridge with larger column reinforcement ratio
(Ì~1%). Figures 4.23-4.26 present the column drift ratio associated with 4 type of backfill soils.
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Despite of the smaller drift ratio and narrower dispersion for all 4 soil types, the good agreement exists

GMRotD50 (g)

GMRotD50 (g)

between the response trends of the bridge with (Ì~1%) and (Ì~2%).

GMRotD50 (g)

GMRotD50 (g)

Figure 4.23. Column drift ratio in bridge with SDC 1.7 bilinear and soil type GHFD I backfill
models with 2% column reinforcement ratio (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).

Figure 4.24. Column drift ratio in bridge with SDC 1.7 bilinear and soil type GHFD II backfill
models with 2% column reinforcement ratio (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).
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Figure 4. 25. Column drift ratio in bridge with SDC 1.7 bilinear and soil type GHFD II backfill
models with 2% column reinforcement ratio (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).

Figure 4.26. Column drift ratio in bridge with SDC 1.7 bilinear and soil type GHFD II backfill
models with 2% column reinforcement ratio (1 cm = 0.3937 in., 1kN/m = 5.71 lb/in).
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4.4.3 Phase III- Effect of Soil Structure Interaction on a Bridge Behavior
In order to clarify the sensitivity of seismic response to various modeling parameters shown in Table
4.13 and 4.14, variation of the bridge response parameters conditioned on IM have been investigated.
The intensity measure chosen here is the spectral acceleration GMRotD50 at 1 sec. It is assumed that
maximum response at each intensity measure (i.e. EDP|IM) is a random variable with a lognormal
distribution. Variation of the median and mean of the response parameters given the level of ground
motion intensity measure are examined. Looking simultaneously at the median and mean of the
response parameter allows one to investigate how the distribution is changing from one case to another.
The difference between the medians of two cases tells whether the distribution’s central tendency is
changing from one case to another. Subsequently, the difference between the means of two cases tells
whether the variance of the lognormal distribution (i.e., dispersion of the response variable), in addition
to its median, is changing from one case to another. Moreover, it is assumed that the reinforcement
ratio of column is 1%. All the modeling assumptions are considered based on Table 4.13, and 4.14.
Based on the structural drawings of the two bridges, a group of 5 × 5 driven 36 ft steel H-pile
(12in ×12in × 53lb/ft) in Bridge A, and two groups of 4 × 5 of 39 ft CIDH with circular section (2 ft
diameter with 8#9 rebars) in Bridge B provide support to the columns. Considering the different
mechanisms of plastic hinging in RC and steel sections, the simulations were repeated with RC piles
(CIDH) for Bridge A, in addition to the simulations which were done with its as-built steel HP piles.
The RC section chosen to replace the H section in Bridge A is selected according to Caltrans standard
plans for RC piles. The moment-curvature response of the substitute RC pile is comparable to that of
the as-built steel HP pile about its strong axis, as displayed in the moment-curvature plots of Figure
4.27.
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Figure 4.27. Moment-curvature relationship (under no axial force) of pile sections in the
specimen Bridges A and B.
Figure 4.28 illustrates variation of maximum longitudinal and transverse displacements of deck
at the location of bridge abutments. Replacement of the fixed boundaries at the column footings with
the deformable deep foundation elements yields lateral flexibility at the location of supports, which in
turn results in larger longitudinal and transverse displacements of the superstructure.
In general, the median of longitudinal displacement is larger than the median of transverse
displacement, due to frame action of two-column bent in transverse direction, and the smaller
resistance of abutment backfill passive forces against longitudinal displacement of the deck, compared
to the resistance provided by two shear-keys on each side of the deck against its transverse
displacement. This trend is reversed when the mean of the two displacements are compared against
each other: an observation which confirms higher dispersion in the distribution of transverse
displacement. The deviation of the mean of transverse displacement from its median becomes
significantly more profound in the presences of deep foundation element under multi-support
excitation. Thus, it can be concluded that multi-support excitation (compared to uniform-excitation)
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plays a major role in increasing the variability associated with the transverse displacement of deck in
the presence of deep foundation elements.
Another noteworthy observation is the role of degree of rotational fixity at the column footing
or in the column-to-pile-cap connection in controlling deck displacement in Bridge B. As expected,
deck displacements are smaller in the model with fixed column footings. However, as evident from
the plots, constraining rotational degrees of freedom at the column-to-pile-cap connection can also
surpass the effect of additional lateral flexibility that is introduced by the deep foundation elements;
i.e., median of maximum deck displacements are smaller in the model with rigid column-to-pile-cap
connection than in the model without the deep foundation elements but hinged column footing.
Longitudinal

Longitudinal

Transverse

GMRotD50(g)

Transverse

Bridge A

Bridge B

Figure 4.28. Maximum deck longitudinal and transverse movements in Bridges A and B
Figure 4.29 shows the variation of maximum column drift ratios in bridges A and B. In both
bridges, the column drift ratio in models with rigid column-to-pile-cap connections (CIDH-RF-MSU)
is smaller compared to the models with fixed column footing. Smaller lateral stiffness at the column
base, due to the presence of deformable foundation and weak layers of soil, allows the column footing
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to move along with the superstructure, as such, reduce the relative displacement between the top and
bottom of the column.
Bridge B

GMRotD50(g)

GMRotD50(g)

Bridge A

Figure 4.29. Column drift ratio in Bridges A and B.
Footing displacements, as shown in Figure 4.30, are the largest in bridge A model with steel H
piles. Formation of plastic hinges and accelerated increase of curvature in HP piles compared to CIDH
piles after reaching yield curvature (as will be discussed later) is the main reason for such observation.
Subsequently, reduction of column drift ratio in Bridge A model with HP piles is the most significant.
Evident from Figure 4.30, column footings undergo larger displacements in bridge B model with rigid
column-to-pile-cap connection compared to the model with hinged connections. This is due to the
transfer of moments from rigid column-to-pile-cap connection to the piles, which results in larger pile
deformation and subsequently larger displacement of pile cap.
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Bridge B

GMRotD50(g)

GMRotD50(g)

Bridge A

Figure 4.30. Footing displacement in Bridges A and B.
Despite the added lateral flexibility of the base in the presence of deep foundation elements,
the column drift ratios in Bridge B models with hinged column-to-pile-cap connection increase relative
to the hinged base case. In order to explain this trend, one may consider an analogy between the
simplified column models shown in Figure 4.4 and the models of bridge with various footing fixity
conditions. The deformation of the extension of the column below the ‘base’ yields additional rotation
between the top and the ‘base’, particularly when the moments are released at the ‘base’ (similar to the
bridge model with hinged column-to-pile-cap connection). The relative rotation between column top
and base, about Bridge B transverse direction, is shown in Figure 4.31. While the relative rotation
between the top and bottom of the column is very similar between the fixed and hinged bases cases, it
increases—as explained earlier—in the presence of deep foundation elements. Although the increased
rotation-induced column drift is offset by the effects of added lateral flexibility at the base to some
extents, it still elevates the drift ratios in the cases of the specimen bridge B with hinged column-topile-cap connections.
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GMRotD50(g)
Figure 4.31. Relative rotation between the top and bottom of column in Bridge B.
In order to better understand the effects of soil-foundation-structure interaction on the seismic
response of superstructure observed so far, force-deformation behavior of piles are studied as well. The
effect of the axial forces, which are generated during the events with the largest intensity, on the
moment-curvature relationship of the RC pile section of Bridge B is shown in Figure 4.32 as an
example. As expected, magnitude and direction of axial force can significantly impact the momentcurvature response of an RC section. Because of the dependence of the pile axial loads on the intensity
of shaking, particularly in cases with rigid column-to-pile-cap connection, and variation of such forces
at various elevations along the pile, due to the presence of skin friction, monitoring the magnitude of
curvature or moment alone may not necessarily give insight into the possibility of plastic hinging.
However, possibility and vicinity of plastic hinging can be identified by exploring moment and
curvature plots, simultaneously, as will be discussed in what follows.
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Figure 4.32. Effect of axial load on the moment-curvature relationship the RC pile section in
Bridge B.
Variation of median of maximum moment and curvature given the ground motion intensity
measure along the height of a single pile for the specimen bridges are shown in Figures 4.33 through
4.36. It was observed that the median and mean of both quantities are similarly comparable for all
cases. Therefore, in order to circumvent the effect of fictitious outliers, normal distributions were
adopted instead for the probabilistic assessment of foundation response.
In general, the maximum curvature is larger in the longitudinal direction compared to the
transverse direction. Such observation is consistent with the larger longitudinal displacements which
were observed at the location of the abutments. Transfer of column footing moments to the piles in
cases with rigid column-to-pile-cap connections also leads to increased pile curvature, compared to the
cases with hinged connections.
Peak curvatures occur at the pile head and around the depth of -15 ft below the pile head. The
curvatures monotonically decrease at depths below 20 ft from the surface in Bridge A piles and in
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bridge B under uniform-excitation. However, a different trend is observed in Bridge B under multiplesupport excitation: at higher intensities of ground shaking the curvature rise again in the vicinity of the
boundary between the week upper strata and the stiffer lower layer. Apparently, two factors lead to the
non-monotonic variation of curvature at lower depths in Bridge B: non-uniform support excitation,
and the additional fixity of the pile tip due to the extended length of Bridge B piles (compared to the
shorter Bridge A piles) in the stiff clay layer at the bottom. This observation underlines the importance
of vertical variation of soil profile and input motion in defining the deflected shape of piles.
The head curvature in some cases for Bridge B is above the curvature which corresponds to
the inelastic deformation of the RC pile section (about 1.5×10-4). However, both transverse and
longitudinal curvatures in all cases of Bridge B are well below the curvatures corresponding to the
onset of softening and unbounded deformation of the RC section, i.e., about 5×10-4 and 1.5×10-3,
respectively. Furthermore, variation of moment at all elevations along the pile depth is almost
proportional to the variation of curvature in all three cases as demonstrated in Figures 4.35 and 4.36
for Bridge B. This indicates that no plastic hinges is forming in the piles of Bridge B.
On the other hand, the curvature increases abruptly at the pile head relative to the lower
elevations in Bridge A, while the head moment does not increase with the same rate as the curvature.
Therefore, formation of plastic hinges at the pile head is evident in Bridge A models. The increase of
curvature at the pile head is even more acute in the model with steel HP piles, as a result of HP section
moment-curvature diagram almost reaching a plateau upon the initiation of inelastic deformation in
the section. Plastic hinging is also expected to happen about -15 ft below the head in steel HP pile at
high intensities of shaking, considering the magnitude of curvature at this location, which is beyond
the yield curvature of 2.5×10-4. Consistent with this speculation, at high intensity measures the
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magnitude of longitudinal moment at this depth is almost the same as the moment at the location of
head plastic hinge (Figure 4.33.c.2).
These observations are in agreement with the previously observed response of columns: an
inverse relationship exists between the column drift ratio and the lateral deformation of the
foundation. Formation of plastic hinges in Bridge A piles yield large lateral deformations, thus, the
foundation acts similar to a ‘base isolation layer.’ Accordingly, the very large pile head curvatures in
Bridge A model with steel HP piles explain the drastic reduction of column drift ratios in this model,
compared to all other cases.

a.1)

c.1*)

b.1)

GMRotD50(g)

GMRotD50(g)

GMRotD50(g)

a.2)

GMRotD50(g)

c.2

b.2)

GMRotD50(g)

GMRotD50(g)

Figure 4.33. Bridge A pile maximum longitudinal moment and curvature; a) CIDH-RF-MSE, b)
CIDH-RF-UE, and c) HP-RF-MSE. (*Notice the different scale on the curvature axis.)
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GMRotD50(g)

GMRotD50(g)

a.2)

c.1)

GMRotD50(g)

b.2)

GMRotD50(g)

c.2

GMRotD50(g)

GMRotD50(g)

Figure 4.34. Bridge A pile maximum transverse moment and curvature; a) CIDH-RF-MSE, b)
CIDH-RF-UE, and c) HP-RF-MSE. (*Notice the different scale on the curvature axis.)

Figure 4.35. Bridge B pile maximum longitudinal moment and curvature; a) CIDH-RF-MSE, b)
CIDH-HF-MSE, and c) CIDH-HF-UE.
a.1)

GMRotD50(g)

a.2)

GMRotD50(g)

b.1)

c.1)

GMRotD50(g)

GMRotD50(g)

b.2)
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GMRotD50(g)

GMRotD50(g)

Figure 4.36. Bridge B pile maximum transverse moment and curvature; a) CIDH-RF-MSE, b)
CIDH-HF-MSE, and c) CIDH-HF-UE.
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In general, the computational burden associated with nonlinear time-history analysis rise as the
number of nonlinear elements in the structural model increase. Therefore, it would be beneficial to
gain insight about the depth and extent of soil nonlinearity, in the specimen bridges. Median of the
ratio between maximum and yield deformation (i.e., δ/δy) of the p-y springs along the height of one of
the corner piles is examined, as a measure of soil nonlinearity. Figure 4.37 shows variation of this ratio
with ground motion intensity measure, at various depths measured from the pile head for three cases
of Bridge B modeling. As a general trend, inelastic deformation increase at shallower depths and under
higher ground motion intensity levels. Smooth variations are observed with respect to the depth and
intensity of shaking under uniform-excitation (Figure 4.37 c). However, the transition is not as smooth
under non-uniform input motion, i.e., from the tip of the pile to the depth of -20 ft, the plastic
deformations of the springs do not necessarily increase. Noticeably, loss of a uniform transition trend
is not restricted to the vicinity of the interface between loose and stiff soil (at -30 ft) and extends beyond
this region. Consistent with the larger pile deformations that were observed in the longitudinal
direction, longitudinal springs undergo larger amount of inelastic deformation compared to the
transverse springs. Such difference is most pronounced in Bridge B with rigid connection between
column base and pile cap (Figure 4.37a).
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b.2)

Figure 4.37. Deformation of Bridge B longitudinal (top row) and transverse (bottom row) p-y
springs beyond yield point; a) CIDH-RF-MSE, b) CIDH-HF-MSE, and c) CIDH-HF-UE.
Normalized backbones of longitudinal p-y springs of Bridge B at the location of pile head, as
well as 24 and 30 below surface, which are the location of local δ/δy peaks, are illustrated in Figure
4.38 in order to achieve a better understanding of the magnitude of δ/δy. For example, the δ/δy ratio at
24 ft below pile head becomes as large as 5 at high intensity measures. Apparently, the p-y spring
corresponding to this depth experiences significant amount of softening for such δ/δy ratio, thus,
replacing it with a linear spring with the purpose of reducing computational and model complexity
may not be a valid choice for the specimen bridge.
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Figure 4.38. Normalized backbone of Bridge B longitudinal p-y springs (shown only at the
location of peak “maximum to yield deformation ratio” of foundation soil).

4.5 CONCLUSION
This chapter investigates the effect of various modeling parameters and approaches, such as
shear key models, backfill passive pressure models, type of backfill soil, Soil-Structure Interaction
(SSI), type of piles, column-to-cap connection, and column reinforcement ratio, within three phases.
Two examples of ordinary bridges are two-span seat-type ordinary highway bridges with single
column and two-column bent located in California. Phase I has evaluated the effects of two different
shear key models (i.e., brittle and ductile) along with two different backfill models due to skewed
abutment, and two column reinforcement ratios for both selected bridges. Phase II has compared
the GHFD backfill model (Khalili-Tehrani et al., 2010) with Caltrans’s recommended bilinear
model (SDC 1.7) in bridge B, with a two-column bent, brittle shear keys, and two different column
reinforcement ratios. Phase III has investigated the effects of incorporating elements of deep
foundation on the outcomes of seismic nonlinear time history analysis of two specimen bridges. It
is assumed that foundation soil is composed of cohesive soil with upper weak strata underlain by
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stiff clay. A reduced-order modeling approach, consisting of fiber-based beam elements and
nonlinear springs, is adopted for the modeling of foundation pile and foundation soil, respectively.
The major findings of these three phases can be summarized as:
Phase I:
1. There is a direct correlation between abutment skew angle and seismic demands; larger
skew angles result in larger seismic demands.
2. Bridges with brittle shear keys experience larger column drift ratios and deck rotations as
compared to bridges with ductile shear keys. The difference is more significant at large
ground motion intensities and large skew angles. However, column drift ratio for twocolumn bent bridges with large skew angles are less sensitive to the type of shear keys.
Moreover, larger amount of longitudinal column reinforcement in a single-column bridge
eliminates the column drift ratio’s sensitivity to shear key and backfill soil modeling.
3. Bridges with ductile shear keys exhibit narrower dispersions in deck rotations, and column
drift ratio.
4. Both shear key and backfill soil properties play important and coupled roles in bridge
responses. Shear key behavior exerts more influence on seismic demands when the nonuniform (i.e., linear reduction) backfill pressure assumption is utilized.
Phase II:
1. In a straight abutment configuration, column failure is found to be the major collapse
mechanism. The probability of collapse is relatively low (at most 10%), and thus, bridge
fragility is not very sensitive to variations in backfill passive resistance. Column drift ratio
is significantly affected by the level of passive resistance provided by the backfill soil and
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a direct relationship exists between the two—that is, columns experience larger lateral
deformations in bridges with less resistant backfill material.
2. At larger skew angles (30o and above), abutment unseating becomes noticeable. The
dynamic equilibrium among the reaction forces—which are exerted onto the deck by the
backfills, shear-keys, and columns—define the direction and extent of bridge rotation, and
the dominance of either of the two failure mechanisms (column failure or abutment
unseating).
3. For the modeling case of reduced passive backfill resistance over only a limited width of
the skewed backwall (i.e., non-uniform strength reduction), the forces developed by
passive backfill resistance tend to rotate the deck in a direction that results in the shearing
of the shear-keys located at the obtuse corners of the abutment. Total loss of residual
load-bearing capacity in brittle shear-keys after reaching the yield deformation amplifies
the deck rotation, which, in turn, translates to larger column drifts. Thus, in general, an
increase in the magnitude of backfill passive resistance leads to higher probability of
collapse
4. Bridges with less longitudinal reinforcement lead to smaller demands and narrower
dispersion. However, the trends are comparable to the columns with a higher reinforcement
ratio.
Phase III:
1. The deck’s median transverse displacement at abutment locations in the presence of deep
foundation elements is not significantly altered from the reference cases (i.e., bridges with
fixed or hinge column footing). However, the dispersion in the predicted transverse
displacement noticeably increased in both specimen bridges when soil-structure interaction
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effects were taken into account. It also appears that applying multiple-support-excitation
(as opposed to uniform-excitation) adds to the response dispersion.
2. The effect of including deep foundation elements on the deck longitudinal response is less
pronounced in a bridge with multiple columns. Response dispersion remains relatively the
same for all modeling cases.
3. Column drift ratios are reduced in models with rigid column-to-pile-cap connections,
particularly in cases where plastic hinges are formed in the piles compared to the cases
with fixed column footings. This observation is explained by the transfer of moments from
the superstructure to the foundation and the foundation’s subsequent large lateral
deformation. However, the effect of foundation lateral deformation on column drift ratio is
masked by the increased rotation at the column tops relative to their bases in the model
with hinged column-to-pile-cap connection. Therefore, the column drift ratio increased in
such models.
4. Column-to-pile-cap connection details that suggest a Hinge-base connection (no moment
transfer) will reduce the seismic moment demands in the piles as well as the amount of
nonlinear deformation of foundation soil. Such a detail will also relieve the piles from
resisting tensile forces.
5. The additional moment capacity that an RC section can sustain compared to an HP pile
section after reaching the onset of inelastic deformation can significantly limit the amount
of pile curvature and subsequently the foundation layer’s lateral deformation.
6. Exceeding yield curvature and formation of plastic hinges are not necessarily restricted to
the vicinity of rigid pile-to-pile-cap connections, but are also expected at the bottom of the
upper half of steel HP piles.
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7. Applying multiple-support ground motion together with the extended length of piles in the
lower stiff layer yields different patterns in pile curvature variation, compared to the case
of uniform excitation. Mainly, the pile curvature may show a local increase at and in the
vicinity of the interface between the two soil foundation layers.
8. Applying multiple-support-excitation alters the pattern observed in soil springs’
deformation along the foundation depth. Under uniform excitation, soil deformation
increases monotonically from the bottom to the top; similar to the trend observed in the
pushover of a free-head embedded pile. On the other hand, under multiple-supportexcitation the monotonic pattern is lost at depths below the mid-elevation of the piles in
the specimen bridge: significant fluctuations and increase are observed in the vicinity and
beyond the interface of the two foundation soil layers.
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CHAPTER 5: SEISMIC PERFORMANCE ASSESSMENT OF AGED
BRIDGES UNDER MAINSHOCK-AFTERSHOCK SEQUENCES
5.1 INTRODUCTION
Performance-Based Earthquake Engineering (PBEE) is a framework that quantifies a structure’s
performance given its location, and structural and nonstructural component properties. The first
generation of PBEE, which was addressed in the Vision 2000 report (SEAOC, 1995) for building
structures, classifies performance levels given a seismic hazard as fully operational, operational,
life safety, and near-collapse. Within this setting, hazard level is described in terms of frequent,
occasional, rare, and very rare events. In the first generation of PBEE methodology, however, the
performance assessment follows a deterministic approach; the relationship between seismic
demands and the performance of various elements is defined based on laboratory tests, analytical
models, or engineering judgment (Moehle, 2003).
A modern probabilistic PBEE framework has been introduced by the Pacific Earthquake
Engineering Research (PEER) Center. Probabilistic performance assessment of a structure based
on PEER PBEE methodology consists of four steps: 1) assessing the hazard of mainshock intensity
measure (denoted as IM), 2) assessing the relationship between IM and the Engineering Demand
Parameter (denoted as EDP) via structural analysis, 3) assessing the relationship between EDPs
and component Damage Measures (denoted as DMs) via damage analysis, and 4) assessing the
relationship between DMs and decision variables (denoted as DVs) (see Figure 5.1). The PEER
PBEE framework has been addressed in numerous published papers (Moehle 2003; Krawinkler
2002; Krawinkler and Miranda, 2004; Moehle and Deierlein, 2004; Porter 2003; Zareian and
Krawinkler, 2009). The common format of PEER PBEE methodology for mainshocks consists of
triple integrals and is based on a total probability theorem, as shown in Eq. 5.1
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Figure 5. 1. PEER PBEE framework
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Where,
•.

| À1: Complementary cumulative density function of the decision variable, DV

(e.g., losses, downtime), conditioned on the damage measure, DM.

•. À|Í {1: Complementary cumulative density function of the damage measure, DM,

conditioned on the engineering demand parameter, EDP (e.g., column ductility, column
drift ratio, abutment unseating).

•.Í {|KÀ1: Complementary cumulative density function of the EDP, given a ground
motion intensity measure, IM (e.g., PGV, PGA, Sa)

¹.KÀ1: Mean annual rate of exceeding a given IM level.

Rao (2014) proposed a comprehensive methodology to incorporate the effect of long-term
structural deterioration and time-dependent hazard on the seismic risk assessment of structures in
a multi-hazard environment. His study modified the PEER framework equation with an additional
module for time-dependent probabilistic deterioration analysis, as shown in Eq. 5.2. In order to
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account for time-dependent structural deterioration, an intermediate variable, denoted as the
deterioration measure W, was introduced. It was assumed that W may alter both the damage-state
capacities and seismic demands; therefore, both probabilistic seismic demand analysis and
probabilistic damage capacity modeling are altered.
¹„Ó .Õ1

Where,

’Ô· ’Ï„Ð ’„· • .
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(5.2)

¹„Ó .Õ1: Annual frequency of exceedance of DV given W.

¹∗ .KÀ1: Poissonian or equivalent Poissonian annual rate of exceedance conditioned on IM.
•. À|Í {, Ø1: Complementary cumulative density function of the damage level, DM,

conditioned on the engineering demand parameter, EDP, and the deterioration

measure, W.

•.Í {|KÀ, Ø1: Complementary cumulative density function of EDP, given a ground
motion intensity measure, IM, and W.

The current study proposes a methodology that utilizes the joint probability of mainshockaftershock sequences, and the time-dependency of structural deterioration to enhance the PBEE
framework. A large number of California’s ordinary reinforced concrete (RC) highway bridges
are exposed to atmospheric chloride corrosion. The proposed PBEE framework considers
uniform reduction of longitudinal rebar due to corrosion within the lifecycle of RC bridges as a
time-dependent variable. Furthermore, the proposed PBEE framework addresses the sequence of
aftershocks following mainshocks, which is identified using the method presented by Wooddell
and Abrahamson (2014) and the Gardner and Knopoff (1974) time window method (see Chapter
3). Equation 5.3 illustrates the effect of the abovementioned factors on two PBEE modules:
•. À|ÙÚÛÜÝÞÜÝ , ßÞàá 1

’ œœ Ï„Ð • â ÀãÍ {, ßÞàáä7•âÍ {ãÙÚÛÜÝÞÜÝ , ßÞàáä7Í {
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(5.3)

Where:
•. À|ÙÚÛÜÝÞÜÝ , ßÞàá 1 : Complementary cumulative density function of damage level, DM,

conditioned on ground motion intensity measure of mainshockaftershock sequence, and the structure’s age.

•â ÀãÍ {, ßÞàá ä : Complementary cumulative density function of the damage level, DM,

conditioned on the engineering demand parameter, EDP, and a
structure’s age.

•.Í {|ÙÚÛÜÝÞÜÝ , ßÞàá 1 : Complementary cumulative density function of EDP, given a
ground motion intensity measure of mainshock-aftershock
sequence, and the structure’s age.
In order to estimate the statistical parameters of the uniform reduction of column
longitudinal rebar (∆

Q.

1) due to corrosion, Monte Carlo simulation is employed to generate

10,000 outcomes based on two random variables,

¥¥

and

, with normal and lognormal

distributions, respectively. Additionally, LHS is utilized to randomly select 40 values of ∆

Q

out

of 10,000 outcomes to generate 40 different corrosion models subjected to 40 pulse-like
mainshock-aftershock sequences.
The proposed PBEE framework has been utilized for investigating response sensitivities in
Bridge B with a two-span, two-column bent. A suite of 40 pulse-like mainshock-aftershock
sequences with strike-normal and strike-parallel components, with intercept angles varying at 9degree increments from 0° to 180°, is applied to the bridge. The simulation is repeated with 3 skew
angles (0°, 30°, and 60°degrees) for each intercept angle. Two limit states are defined as indicators
of collapse: (i) if the deck displacement relative to the abutment in the longitudinal direction is
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larger than the seat width (per the study by Goel and Chopra, 2008), and if the deck displacement
in the transverse direction is larger than half of the deck width, or if the deck’s rotation causes the
bridge to unseat; and (ii) if the column-bent drift ratio is greater than 8%per the study by
Hutchinson et al. (2004)—, focusing on serviceability of ordinary bridges after earthquakes.
Nonlinear response history analysis was performed to assess the effect of time-dependent
structural deterioration on the bridge response in mainshock-aftershock sequences. It is assumed
æ{ |KÀ, D€,
that the PDF of EDP is log-normal with three parameters–viz.,lnÍ

Îœ

Ï„Ð|Ô·,Ñƒ, ¨ç© ,

and {âC|KÀ,

lnEDP given IM and
™P ,

™P

™P ä,

™P ,

which, respectively, denote the median and dispersion of

conditioned on no-collapse, and the probability of collapse given IM and

respectively.
Fragility functions are utilized to identify damage levels given IM within the structure’s

lifetime. In general, a fragility functions are generated utilizing three forms of data, namely: (i)
expert based fragility functions, (ii) empirical fragility functions, and (iii) analytical fragility
functions. In this study it is assumed that analytical fragility functions, as shown in equation 5.4,
are conditional probabilities representing the likelihood that a structure meets or exceeds damage
states conditioned on the IM and ßÞàá:
S Ež ‚ T

{ .Í { >

I|KÀš

%

%,

™P 1

(5.4)

By assuming that EDP is a variable with a log-normal distribution function (Kottegoda and Rosso,

1997), the fragility curve is illustrated in Eq. 5.5 (Melchers, 2001), where I is the median value
of the bridge capacity within a specific damage state, Í Y {â

™P ä

is the time-dependent median of

bridge demand given IM of the mainshock followed by aftershock, ]Ï„Ð|Ô·ª9:¨9: ,

¨ç©

is the time-

dependent demand logarithmic standard deviation given IM of the mainshock followed by
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aftershock, and c .. 1 is the standard normal distribution function. In the current study, four

different damage states in terms of column displacement ductility recommended by Hwang et al.

(2000) is considered. To include some degree of uncertainty for each damage state HAZUS (1999)
suggested the uncertainty factor for seismic demand to be equal to 0.5.
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Table 5.1. Displacement ductility capacity for 4 damage states
Damage State

Column
Displacement

Minor damage

ductility .μ1

Dispersion .β1

1

0.5

Moderate damage

1.2

0.5

Major damage

1.76

0.5

Complete collapse

4.76

0.5

The two following sections illustrate the effect of joint probability of mainshock/aftershock
sequences on the deteriorated bridge response.

5.2 ASSESSMENT OF MAINSHOCK-AFTERSHOCK SEQUENCES ON A
BRIDGE BEHAVIOR
The variation of column demand ductility and the functionality of a two-span concrete box
girder bridge (Bridge B) subjected to mainshock-aftershock sequences is compared with the bridge
sustaining only the mainshock event (see Figure 5.2). The GHFD model is used for modeling
backfill passive resistance with soil type II, comprised of medium-dense silty sand. The effect of
abutment skew angles is considered by modeling the backfill with non-uniformly reduced GHFD
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passive resistance, in which the stiffness and ultimate strength of the backfill springs are varied
along the entire width of the backwall between the obtuse (OBT) and acute (ACT) corners (see
Chapter 2, Section 2.3.3). In the transverse direction, it is assumed that brittle shear keys resist
against the deck movement (see Chapter 2, Section 2.1). Columns are modeled with an area ratio
of longitudinal column reinforcement to column section area (Ì) of 1% and 2%. A suite of 40
pulse-like mainshock ground motions with two horizontal components is applied at incident angles
ranging from 0° to 180° at 9° intervals. As explained in Chapter 3, per each pulse-like mainshock,
the following aftershocks are identified based on the method presented by Wooddell and
Abrahamson (2014). The complete list of the mainshocks and their following aftershocks is
provided in Appendix A.
In Figure 5.2, each plot shows the EDP|IM relationship, with the median response shown
with a solid line, and the dispersion±one standard deviation in the log domain shown with dashed
lines. Peak Ground Velocity (PGV) is assumed to be the IM in this section. Figure 5.2 illustrates
the significance of including an aftershock in NRHA on EDP; including aftershocks in seismic
demand analysis causes higher seismic demands on columns with less variation in cases where

Ì

1%. The column’s median ductility increases by approximately 38% for the non-skewed

bridge and by 34% for the bridge with a skew angle equal to 30° subjected to a PGV larger than
1.0 m/s. The median of column ductility for the bridge with a skew angle equal to 60°, however,
was insensitive to including aftershocks in NTHA; the dispersion became smaller. Another
observation was the similarity between the total number of collapses for the bridge with a skew
angle equal to 60°. The total number of collapses increased from 65 to 79, out of 2,500 total
simulations, once the aftershock was added to the loading pattern.
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Columns’ ductility demand decreases in bridges with a larger amount of longitudinal
reinforcement (Ì

2%). The sensitivity of the response to aftershocks, however, seems to

disappear for all three skew angles. This observation solidifies Caltrans’s decision to target a low
ductility limit state for the design of its bridges.

Figure 5.2. Effect of mainshock-aftershock sequences on the column demand ductility of the
bridge with two longitudinal reinforcement ratio
In order to quantify a bridge’s vulnerability under mainshock-aftershock sequences, results
are presented in the form of fragility curves for four different damage levels for two skew angles,
0° and 30°, in Figure 5.3. This figure shows the probability that a bridge will meet or exceed the
specific damage state given IM.
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Figure 5.3. Seismic fragility curves of the Bridge B for 4 different damage states subjected to
only mainshock ground motions and mainshock-aftershock sequences
Generally, skewed bridges illustrate higher vulnerability levels in all damage states. This
trend is more prominent in bridges subjected to mainshock-aftershock sequences (see Figure 5.4).
For example (see Figure 5.3), for a ground motion with a PGV equal to 0.6 m/s, the chance that a
bridge subjected to only mainshock will meet or exceed the moderate damage state for non-skewed
and skewed bridges is 38% and 41%, respectively. However, the chance that a bridge under
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mainshock-aftershock ground motions will be in the same damage state for the same level of
earthquake is 51% and 58%, respectively. It should be noted that, in Figure 5.3, the slight higher
probability of being or exceeding a damage state for analysis that only includes the main shock as
seismic loading, compared with the analysis that includes both main shock and aftershock, at low
ground motion intensity measures is the outcome of fitting a log-normal distribution to simulation
results. Overall, a decrease in the median and dispersion of fragility curves results in higher
vulnerability levels.

Figure 5.4. Effect of aftershock and skew angle on the seismic fragility curves of Bridge B
The following section discusses the joint effect of corrosion and aftershock on Bridge B’s seismic
vulnerability with Ì

1%.

5.3 ASSESSMENT OF JOINT PROBABILITY OF MAINSHOCKAFTERSHOCK SEQUENCES AND CORROSION ON BRIDGE
BEHAVIOR (LOW REINFORCEMENT RATIO, ρ = 1%)
This section investigates the variation in column ductility demand of the two-span concrete
box girder bridge (Bridge B) with ρ = 1% within its service life and subjected to mainshockaftershock sequences. As discussed in Chapter 2, uniform chloride-induced corrosion in column
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longitudinal reinforcement of a bridge located in a marine atmospheric zone is considered after 25
years, 50 years, 75 years, and 100 years of bridge construction time. Table 2.8 shows mean and
COV associated with the reduced reinforcement diameter ( ∆

parameters (mean and COV) for ∆

Q.

Q.

1). In order to estimate statistical

1 along the bridge’s service life, a Monte Carlo simulation

is employed to generate 10,000 outcomes based on two basic random variables,

LHS is utilized to randomly select 40 values of ∆

Q

¥¥

and

.

out of the 10,000 outcomes, to generate 40

bridge models that incorporate corrosion’s effects on column reinforcement. The 40 bridge models
are subjected to 40 pulse-like mainshock-aftershock ground motions per corrosion level (i.e., after
25 years, 50 years, 75 years, and 100 years). Altogether, a total of 10,080 simulations for three
skew angles are conducted to investigate bridge structures’ behavior. Static pushover analysis is
employed to investigate the reduction in a column’s capacity due to corrosion (notice that the
uncertainty in ∆
∆

Q

Q

is neglected in quantifying the corroded column’s capacity; the mean value for

is used). Hence, load carrying capacity and the corroded column’s yield displacement is

obtained using the mean value of ∆

Q

for each corrosion level. Figure 5.5 illustrates the force-

displacement relationship of three columns with three levels of corrosion. The figure reveals a 5%
and 7% reduction in yield displacement (i.e., top of the column) and a 7.6% and 14% reduction in
load-carrying capacity of 50-year-old and 100-year-old corroded columns located in a marine
atmospheric zone compared to a non-corroded column.
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Average Diameter
after 50 years =1.29 in

Average Diameter
=1.41 in

Average Diameter after
100 years =1.16 in
non-corroded
non-corroded

2.2
2.09
2.04

Figure 5.5. Force-displacement relationship of 50-year and 100-year corroded RC column
compare to pristine bridge column
Figure 5.6 shows the EDP|IM relationship—column ductility vs PGV—of a bridge with
four different levels of corroded RC columns. The median response is shown with a solid line;
16% and 84% levels are shown with dashed lines. Results are repeated for three different skew
angles. According to Figure 5.6, the corrosion of RC columns’ longitudinal reinforcement does
not have a significant effect on the column ductility demand subjected to a ground motion with
PGV less than 1 m/s. For instance, the median column ductility demand for a 100-year-old column
increases by 11%, 15%, and 13% at 0°, 30°, and 60° skew angles for PGV = 0.6 m/s, respectively.
Furthermore, the dispersion in the abovementioned cases is reduced slightly for corroded columns
compared to non-corroded cases.
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Figure 5.6. Effect of four corrosion levels on the column demand ductility of a bridge with a
longitudinal reinforcement ratio of 1%
Information regarding a bridge’s vulnerability can be deduced from analytical fragility
curves based on the IM-EDP curves for four different damage states and corrosion levels (see
Figures 5.7, 5.8, and 5.9). These figures indicate that the effect of corroded compared to non130

corroded cases is negligible at slight, moderate, and major damage states for all three skew angles;
the probability of exceeding a damage state after 100 years rises at most by 14% given PGV= 0.6
m/s at the major damage state for a skew angle of 60°.
Overall, the simultaneous effect of aftershock and time-dependent corrosion after 50 years
results in the bridge’s higher vulnerability and higher probability of exceeding damage states to at
least an approximate 49%, 47%, and 37% increase for slight, moderate, and major damage states,
respectively, given a PGV greater than 0.6 m/s.

Skew 0
No corrosion
Corrosion-25years
Corrosion-50years
Corrosion-75years
Corrosion-100years
only Msh

Major Damage

Slight Damage

Moderate Damage

Complete collapse

PGV (m/s)

PGV (m/s)

Figure 5.7. Seismic analytical fragility curves for Bridge B with corroded columns for four
different damage states subjected to only mainshock and mainshock-aftershock sequences for
non-skewed bridge.
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P[DM|PGV]

Skew 30
No corrosion
Corrosion-25years
Corrosion-50years
Corrosion-75years
Corrosion-100years
only Msh

Major Damage

Slight Damage

Moderate Damage

Complete Collapse

PGV (m/s)

PGV (m/s)

Figure 5.8. Seismic analytical fragility curves for Bridge B with corroded columns for four
different damage states subjected to only mainshock and mainshock-aftershock sequences at a
skew angle of 30o

Skew 60
Slight Damage

Major Damage

No corrosion
Corrosion-25years
Corrosion-50years
Corrosion-75years
Corrosion-100years
only Msh

Moderate Damage

Complete Collapse

PGV (m/s)

PGV (m/s)

Figure 5.9. Seismic analytical fragility curves for Bridge B with corroded columns for four
different damage states subjected to only mainshock and mainshock-aftershock sequences at a
skew angle 60o
132

5.3 CONCLUSION
This chapter examines the effects of time-dependent chloride-induced corrosion and
mainshock-aftershock sequences on seismic bridge responses. We examined a two-span bridge
with RC column located in a marine atmospheric zone. In the example bridge, brittle shear key
and GHFD passive backfill soil models are employed in transverse and longitudinal directions,
respectively. The time-dependent deterioration mechanism is considered by reducing the RC
column’s longitudinal reinforcement diameter after 25, 50, 75, and 100 years from the bridge’s
construction time. Column ductility is recorded for the example bridge subjected to the 40 pulselike mainshocks and mainshock-aftershock sequences to generate IM-EDP and fragility curves.
The analysis is repeated for three skew angles, including 0°, 30°, and 60. The major findings can
be summarized as:

1. For all skew angles of the bridge with Ì

1%, the median column ductility subjected to

mainshock-aftershock sequences is found to be higher than similar results once aftershocks
are ignored. We observed smaller dispersion in EDPs for bridges with skew angles equal

to 0° or 30°. The response parameter’s sensitivity to aftershocks, however, seems to
disappear for all three skew angles in a bridge with Ì

2%.

2. The bridge’s vulnerability increases by at least 10% in slight, moderate, and major damage
states for a bridge with Ì

1% subjected to a mainshock-aftershock sequence with PGV

greater than 0.5 m/s. However, this trend for complete collapse can be obtained for larger
PGVs.

3. Corrosion’s effect on seismic response can be ignored for both non-skewed and skewed
bridges at all damage states for the column located in a marine atmospheric zone.

133

4. The joint probability of aftershock and time-dependent corrosion after 50 years results in
an increasing probability of exceeding the damage states by at least approximately 49%,
47%, and 37% in slight, moderate, and major damage states, respectively, for a PGV greater
than 0.6 m/s.
5. These observations emphasize that neglecting the effect of aftershock for an ordinary
California bridge with a low ductility limit state, may result in underestimating the bridge’s
vulnerability.

5.5 FUTURE WORK
The research effort presented herein intends to develop a comprehensive and efficient model
that includes the coupling of bridge critical components. Further study may be implemented to
improve and expand the modeling approaches as:
1. Include effect of abutment deep foundation on a bridge seismic response;
2. Include radiation damping in abutment backfill models and SSI analysis as well as effect of
impact between a deck and a back wall at a bridge abutment;
3. Quantify the effect of different types of ground motions such as soil and rock motions on a
bridge responses
4. Investigate effect of corroded piles on ordinary bridge responses
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Appendix A
Table A.1. Pulse-like mainshocks and aftershocks ground motion (NGA-West2 database).
Mainshock
Earthquake Name (NGA Record
Sequence Number)
Imperial Valley-06 (170)
Imperial Valley-06 (171)

Aftershock
Earthquake Name (NGA Record Sequence Number)

---

---

---

---

---

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

Morgan Hill (451)

Imperial
Valley-07
(202)
Imperial
Valley-07
(203)
Imperial
Valley-07
(204)
Imperial
Valley-07
(205)
Imperial
Valley-07
(206)
Imperial
Valley-07
(207)
--

--

--

--

--

Loma Prieta (763)

--

--

--

--

--

Loma Prieta (779)

--

--

--

--

--

Landers (879)

--

--

--

--

--

Landers (900)

--

--

--

--

--

Northridge-01 (982)

Northridge01 (1073)
--

--

--

--

--

--

--

--

--

Northridge02 (1665)
--

Northridge03 (1670)
--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

--

Northridge-01 (1086)

Northridge06 (1728)
Northridge06 (1736)
Northridge06 (1737)
--

--

--

--

--

Kobe, Japan (1106)

--

--

--

--

--

Kobe, Japan (1119)

--

--

--

--

--

Kocaeli, Turkey (1161)

--

--

--

--

--

Imperial Valley-06 (179)
Imperial Valley-06 (180)

Imperial Valley-06 (181)

Imperial Valley-06 (182)

Imperial Valley-06 (183)

Imperial Valley-06 (184)

Northridge-01 (983)
Northridge-01 (1044)
Northridge-01 (1045)
Northridge-01 (1063)
Northridge-01 (1084)
Northridge-01 (1085)
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Chi-Chi, Taiwan (1197)

Chi-Chi, Taiwan (1244)

Chi-Chi, Taiwan (1489)

Chi-Chi, Taiwan (1492)

Chi-Chi, Taiwan (1493)

Chi-Chi, Taiwan (1494)

Chi-Chi, Taiwan (1505)

Chi-Chi, Taiwan (1510)

Chi-Chi, Taiwan (1511)

Chi-Chi, Taiwan (1515)

Chi-Chi, Taiwan (1519)

Chi-Chi, Taiwan (1528)
Chi-Chi, Taiwan (1529)

Chi-Chi, Taiwan (1530)

Chi-Chi, Taiwan (1546)

Chi-Chi, Taiwan (1595)

Chi-Chi,
Taiwan 02(2163)
Chi-Chi,
Taiwan -02
(2206)
Chi-Chi,
Taiwan -03
(2605)
Chi-Chi,
Taiwan -02
(2372)
Chi-Chi,
Taiwan -02
(2373)
Chi-Chi,
Taiwan -02
(2374)
Chi-Chi,
Taiwan -02
(2384)
Chi-Chi,
Taiwan -02
(2388)
Chi-Chi,
Taiwan -02
(2389)
Chi-Chi,
Taiwan -02
(2393)
Chi-Chi,
Taiwan -02
(2397)
--

Chi-Chi,
Taiwan -03
(2461)
Chi-Chi,
Taiwan -03
(2507)
Chi-Chi,
Taiwan -04
(2855)
Chi-Chi,
Taiwan -03
(2608)
Chi-Chi,
Taiwan -03
(2609)
Chi-Chi,
Taiwan -03
(2610)
Chi-Chi,
Taiwan -03
(2620)
Chi-Chi,
Taiwan 03(2626)
Chi-Chi,
Taiwan 03(2627)
Chi-Chi,
Taiwan -03
(2631)
Chi-Chi,
Taiwan -03
(2634)
--

Chi-Chi,
Taiwan -04
(2703)
Chi-Chi,
Taiwan -04
(2752)
Chi-Chi,
Taiwan -05
(3175)
Chi-Chi,
Taiwan -04
(2858)
Chi-Chi,
Taiwan -04
(2859)
Chi-Chi,
Taiwan -04
(2860)
Chi-Chi,
Taiwan -04
(2868)
Chi-Chi,
Taiwan -06
(3471)
Chi-Chi,
Taiwan 06(3472)
Chi-Chi,
Taiwan -04
(2870)
Chi-Chi,
Taiwan -04
(2872)
--

Chi-Chi,
Taiwan -06
(3268)
Chi-Chi,
Taiwan -06
(3317)
Chi-Chi,
Taiwan -06
(3456)
Chi-Chi,
Taiwan -05
(3178)
Chi-Chi,
Taiwan -05
(3179)
--

Chi-Chi,
Taiwan -03
(2640)
Chi-Chi,
Taiwan -02
(2404)
Chi-Chi,
Taiwan -02
(2420)
--

Chi-Chi,
Taiwan -04
(2877)
Chi-Chi,
Taiwan -03
(2641)
Chi-Chi,
Taiwan -03
(2655)
--

Chi-Chi,
Taiwan -05
(3203)
Chi-Chi,
Taiwan -04
(2878)
Chi-Chi,
Taiwan -04
(2893)
--
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--

--

--

Chi-Chi,
Taiwan -06
(3459)
Chi-Chi,
Taiwan -06
(3460)
--

Chi-Chi,
Taiwan -06
(3469)
--

--

--

--

--

Chi-Chi,
Taiwan -06
(3477)
--

--

--

--

--

Chi-Chi,
Taiwan -06
(3489)
Chi-Chi,
Taiwan -05
(3203)
Chi-Chi,
Taiwan -06
(3503)
--

--

Chi-Chi,
Taiwan -06
(3490)
--

--
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