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The objective of this work is to develop a probabilistic structural seismic

performance assessment methodology. To facilitate, guide, and validate this

development, the targeted methodology is applied to an actual bridge-foundation-

ground system. First, Probabilistic Seismic Hazard Analysis (PSHA) predicts the

possible earthquake ground motion intensities (IM) and their probabilities at the

structure site based on the seismic environment. The result of PSHA is a seismic

hazard curve that represents the mean annual rate (MAR) of IM exceeding any

specified value. The probabilistic characterization of the seismic demand in terms of

seismic demand hazard curves for several engineering demand parameters (EDPs) is

obtained via nonlinear structural seismic response simulations for ensembles of actual

earthquake excitations at various hazard levels. A seismic demand hazard curve for a

given EDP provides the MAR of the EDP exceeding any specified value and is
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obtained by convolving the complementary conditional cumulative distribution

function of the EDP given IM with the seismic hazard curve.

Three potential failure mechanisms, namely pier flexural failure in the lap-spliced

region, shear key failure, and unseating, were identified. A set of damage states was

defined for each potential failure mechanism to characterize key stages of formation of

the mechanism. New and existing predictive capacity models were used to estimate

the structural capacity against each damage state. Based on the predictive capacity

models and experimental data collected, a fragility function was developed for each

damage state, which provides the conditional probability of damage state exceedance

given a specified value of the associated EDP. Then for each potential damage state

of the bridge, the MAR of damage state exceedance was computed as the convolution

of the corresponding fragility function and seismic demand hazard curve. This

probabilistic performance assessment methodology was extended to incorporate the

randomness in system properties, such as structural and geotechnical material

properties. Effects of the randomness in system properties on the bridge seismic

reliability were evaluated. Finally, the loss hazard curve of the bridge was obtained

through a multilayer Monte Carlo simulation procedure. This curve provides the

MAR of the repair/replacement cost of the bridge exceeding any specified value.
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1 Introduction

1.1 BACKGROUND

In recent earthquakes (e.g., Loma Prieta 1989, Northridge 1994, Kobe 1995,

Taiwan Chi-Chi 1999, and Turkey 1999), many structures and their contents have

experienced severe damage. Most of this damage was the consequence of excessive

seismic displacements and deflections that have been substantially underestimated in

design. Such design deficiencies challenged the general philosophy of earthquake-

resistant structural design codes, which has been to preserve human lives in a structure

by preventing structural collapse. They also raised demand for better performance of

structures to minimize damage within the constraints of resources available and the

intended function of the structures. In order to fulfill this demand, several new,

improved seismic design guidelines have been recently proposed for general

structures. The most widely known ones are Vision 2000 (SEAOC 1995) and FEMA

273 (1996). In these new guidelines, a shift in earthquake-resistant design philosophy,

the introduction of performance-based design, was observed. There appears to be few

conceptual differences in the basic framework proposed in these development efforts,

compared to the previous earthquake-resistant design philosophy. The notation and
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terminology may differ, but not the substance. In general, various performance levels

are defined, and performance objectives, which are expressed in terms of the desired

performance level for a given level of earthquake ground motion, are specified.

Performance-based earthquake engineering (PBEE) is a methodology which

involves design, evaluation, construction, monitoring the function and maintenance of

structures to assure that they resist the effects of earthquake ground motions of various

intensities within specified limiting levels of damage. Unlike the strength-based

methodology, which is aimed at assuring performance primarily in terms of failure

probabilities of individual structural components, PBEE attempts to address

performance primarily at the system level in terms of life safety, capital losses and

functional losses. Life safety deals with deaths and injuries to both building occupants

and passersby. Capital losses are the costs associated with repairing damage to

buildings or its contents. Functional losses are losses of revenue or increased

operating expenses after an earthquake. PBEE attempts to take into account these

issues by setting up Performance Objectives for the structure according to its function

and life expectancy, historical preservation issues, cost considerations and other

conditions or constraints. There are four main Performance Levels defined below.

(1) Operational Performance Level: There is limited structural damage. The

structure is practically identical to the pre-earthquake state and occupation of

the building is not interrupted. Non-structural elements are generally in place

and functional. Minor disruptions may occur and some cleanup may be

warranted.
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(2) Immediate Occupancy Performance Level: There is limited structural

damage, as in the operational performance level. However, non-structural

items are generally in place, but may have experienced damage.

(3) Life Safety Performance Level: Significant structural damage may have

occurred but some margin exists with respect to total or partial structural

collapse. Typically, major structural components are damaged and extensive

repairs will have to be made. The building is unsafe to occupy after the

seismic event. Significant non-structural damage may have occurred, but no

collapse or falling of heavy items occurred.

(4) Structural Stability Performance Level: The structure is on the verge of

experiencing partial or total collapse, but the vertical load carrying capacity of

the structure remains. Non-structural damage is not addressed in this

performance level.

Generally, three Seismic Demand levels are defined according to their probability of

exceedance:

(1) Serviceability Earthquake: ground motion with a 50% chance of being

exceeded in a 50-year period (return period of 73 years).

(2) Design Earthquake: ground motion with a 10% chance of being exceeded in a

50-year period (return period of 475 years)

(3) Maximum Earthquake: maximum level of ground motion expected within

the known geologic framework due to a specified single event, or the ground
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motion with a 2% chance of being exceeded in a 50-year period (return period

of 2475 years).

Most of the basic concepts that are presently being implemented in the context of

PBEE are not entirely new. For more than 20 years, the Structural Engineers

Association of California (SEAOC) has indicated that structures designed in

accordance with its recommended lateral force requirements would be able to meet a

number of specific performance objectives, i.e., resist minor earthquakes without

damage; moderate earthquakes with limited structural and non-structural damage;

major earthquakes with significant damage to structural and non-structural

components, but with limited risk to life safety; and the most severe level of

earthquake ground motion ever likely to affect the site, without collapse. These same

basic performance objectives, though more precisely and quantitatively defined, are

being adopted by most PBEE guidelines today. It is the quantitative nature of these

objectives as adopted in recent efforts and the attempts at precision and reliability that

sets contemporary efforts at PBEE apart from earlier efforts.

In various forms, the basic concepts of PBEE have been explored, tried and

partially implemented in past design and evaluation guidelines and standards of

various industries, such as the Seismic Safety Margins Research Program (SSMRP) in

the Nuclear Engineering (Smith et al. 1981). The objective of SSMRP was to develop

improved methods for seismic safety assessments of nuclear power plants using a

probabilistic computational procedure. Initiated in 1978, it was carried out at the

Lawrence Livermore National Laboratory and was sponsored by the U.S. Nuclear
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Regulatory Commission, Office of Nuclear Regulatory Research. For SSMRP, a non-

standard definition of risk was adopted, namely, the probability of radioactive release.

Unit 1 of the Zion Nuclear Power Plant was chosen as an appropriate “typical” plant.

Tools and models were developed to describe probabilistically the seismic hazard at

the Zion site and to generate appropriate earthquake ground acceleration time

histories. The models include: (1) a delineation of zones of roughly uniform seismic

activity in the central United States, (2) an occurrence model that specifies for each

zone the probability distribution of earthquake magnitudes, the largest possible

earthquake, and the time dependence of seismic events, and (3) a ground motion

model that accounts for earthquake source effects, regional attenuation of ground

motion, and local site effects. Seismic hazard curves in terms of peak ground

acceleration (PGA) were produced based on these models. The hazard curve was

divided into six acceleration ranges, and 30 time histories were generated for each

range. A detailed finite element model was constructed for the containment building

and auxiliary-fuel-turbine complex. The responses of the coupled soil-structure

system to the generated time histories were obtained by the substructure approach.

The responses of piping subsystems were computed from structure responses, using a

pseudostatic-mode method with multi-support time-history input. Fragility curves,

normal or lognormal distributions describing the probability of failure as a function of

a critical local response parameter, were developed for 37 generic categories of

electrical and mechanical equipment and for 5 Zion structures, based on both available

data and carefully analyzed expert opinion. The responses simulated for a specified
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level of seismic input were compared with the appropriate fragility curves to calculate

the probabilities of structural and component failures. Seven initiating events that

might be caused by an earthquake and that might lead to radioactive release were

identified. Each initiating event was associated with an event tree (release category).

It was assumed that every earthquake (in the range of peak ground acceleration

considered) would initiate one of these event trees. Fault trees were defined to

describe the possible system failure modes for each branch of an event tree. Each

branch of an event tree could have more than one fault trees. Each fault tree was

represented by a union of cut sets, each of which is a minimum set of basic events

necessary to cause system failure. The probabilities of the basic events in a fault tree,

hence the probability of system failure, depend on component failure probabilities,

each of which is either random (independent of seismic activity) or fragility related.

The unconditional probability of a single release sequence (for a given earthquake

acceleration range) was obtained according to the Total Probability Theorem of

Probability Theory as the product of four probabilities: (1) the probability of an

earthquake producing the given input ground motion, taken from the seismic hazard

curve, (2) the probability of the necessary initiating event, given the input motion, (3)

the probability of the accident sequence, given the initiating event, and (4) the

probability of the given containment failure mode, given the accident sequence. The

probability of release in one of the seven WASH-1400 release categories, still for the

given earthquake acceleration range, is simply the sum of the probabilities for all

release sequences applicable to that category. Finally, the unconditional probability of
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release for a given release category for the entire range of earthquake accelerations, is

obtained by integrating over all acceleration range.

The recent developments in performance-based design guidelines were triggered

by the necessity to develop assessment criteria for existing structures. The Pacific

Earthquake Engineering Research (PEER) center, funded by the U.S. National Science

Foundation, has focused for several years on the development of procedures,

knowledge and tools for a comprehensive seismic performance assessment of

buildings and bridges. In the PEER methodology, the system performance is

explicitly defined and calculated in terms of direct interests to stakeholders: dollars,

deaths, and downtime. The PEER methodology presents two innovative features

compared to the above referenced pioneering work (FEMA 356 and SEAOC Vision

2000). The first innovative feature is its probabilistic basis. The PEER methodology

is rigorously based on probabilistic theories. The uncertainties in earthquake site

intensity, ground motion, soil-structure interaction, structural response, physical

damage, and economic and human losses are explicitly accounted for in the PEER

methodology, while the first-generation PBEE methodologies are largely deterministic

and rely on the authors’ experience and judgment to a large extent. The second

innovative feature of the PEER methodology is that it takes a systems approach. It

couples the major elements of the methodology rather than treating them separately,

beginning with a definition of the seismic hazard and ending with a definition of the

loss to the stakeholders. While the PEER methodology can produce component-

specific intermediate outputs, its final output is a rich description of the performance
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of the whole structure in economic, life-safety, and post-earthquake operability terms.

Failure to take such a systems approach will inevitably yield an incomplete or even

misleading picture of structural seismic performance. The current design procedures

introduce conservatism at each step in the methodology to account for uncertainties.

Many in structural engineering believe that this process has led to overly conservative

designs.

To develop, demonstrate and exercise its methodology, PEER has selected six

testbeds – real, existing facilities – each of which explores a different aspect of the

methodology. This report describes the application of the PEER PBEE methodology

to the seismic assessment of the Humboldt Bay Middle Channel (HBMC) Bridge

testbed.

1.2 PROJECT OBJECTIVES AND SCOPE

The primary objectives of this project are to:

(1) Exercise and demonstrate the PEER performance-based earthquake

engineering (PBEE) methodology on the Humboldt Bay Middle Channel

Bridge in order to assess the applicability of the methodology and further

develop it.

(2) Perform each analytical component of the PEER probabilistic framework

equation for the HBMC Bridge.

(3) Integrate all the analytical steps of the PEER PBEE methodology for the

HBMC Bridge.
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The above objectives are achieved by:

(1) Establishing structural/system performance metrics. This study only deals

with the annual seismic repair cost as decision variable of interest to the

stakeholders and more specifically with the probability that the dollar losses

will exceed any specified level in any given year.

(2) Estimating the seismic hazard for the site of the HBMC Bridge and developing

the seismic input. The seismic hazard of the bridge site is calculated by

identifying all pertinent seismic sources that may affect the site and defining

the time-magnitude-mechanism-distance relations. Given the seismic hazard,

the seismic input is defined in terms of ensembles of actual ground motion

records. The seismic hazard is deaggregated into bins characterizing critical

intensity parameters, followed by the development of statistically

representative ensembles of ground motion records for the site under

consideration.

(3) Constructing a simulation model. In this study, a two dimensional advanced

finite element structure-foundation-soil model is created using OpenSees, the

new software framework developed by the Pacific Earthquake Engineering

Research (PEER) Center. This model is composed of component models

developed and validated through PEER research. It is intended to simulate the

nonlinear structural and soil behavior, wave propagation in the foundation soil

and the soil-structure-interaction effects.
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(4) Conducting extensive nonlinear time history analyses to determine

Engineering Demand Parameters (EDPs). The output of the seismic structural

response simulations includes time histories of EDPs, peak values, cumulative

measures, and other measures as appropriate. Output values may be as general

as global response parameters and as specific as component deformations. In

the PEER framework, these output values are referred to as Engineering

Demand Parameters. In a probabilistic analysis, the probability distribution of

the EDPs as well as their sensitivities to the seismic input, modeling, and

analysis procedures are obtained through simulations.

(5) Relating Engineering Demand Parameters to Damage Measures and Decision

Variables. Engineering Demand Parameters (EDPs) calculated in the

preceding step need to be translated into performance metrics such as

casualties, costs, and functional loss. As an example, pier lateral drift (an

EDP) is first translated to structural damage (Damage Measure or DM), and

then to repair cost (a Decision Variable or DV). 

(6) Presenting results in useful formats. A central tenet of PBEE is to foster the

transfer of earthquake engineering results into terms that are useable by

stakeholders and decision-makers, as well as to engineers. Likewise, a primary

function of the PEER Methodology Testbeds is to identify useful metrics and

language for that purpose.
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1.3 ORGANIZATION OF TEXT

The presentation of this research work has been divided into ten chapters, the

contents of which are outlined below:

Chapter 1 serves as an introduction by describing the problems of the old

earthquake-resistant structural design codes and the development of Performance-

Based Earthquake Engineering (PBEE). It gives the motivation for a probabilistic

assessment of seismic structural performance. The research objectives of this work

are also outlined.

Chapter 2 explains the Performance-Based Earthquake Engineering Methodology

developed by the Pacific Earthquake Engineering Research Center. Each analytical

stage of this methodology, namely Probabilistic Seismic Hazard Analysis,

Probabilistic Seismic Demand Analysis, Probabilistic Seismic Damage Analysis and

Probabilistic Seismic Loss Analysis, is presented in detail.

Chapter 3 describes the bridge testbed structure, site conditions, fault and

seismicity of the bridge site, and seismic retrofits performed on the bridge structure.

Chapter 4 presents the derivation of the seismic hazard curves for the bridge site,

the deaggregation analysis of the seismic hazard at three hazard levels, namely 50%,

10% and 2% probability of exceedance in 50 years, respectively, and the selection of

the actual ground motion time histories for the subsequent structural seismic response

analysis.

Chapter 5 describes the advanced two-dimensional nonlinear finite element model

for the bridge-foundation-ground system, the definition of the seismic input, and the
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staged analysis procedure employed. Static pushover analysis, small amplitude

vibration analysis, and earthquake response analysis based on the FE model of the

bridge-foundation-ground system are also presented in this chapter.

Chapter 6 identifies potential failure mechanisms for the bridge based on

preliminary analysis and nonlinear structural seismic response simulations, conducts

correlation analysis between various structural engineering demand parameters, and

computes the seismic demand hazard curves for these demand parameters. The

efficiency of various ground motion intensity measures is also investigated and

discussed in this chapter.

Chapter 7 defines the performance-based damage states for each of the bridge

failure mechanisms considered, describes new and existing predictive capacity models

against these damage states, develops the fragility curves for these damage states, and

calculates the mean annual rate of the structure exceeding each damage state.

Chapter 8 extends the PEER PBEE methodology by incorporating the randomness

in system properties, such as structural and geotechnical material properties. The

Probabilistic Seismic Demand Analysis and Probabilistic Seismic Damage Analysis

presented in Chapter 6 and 7 are repeated for the computational model of the bridge-

foundation-ground model with uncertain properties. The mean annual rate of the

bridge exceeding each damage state is computed for the case of random system

properties and compared to the corresponding results obtained in Chapter 7 for

deterministic system properties.
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Chapter 9 derives the probability distribution of the repair cost for each damage

state, and calculates the seismic loss hazard curve using a multilayer Monte Carlo

simulation approach.

Chapter 10 summarizes the important contributions and findings of this

dissertation and discusses future extensions of this research.
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2 PEER Performance-Based Earthquake
Engineering Methodology

2.1 PEER PROBABILISTIC FRAMEWORK EQUATION

In PEER PBEE methodology, performance objectives of a structure at a given

location are defined as a vector of certain key decision variables (DVs) and their mean

annual rates (MAR) of exceedance, such as the MAR of the loss exceeding a certain

amount and/or exceedance of one or more damage states. Examples of DVs are the

length of downtime, dollar losses and the number of casualties, which provide

important information for the owner of the structure to make their decision whether to

retrofit it or not. However, it is not straightforward to obtain these DVs and their

uncertainties directly from the information of the structure design and the site

condition. Other intermediate that characterize the seismic hazard, the demands

imposed on the structure by the hazard and the state of damage have to be defined and

evaluate. As shown in Fig. 2.1, PEER PBEE methodology breaks down the

evaluation of the DVs and their uncertainties into four analytical steps: probabilistic

seismic hazard analysis, probabilistic seismic demand analysis, probabilistic seismic

damage analysis, and probabilistic seismic loss analysis (Porter 2003, Moehle and
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Deierlein 2004). Probabilistic seismic hazard analysis predicts the likelihood of

earthquake intensities, denoted by ground motion intensity measure (IM), expected for

the site. Probabilistic seismic demand analysis attempts to understand the seismic

behavior of the structure in earthquakes at certain intensity levels and estimates the

likelihood of its maximum seismic structural demand, denoted by engineering demand

parameters (EDP). Probabilistic seismic damage analysis identifies the potential

physical damage to the structure and predicts the likelihood of different extents of

damage, denoted by damage measure (DM), given the seismic structural demand. And

probabilistic seismic loss analysis estimates the likelihood of DVs based on the

damage to the structure.

Seismic
hazard
analysis

Demand
analysis

Damage
analysis

Loss
analysis

Humboldt
Bay Bridge

L, D

L: Location
D: Design

hazard model
P[IM|L,D]

IM: intensity
measure

site hazard
v(IM)

decision
retrofit?

struct. model
P[EDP|IM]

structural
response
v(EDP)

EDP: engrg.
demand param.

fragility funct.
P[DM|EDP]

damage
v(DM)

DM: damage
measure

loss model
P[DV|DM]

performance
v(DV)

DV: decision
variable

Fig. 2.1: PEER PBEE methodology (Porter 2003)
P x y   denotes the conditional probability of x given y; and ν(x) is the MAR of x.

According to the Total Probability Theorem (TPT), the framework of PEER PBEE

methodology, denoted by horizontal arrows in Fig. 2.1, can be written symbolically as

(Cornell and Krawinkler 2000)
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( ) ( )DV G DV DM dG DM EDP dG EDP IM d IMν ν= ⋅ ⋅ ⋅∫∫∫ (2.1)

where ( )DVν is the MAR of a DV; G DV DM is a loss model predicting the

conditional probability of the DV given the DM; G DM EDP is a damage model

predicting the conditional probability of the DM given the EDP; G EDP IM is a

demand model predicting the conditional probability of the EDP given the IM; and

( )IMν is a hazard model predicting the MAR of the IM of the facility site. Note that

IM, EDP and DM can be vectors, in which case the corresponding integral involves

several folds. Furthermore, the intermediate results of this integral can provide MAR

of EDP and DM, particularly

( ) ( )EDP G EDP IM d IMν ν= ⋅∫ (2.2)

( ) ( )DM G DM EDP dG EDP IM d IMν ν= ⋅ ⋅∫∫  (2.3)

The results of Eqs. (2.1), (2.2) and (2.3) are called loss hazard, demand hazard and

damage hazard, respectively.

In this framework, all distributions are assumed Markovian dependent such that

previous conditioning information does not need to be carried forward through all

future distributions (Baker and Cornell 2003). For example, the distribution of the

EDP vector is assumed to be conditioned only on IM, and that other knowledge like

earthquake magnitude (M) and site-to-source distance (R) provides no additional

information about the EDP, i.e., , ,P EDP IM M R P EDP IM  =      . Similarly, we

have ,P DM EDP IM P DM EDP  =      and ,P DV DM EDP P DV DM  =      .
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Such a conditioning variable that contains all necessary conditional information is

deemed a “sufficient” descriptor (Luco and Cornell 2006). Furthermore, IM, EDP and

DM should be efficient so that the dispersion of each model is relatively small.

2.2 PROBABILISTIC SEISMIC HAZARD ANALYSIS

In terms of their effects on structures, it is useful and convenient to characterize

ground motions at the site of interest by a ground motion intensity measure (IM). The

seismic hazard is quantified in terms of some selected IMs and their frequency of

occurrence. IMs are generally extracted from the amplitude, frequency content, or

duration characteristics of earthquakes. Examples of IMs are Peak Ground

Acceleration (PGA), Peak Ground Velocity (PGV), spectra acceleration, Arias

intensity and so on. In early practice, PGA was the IM used in probabilistic seismic

hazard analysis. However, it is observed that the damage an earthquake may cause to

a structure is generally correlated better with the spectra acceleration of the earthquake

than its PGA. As a result, IM is now widely taken as the 5% damped elastic spectral

acceleration at a specified period of vibration (usually the first small-amplitude period,

T1), ( )1, 5%aS T ξ = (Shome et al. 1998).

In order to derive an expression for the MAR of exceedance of a specified im

value, it is necessary to define a random occurrence model in time of earthquakes

which could affect the structure of interest. The homogeneous Poisson process is a

reasonable model for this purpose (Cornell 1968). Let ( )N t denote the random

number of earthquakes (of all magnitudes) that will occur in the next t years.
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According to the Poisson model, given the mean rate ν of earthquake occurrences, the

probability that n earthquakes, ( ){ }N t n= , with random magnitudes and site-to-

source distance will occur in t years is given by

( ) ( ) ( ) ( )exp
, 0,1, 2,

!

n

N t

t t
P n t n

n

ν ν−
= = K (2.4)

The Poisson process has an important property: if a random selection is made from a

Poisson process with mean rate λ such that each occurrence is selected with

probability p, independently of the others, the resulting process is also a Poisson

process, called censored Poisson process, with a mean rate pλ (Benjamin and

Cornell 1970). Let ( )1, 2, 3,iIM i = K denote the IM values of a sequence of random

ground motions at the site. Then, random events defined by { }IM im> belong to an

underlying Censored Poisson process with mean rate of occurrence

( ) [ ]IM im P IM imν ν= > , provided that IM is statistically independent and identically

distributed from occurrence to occurrence. This condition is reasonably satisfied for

the IM of successive earthquakes at the site. Thus, the probability that n earthquakes

whose IM is great that im will occur in t years is

{ }( ) ( )( ) ( )( )exp
0,1,2

!

n

IM IM
N

im t im t
P N IM im n n

n

ν ν−
> = = = K (2.5)

The curve representing ( )IM imν versus im is called the seismic hazard curve of the

site. This curve is obtained through Probabilistic Seismic Hazard Analysis (PSHA)

(Cornell 1968, EERI 1989).
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Fig. 2.2: Procedure of PSHA

Probabilistic seismic hazard analysis (PSHA) integrates the contributions of all

possible seismic sources and calculates the MAR of a specified ground motion IM
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exceeding any particular value im for a given site. Fig. 2.2 schematically shows the

procedure of PSHA. First, all possible seismic sources, faults or geographical areas,

which could produce ground shaking on this site, need to be identified. It is assumed

that the occurrence of an event at one source is independent of the occurrence of

events at other sources. Each source is characterized by a length (or area), a

probability density function (PDF) describing the relative likelihood of the fault

producing earthquake of different magnitudes, ( )Mf m , and a long-term slip rate. The

seismic hazard on the given site caused by each source depends mainly on the slip-

rate, s, magnitude, M, site-to-source distance, R and the site condition. The

contributions of all seismic sources are integrated according to TPT as (Cornell 1968)

( ) ( ) ( )
1

,
flt

i i

i i

N

IM i i i M R
i R M

im P IM im M m R r f m f r dm drν ν
=

=  > = =  ∑ ∫ ∫  (2.6)

where ( )IM xν is the MAR of IM exceeding a particular threshold value, x; fltN is the

number of causative faults; iν is MAR of occurrence of earthquakes with magnitudes

greater than a lower bound threshold value, m0 (say 4), on fault (or seismic source) i.

The functions ( )
iMf m and ( )

iRf r denote the probability density functions (PDF) for

magnitude (Mi) and site-to-source distance (Ri), respectively, given the occurrence of

an earthquake on fault i. So the first summation in Eq. (2.6) is to consider the

contribution from all seismic sources, while the integrations over R and M take into

account the contribution form all possible locations and magnitudes in one seismic

source. The variables Mi and Ri are assumed to be statistically independent. The

conditional probability of IM exceeding the threshold value x given Mi = m and Ri = r
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corresponds to one minus the cumulative distribution function (CDF) of the IM

attenuation (or predictive relationship of IM given seismological variables M and R),

which is dependent on the local and regional site conditions. Attenuation relationships

are typically developed by applying statistical regression analyses to data either

recorded or derived from recordings. Numerous relationships of this type have been

developed in the past; among them, the relationships developed by Abrahamson and

Silva (1997) and Campbell (1997) are most widely used in present PSHA.

The probability that IM will exceed the threshold value im in any time interval t

can be calculated as, using Eq. (2.4) 

[ ] { }
[ ]( )

[ ] [ ]( )
( )

 in years 1 0 in years

1 exp

if 1

IM

P IM im t P N IM im t

tP IM im

tP IM im tP IM im

im t

ν

ν ν

ν

> = − > =  
= − − >

≈ > > <<

=

(2.7) 

in which ν denotes the mean rate of occurrence of earthquakes from all sources and of

all magnitudes ( 0m> ) and locations. Typically, and in this study, the exposure time is

taken as one year, i.e., 1t = , and the various occurrence rates become mean annual

rate (MAR) of occurrence. Then Eq. (2.7) reduces to

[ ] [ ]( )
( ) ( )( )IM

in one year 1 exp

if 1IM

P IM x P IM x

x x

ν

ν ν

> = − >

≈ <<
(2.8) 

So the annual probability of exceedance is approximately equal to the MAR of

exceedance, if the latter is much smaller than one.
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2.3 PROBABILISTIC SEISMIC DEMAND ANALYSIS

The next step is to estimate in probabilistic terms the demands that the structure is

going to experience in possible ground motions. A set of EDPs is defined to

characterize the structural responses in terms of deformations, accelerations, induced

forced, and/or other appropriate quantities. The EDP vector should include all

parameters of relevance for damage and losses to the structure and its components.

Examples of common EDPs for building structures are interstory drift ratios, peak

floor acceleration and inelastic component deformation.

The objective of probabilistic seismic demand analysis is to compute the MAR,

( )EDPν δ , of a given EDP, exceeding any specified threshold value δ , called the

demand hazard curve. The mean annual rate of EDP, ( )EDPν δ , is obtained again

according to the TPT as

( ) ( )EDP IM

IM

P EDP IM im d imν δ δ ν=  > =  ∫ (2.9) 

where P EDP IM imδ > =  is the conditional probability of EDP exceeding the

specified value δ given IM. Approaches such as Incremental Dynamic Analysis

(Vamvatsikos and Cornell 2002) can be employed to estimate this conditional

probability. In this study, this conditional probability distribution is obtained by

performing nonlinear time history analysis at a discrete set of seismic hazard levels.

Each level is represented by an ensemble of actual earthquake ground motion records

selected consistently with the M-R deaggregation of the seismic hazard (Eq. (2.6)) and

the local geological and seismological conditions (e.g., fault mechanism of dominant
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seismic source, near source effects). These ground motion time histories are then

scaled to match the IM value of the seismic hazard level considered. A finite element

model is developed for the structure of interest and is subjected to the ensembles of

scaled ground motion records to estimate the conditional probability distribution of

EDP given IM at the selected IM levels. These estimated probability distributions at

discrete IM levels are then interpolated/extrapolated over the continuum range of IM

values contributing appreciably to the mean annual rate of damage-state exceedance.

2.4 PROBABILISTIC SEISMIC DAMAGE ANALYSIS

In this analytical step, potential damage to the structure, described in failure

mechanisms, needs to be identified based on the structural seismic response

simulations. For each failure mechanism (or failure mode), a set of discrete damage

states is defined to quantify the damage. In earthquake engineering, the damage state

functions generally can be expressed mathematically in the form

> 0 safe domain (no failure)

< 0 unsafe domain (failure)

= 0 damage state boundary or surface
k k kZ R S


= − 


(2.10)

where Rk and Sk denote the resistance/capacity and load effect/demand related to the

kth damage state, respectively; Zk is the safety margin. Sk is random and is described in

terms of demand hazard curve derived in the pervious analytical step. Rk is also

random due to the inherent uncertainties in material, mechanical and geometric

properties. Other sources of uncertainty in Zk are the modeling uncertainty and

missing explanatory variables in the capacity Rk and the damage state function. The
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above sources of uncertainty are modeled and quantified through the probability of

exceeding the kth damage state conditioned on the demand variable Sk,

0k kP Z S δ < =   . The probabilistic analysis involved to evaluate the above

conditional probability of damage state exceedance is traditionally called fragility

analysis. The only way to evaluate the fragility function is to compare model

predictions with real world observations, either in the field or in the laboratory, and to

perform statistical model assessment (Gardoni and Der Kiureghian 2002).

The mean annual rate,
kDSν of exceeding the kth damage state of a specific

structure is obtained by convolving the probability of exceeding the kth damage state

conditioned on the demand variable (EDP), 0kP Z EDP δ < =   , with the demand

hazard, ( )EDPν δ , as

( )0
kDS k EDP

EDP

P Z EDP dν δ ν δ=  < =  ∫ (2.11)

2.5 PROBABILISTIC SEISMIC LOSS ANALYSIS

The objective of Probabilistic Seismic Loss Analysis is to predict for the subject

DV the MAR, ( )DV zν , of exceeding the specified threshold value z. Examples of DVs

of primary interest to the owners are the number of casualties, dollar loses and the

length of downtime. In this study, DV is chosen as the total annual cost needed to

restore the structure to its pre-earthquake state. For the ith failure mechanism, the
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MAR of DV exceeding a threshold level z, ( )i
DVv z , is obtained by convolving the

conditional probability of DV exceeding level z given DMi and the MAR of DMi as

( ) ( )i

i

i i
DV DM

DM

z P DV z DM dm d dmν ν = > = ∫ (2.12)

As described in the previous section, a discrete set of damage states is generally

defined in practice for the sake of simplicity. These damage states must be mutually

exclusive and, with the addition of the undamaged state, collectively exhaustive. Let n

denote the total number of the damage states considered for this failure mechanism.

The event { }iDM k= , i.e., the kth damage is reached but the (k+1)th damage state is

not reached, can be denoted by { }10 0i i
k kZ Z +≤ >I . Eq. (2.12) now reduces to

( )
1

1

1

|
k k n

n
i i i
DV DS DS DS

k

z P DV z DM k P DV z DM nν ν ν ν
+

−

=

   = > = − + > =  ∑ (2.13)

This calculation needs to be repeated for each of the potential failure mechanisms

of the structure. The MAR of DV exceeding a threshold level z accounting for all

potential failure mechanisms, ( )DVv z , will then be obtained through combination of

all individual ( )i
DVv z . In the terminology of structural reliability (Ditlevsen and

Madsen 1996), the problem of determining ( )i
DVv z is a structural component

reliability problem, while the problem of evaluating ( )DVv z is a system reliability

problem.
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3 Humboldt Bay Middle Channel Bridge

The Humboldt Bay Middle Channel (HBMC) Bridge was chosen as one of the six

PEER testbeds to assess the applicability of the PEER PBEE methodology and guide

its refinement. The HBMC Bridge is fairly representative of the old AASHTO-

Caltrans girder bridges with moderate traffic loads (average daily traffic of 4,600 to

15,800 in 1992), designed under the dated elastic design philosophy.

3.1 DESCRIPTION OF STRUCTURE

As shown in Fig. 3.1, the Humboldt Bay Bridge site, located near Eureka in

northern California, includes three bridges, Eureka Channel Bridge, Middle Channel

Bridge and Samoa Channel Bridge, over waterways crossing Woodley Island and

Indian Island. The Middle Channel Bridge (Fig. 3.2) is 330-meter long, 10-meter

wide, and 12-meter high (average height over mean water level). The nine span

superstructure consists of four pre-cast pre-stressed concrete I-girders and cast-in-

place concrete slabs, as shown in Fig. 3.3. The bridge superstructure is supported by

two seat-type abutments and eight bents founded on pile group foundations, each bent

consisting of a single column and hammer head cap beam. The height of the

columns/piers ranges from 11m to 14m. The deep foundations consist of driven pre-
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cast pre-stressed concrete pile groups supporting pile caps. Each abutment is

supported on two rows of piles, with 7 front batter square piles (356mm/14in side),

and 5 rear vertical square piles (356mm/14in), of 400kN (45ton) capacity per pile. For

convenience, the piers are numbered #1 through 8 from the left (South-East, Woodley

Island side) to the right (North-West, Indian Island side). Piers #2 through 6 are

supported on five 1372mm (54in) diameter, 1800kN (200ton) circular piles, while piers

#1, 7 and 8 are supported on sixteen (4 rows of 4 piles) 356mm (14in), 625kN (70ton)

square piles. All piers and piles have continuous moment connection at the pile-cap-

pier joints, while all girders have pinned connections at the cap beam-girder joints.

The superstructure is continuous over piers #1, 2, 4, 5, 7 and 8. There are expansion

joints at the abutments and on top of piers #3 and 6 (Fig. 3.4 and Fig. 3.5). At these

expansion joints, there are shear keys with gaps on both sides, while at the continuous

joints (Fig. 3.6), a shear key with #4 dowels connects the superstructure to the pier

(i.e., shear key without gap). Thus, the bridge structure consists of three frames

interconnected through shear keys with gaps at the two interior expansion joints.

Fig. 3.1: Humboldt Bay Bridges
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Fig. 3.2: Aerial view of Humboldt Bay Middle Channel Bridge (courtesy of Caltrans)

Fig. 3.3: Superstructure and substructure of HBMC Bridge

Fig. 3.4: Abutment joint of HBMC Bridge

Woodley Island Indian Island
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Fig. 3.5: Interior expansion joint of HBMC Bridge

Fig. 3.6: Continuous joint of HBMC Bridge

3.2 DESCRIPTION OF SITE CONDITIONS

Ten rotary auger borings were drilled to a maximum depth of about 30m below

existing ground surface in 1967. These borings were almost evenly distributed

between the two abutments along the centerline of the bridge. Another rotary auger

boring to a depth of about 64m below existing ground surface was drilled near the
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second span of the bridge from the Eureka side by the Caltrans’ Office of Structural

Foundations in 1994. Based on these data (Caltrans 2000), a generalized soil profile

was developed. The bridge alignment, to the maximum explored depth, is underlain

by Tertiary and Quaternary Alluvial deposits (soil layer 1 in Fig. 3.7). A 1.5 to 3.0m

thick surficial soil layer consisting of mainly soft to very soft organic silt with clay and

some construction debris blanket the entire bridge alignment (soil layer 8 in Fig. 3.7).

This surficial layer from near the left abutment to near pier #2 is underlain by about

10.8m of medium dense to dense silty sand and sand with some organic matter (soil

layer 5 in Fig. 3.7). The surficial layer from the vicinity of pier #7 to the vicinity of

the right abutment is underlain by a layer of soft or loose sandy silt or silty sand with

organic matter (soil layer 7 in Fig. 3.7). The thickness of this layer varies significantly

and ranges from about 1.5m near pier #7 and over 15m near the right abutment. The

surficial layer along the remainder of the bridge alignment in the middle of the river

channel is underlain by about 9.2m of mainly dense silty sand and sand (soil layer 6 in

Fig. 3.7). A 7.6 to 10.7m thick layer of mainly very dense sand underlies the above

soil layers along the entire bridge alignment (soil layer 3 in Fig. 3.7). This very dense

sand layer is underlain, to the maximum explored depth (64m), by mainly medium

dense organic silt, sandy silt and stiff silty clay (soil layer 2 in Fig. 3.7). Groundwater

was encountered at ground surface in the land borings drilled in 1967. Recent field

observations also showed that the water in the channel is near the ground surface level.
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Fig. 3.7: Two-dimensional soil profile of HBMC Bridge site (layer 1: Tertiary and
Quaternary Alluvial deposits; layer 2: medium dense organic silt, sandy silt and stiff
silty clay; layer 3: dense sand; layer 4: silt; layer 5: medium dense to dense silty sand
and sand with some organic matter; layer 6: dense silty sand and sand; layer 7: soft or
loose sandy silt or silty sand with organic matter; layer 8: soft organic silt; and layer 9:
abutment fill.

Borehole 1 at Caltran’s Samoa Bridge geotechnical downhole array

(approximately 0.25 mile north-west of the west abutment of the HBMC Bridge)

provides a shear wave velocity profile down to a depth of 220 meters (see Fig. 3.8),

where the borehole encountered bedrock (shear wave velocity > 850m/sec). The shear

wave velocities are about 180m/sec in the upper 20m, lie in the range of 200 to

400m/sec in the depth range of 20 to 60m, and lie in the range of 400 to 600m/sec in

the depth range of 60 to 220m (Somerville and Collins 2002). The Humboldt Bay
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bridge site is perceived to be vulnerable to strong ground shaking. Soil liquefaction,

approach fill settlement and lateral spreading are issues of interest in this study.
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Fig. 3.8: Shear wave velocity profile at HBMC Bridge site

3.3 FAULTING AND SEISMICITY

The Humboldt Bay bridges are located in an area of complex tectonic interaction

among the Gorda, the North American and Pacific Plates. The “Little Salmon” fault,

which is categorized as one of the principal active fault in California by the California

Department of Mines and Geology, is the nearest seismic source from the site. This

fault is located about 5km from the Humboldt Bay Bridges and is capable of

generating a Maximum Credible Earthquake of Moment Magnitude 7.5. The

Geomatrix Consultants (1994) conducted a site-specific seismic ground motion study
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for Caltrans. Based on their study, the Peak Bedrock Acceleration at this location was

estimated to be about 0.9g.

3.4 SEISMIC RETROFITS

The HBMC Bridge was designed in 1968 and built in 1971 and has been the object

of two Caltrans seismic retrofit efforts, the first one completed in 1995, and the second

one completed in 2005. The objectives of the first retrofit effort were to mitigate the

potential for unseating and diaphragm damage (through seat extenders at abutments)

and to strengthen the shear keys by enlarging and reinforcing the superstructure. In

this retrofit, the transverse end diaphragms on the top of all piers (at both expansion

joints and continuous joints) were replaced by stronger ones; cable restrainers and pipe

seat extenders were installed at the expansion joints to connect adjacent

superstructures; seat width at the abutments and interior expansion joints was

increased; and shear keys at all expansion joints were strengthened. The objective of

the second retrofit is to strengthen the substructure: the piers, pile caps, and pile

groups. As shown in Fig. 3.9, the proposed retrofit consists of the following (Caltrans

2002): (1) place reinforced concrete casings around each pier; (2) increase horizontal

size of the pile cap and add four 900mm diameter cast-in-steel shell piles at each pier;

and (3) add a 450mm (1.5ft) thick reinforced concrete top mat to the pile cap of each

pier.
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(a) Pier #3 through #6 (b) Pier #1, #7 and #8

Fig. 3.9: Second retrofit scheme
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4 Probabilistic Seismic Hazard Analysis of
Humboldt Bay Bridge Site

4.1 INTRODUCTION

In the context of PEER PBEE, Probabilistic Seismic Hazard Analysis involves

definition and probabilistic description of relevant IMs and selection of rock outcrop

or stiff soil ground motions consistent with the seismic hazard for use in design or

assessment. In this study, IM is taken as ( )1, 5%aS T ξ = , the 5% damped elastic

spectral acceleration at the first small-amplitude period (T1) of the finite element

model of the bridge-foundation-ground system described in the following chapter.

The first step is to identify the potential seismic sources and their seismicity. The

seismic hazard can be obtained by following Eq. (2.6) and applying the appropriate

attenuation relations. The seismic hazard obtained by Eq. (2.6) needs to be modified

to incorporate amplitude and duration effects of near-fault rupture directivity

(Somerville et al. 1997). Eq. (2.6) actually combines the effects of all potential

seismic sources. The seismic hazard can in turn be broken down into its contributions

from different magnitude and distance pairs at the specified seismic hazard level and

specified period to provide insight into what events are the most important for the
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hazard. This process is call deaggregation of seismic hazard (Bazzurro and Cornell

1999). In this study, three seismic hazard levels were selected, namely 50%, 10% and

2% probability of exceedance in 50 years. The annual probabilities of exceedance for

these three levels are 1.4%, 0.2% and 0.04%, respectively. Finally, representative

ground motion time histories are selected or synthesized consistent with the magnitude

and distance of the dominant causative seismic source, the tectonic environment, the

site condition, the directivity, focal mechanism and so on.

4.2 SEISMIC SOURCES

The Humboldt Bay region lies in an area of complex tectonic interaction among

the Gorda, North American, and Pacific plates. The rates of observed seismicity

during the historical and instrumental record in the Humboldt region have been

relatively high. Nearly all of these events have occurred within the Gorda slab or, to a

lesser extent, within the North American crust. The Little Salmon fault is the closest

and most active fault in the vicinity of the Humboldt Bay bridges. Figure 3.3 in

PG&E (2001) indicates that the bedrock of the Humboldt Bay region consists of lower

Tertiary Coastal Belt Franciscan Complex and Yager formation. Immediately south of

the Little Salmon fault, the surface of Franciscan is downthrown to a depth of about

3km by the Little Salmon fault. It is assumed that the ground motions at the site will

not be influenced by this deep basin condition.



37

4.3 UNIFORM HAZARD SPECTRA

Uniform hazard spectra for the site (Table 4.1) were selected from an evaluation of

three estimates: the USGS probabilistic seismic hazard maps for rock site conditions

(Frankel et al. 1996), Geomatrix Consultants (1994), and PG&E (2001). The USGS

estimates are for soft rock site (NEHRP B/C site category) conditions. The Geomatrix

Consultants spectra are for rock site conditions. The PG&E spectra are for rock site

conditions at the Humboldt Bay Power Plant, located 8.5km south-southwest of the

bridge site and 0.5km northeast of the Little Salmon fault. Comparison of the three

sets of uniform hazard spectra indicates that the USGS spectra are close to the average

of the three, and so they were used as a basis for developing rock spectra at the site.

Table 4.1: Uniform hazard spectra at Humboldt Bay Bridge site, (a) 50% in 50 years

Rock Soil
Period SN, Trans SP, Long SN, Trans SP, Long
0.01 0.390 0.390 0.324 0.324
0.10 0.750 0.750 0.546 0.546
0.20 0.870 0.870 0.712 0.712
0.30 0.820 0.820 0.801 0.801
0.50 0.620 0.620 0.762 0.762
1.00 0.340 0.327 0.520 0.500
1.50 0.223 0.211 0.389 0.370
2.00 0.160 0.149 0.283 0.264
3.00 0.098 0.089 0.177 0.160
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Table 4.1: Uniform hazard spectra at Humboldt Bay Bridge site, (b) 10% in 50 years

Rock Soil
Period SN, Trans SP, Long SN, Trans SP, Long
0.01 0.770 0.770 0.515 0.515
0.10 1.420 1.420 0.795 0.795
0.20 1.730 1.730 1.126 1.126
0.30 1.680 1.680 1.366 1.366
0.50 1.300 1.300 1.427 1.427
1.00 0.762 0.704 1.163 1.074
1.50 0.482 0.520 0.876 0.785
2.00 0.383 0.333 0.702 0.610
3.00 0.238 0.193 0.445 0.362

Table 4.1: Uniform hazard spectra at Humboldt Bay Bridge site, (c) 2% in 50 years

Rock Soil
Period SN, Trans SP, Long SN, Trans SP, Long
0.01 1.250 1.250 0.890 0.890
0.10 2.350 2.350 1.421 1.421
0.20 2.800 2.800 1.949 1.949
0.30 2.750 2.750 2.359 2.359
0.50 2.300 2.300 2.609 2.609
1.00 1.378 1.273 2.104 1.943
1.50 0.844 0.756 1.517 1.359
2.00 0.638 0.554 1.158 1.006
3.00 0.420 0.341 0.777 0.632

The rock spectra were modified in two steps to include near-fault rupture

directivity effects using the model of Somerville et al. (1997). First, the average

horizontal response spectrum was modified to include forward rupture directivity

effects, increasing the spectral ordinates at periods longer than 0.6sec. Second, this

modified average horizontal response spectrum was used to derive strike-normal (SN,

larger) and strike-parallel (SP, smaller) components. Both modifications were done

for reverse faulting earthquakes for the magnitude and distance combinations derived

from the deaggregation of the hazard, listed in Table 4.2. 
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Soil spectra were generated from the rock site spectra by multiplying the rock

spectra by the ratio of soil to rock spectra for the Abrahamson and Silva (1997) ground

motion model. These ratios are for the mode magnitude and distance combinations

from the deaggregation of the hazard, listed in Table 4.2, except that magnitude 7.5

and distance 5km were used for 2% in 50 year spectra as well as for the 10% in 50

year spectra. The Abrahamson and Silva (1997) model is considered to be a realistic

generic representation of the differences between rock and soil ground motions close

to large earthquakes, but it does not represent site-specific conditions at the Humboldt

Bay bridge.

The uniform hazard spectra for these three hazard levels for both rock and soil site

conditions at Humboldt Bay are shown in Fig. 4.1.  Listed in Table 4.2 are the spectra

accelerations evaluated at the fundament period (0.71sec) of the bridge-foundation-

soil system by interpolating the uniform hazard spectra in log-log scale plot. These

spectra acceleration values are denoted by star in Fig. 4.1. The seismic hazard curves

(in terms of annual probability of exceedance, PE) for both soil and rock site

conditions, as shown in Fig. 4.2, are obtained by least square fitting the Gumbel

distribution to the spectra accelerations at the three selected seismic hazard levels, i.e.,

[ ] ( ) ( ){ }exp exp >0IMP IM im F im imα β α≤ = = − − −    (4.1)

where α and β are two distribution parameters determined by fitting.
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Table 4.2: Spectra accelerations at the first small-amplitude period (0.71sec) of the
bridge-foundation-soil system

Rock (SP, Long) Soil (SP, Long)
50% in 50 years 0.461 0.627
10% in 50 years 0.978 1.251
2% in50 years 1.747 2.275
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4.4 DEAGGREGATION OF SEISMIC HAZARD

The deaggregation analysis was conducted for the three selected seismic hazard

level at a period of 1.23sec, the fundamental period of the first generation of the finite

element model of the HBMC Bridge. This model is different from the latest model

described in Chapter 5 in that its soil properties are weaker than the actual ones, its

soil domain is much smaller (550m in length and 80 m in depth), and it has the shear

beam boundary conditions as described in section 6.5.1. A set of ground motion time

histories is selected or synthesized based on the deaggregation analysis for each of the

three seismic hazard levels. The model has been improved after the deaggregation

analysis was completed. Theoretically, the deaggregation analysis should be

conducted again at the first small amplitude period (0.71sec) of the latest model that is

used in the nonlinear structural response simulations. And appropriate sets of ground

motions need to be developed based on the new deaggregation results. However, it

appears that the deaggregation results are quite similar at period 1.23sec and 0.71sec

and the dominant seismic sources remain the same in a broad range of period

including these two for a specified seismic hazard level. Fig. 4.3 through Fig. 4.5 

show the USGS deaggregation results of the Humboldt Bay site at the hazard level of

10% in 50 years and at period 0.5 sec, 1 sec and 2 sec, respectively

(http://earthquake.usgs.gov/research/hazmaps/products_data/index.php). Comparison

indicates that the difference among the deaggregation results at the three different

periods is insignificant. The dominant contribution to the seismic hazard comes from

events with the same magnitude and distance combination. Furthermore, the error in
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the simulated structural responses caused by using the ground motion time histories

developed based on deaggregation results at 1.23sec for the new bridge-foundation-

soil model is much smaller than that caused by the uncertainty of the ground motion

profile itself, called record-to-record variability. So each selected time history is

scaled at 0.71sec so that its spectra acceleration matches the uniform hazard spectra, as

shown in Fig. 4.1, at its corresponding seismic hazard level. Finally the latest model is

subjected to the scaled time histories to predict the structural seismic responses.

The deaggregation of the hazard at a period of 1.23sec is given in Table 4.3.  For

the 50% in 50 years hazard level, the largest contributions come from magnitude 7

earthquakes within the Gorda Plate, which underlies the site at a depth of 20km. For

the 10% in 50 years hazard level, the largest contributions come from magnitude 7.5

shallow thrust earthquakes on the Little Salmon fault. For the 2% in 50 years hazard

level, the largest contributions come from the synchronous occurrence of a large

subduction earthquake on the Gorda – North America plate interface and rupture of

the Little Salmon fault, modeled as an imbricate fault connected to the plate interface

at depth.
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Fig. 4.3: Deaggregation of seismic hazard of Humboldt Bay site at 10% in 50 years hazard level and period 0.5sec
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Fig. 4.4: Deaggregation of seismic hazard of Humboldt Bay site at 10% in 50 years hazard level and period 1.0sec
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Table 4.3: Deaggregation of uniform hazard spectral, rock, strike normal (transverse)

Hazard Level Earthquake Source Sa at 1.23sec M mode R mode
50% in 50 years Gorda Plate 0.260 7.0 20km
10% in 50 years Little Salmon 0.575 7.5 5km
2% in 50 years Little Salmon+ Subduction

Zone
1.020 8.0 15km

4.5 PROCESS OF SELECTING GROUND MOTION RECORDINGS

The recordings listed in Table 4.4, Table 4.5 and Table 4.6 were selected to satisfy

to the extent possible the magnitude and distance combinations from the

deaggregation listed in Table 4.3. All of the recordings are from earthquakes in

subduction zone environments. In most cases, the selected recordings are from

earthquakes having appropriate magnitudes, distances and faulting style (thrust).

Detailed information on the characteristics of the recording sites is not known, and

they are classified using broad rock and soil categories.

4.5.1 Time Histories for 50% in 50 Years

The time histories used to represent the 50% in 50 year ground motions are listed

in Table 4.4. All of the recordings are from earthquakes in the Cape Mendocino

region, which are described by Oppenheimer et al. (1993) and Hagerty and Schwartz

(1996). The two 1992 aftershocks occurred within the subducting Gorda Plate, which

is the type of event that controls the seismic hazard at the site at this return period.

Both aftershocks had strike-slip focal mechanisms. The identity of the fault planes of

these two aftershocks have not been determined, but we have assumed that the
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northeast striking nodal plane of each event is the fault plane (as was the case for the

1981 magnitude 7.2 event that occurred further north), because of the apparent

presence of rupture directivity effects on the component oriented northwest. Moderate

scale factors, mostly in the range of 0.5 to 2.0, are required to scale these recordings to

the spectra at 1.23 seconds period.

Table 4.4: Time histories representing the 50% in 50 years hazard level

Earthquake
Mw, Strike

(o E of N)
Station Distance Site

Transverse

Scaling

Factor

Longitudinal

Scaling

Factor

Reference

Cape

Mendocino
20 Rock 2.1251 2.4531

Honeydew

1991/8/17
6.1 173

Petrolia 17 Soil 1.6025 3.8325

Hagerty

and

Schwartz

1996

Bunker Hill 8.8 Rock 0.6363 0.7403

Butler Valley 37 Rock 1.5045 1.2458

Centerville 16 Soil 0.8697 1.3733

Eureka college 21 Soil 2.2743 1.3054

Eureka School 24 Soil 1.3515 1.8152

Ferndale 14 Soil 0.6479 0.6580

Fortuna 13 Soil 2.6022 1.9781

Loleta 17 Soil 2.2307 1.5969

Cape

Mendocino
6.8 350

Rio Dell 13 Soil 0.9703 4.9913

Oppenhei

mer et al.

1993

Hagerty

and

Schwartz

1996

Bunker Hill 27 Rock 1.4055 1.4670

Centerville 27 Soil 1.3934 2.3654

Eureka College 46 Soil 1.3290 2.3149

Eureka School 48 Soil 2.0957 3.0937

Ferndale 34 Soil 0.9564 2.3805

Fortuna 43 Soil 1.8440 3.0577

Cape

Mendocino

aftershock,

1992/4/26

6.6 215

Loleta 41 Soil 1.2869 2.2928

Hagerty

and

Schwartz

1996

Bunker Hill 27 Rock 0.3534 0.8592

Centerville 28 Soil 1.7031 3.6598

Ferndale 34 Soil 0.6421 0.8964

Cape

Mendocino

aftershock,

1992/4/26

6.6 222

Fortuna 43 Soil 1.1979 2.3033

Hagerty

and

Schwartz

1996
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4.5.2 Time Histories for 10% in 50 Years

The time histories used to represent the 10% in 50 year ground motions are listed

in Table 4.5. These time histories are from diverse earthquakes. Two are from the

1992 Cape Mendocino earthquake, which may have occurred on the interface between

the Gorda and North American plates (Oppenheimer et al. 1993). Two are from the

1978 Tabas, Iran earthquake (Hartzell and Mendoza 1991). The Tabas earthquake

was a large shallow thrust earthquake, analogous to those that occur on the Little

Salmon fault. Fifteen are from the 1999 Chi-chi, Taiwan earthquake (Ma et al. 2001,

Thio et al. 2001). The Chi-chi earthquake was a shallow thrust earthquake that has

close similarities with the Little Salmon Fault. Both faults are interpreted as imbricate

faulting in the accretionary prism of subduction zones.



49

Table 4.5: Time histories representing the 10% in 50 years hazard level

Earthquake

Mw,

Strike

(o E of N)

Station Distance Site

Transverse

Scaling

Factor

Longitudinal

Scaling

Factor

Reference

Dayhook 14 Rock 2.0756 2.5058Tabas

1978/9/16
7.4 330

Tabas 1.1 Rock 0.6502 1.1124

Hagerty and

Schwartz 1996

Cape

Mendocino
6.9 Rock 1.7375 1.0262Cape

Mendocino

1992/4/25

6.8 350

Petrolia 8.1 Soil 1.7027 2.1611

Oppenheimer

et al. 1993

Hagerty and

Schwartz 1996

TCU052 1.4 Soil 1.0391 0.7781

TCU065 5.0 Soil 0.9532 1.1207

TCU067 2.4 Soil 1.4404 1.7928

TCU068 0.2 Soil 1.2666 1.2273

TCU071 2.9 Soil 1.6855 1.6726

TCU072 5.9 Soil 1.9452 1.8885

TCU074 12.2 Soil 1.3619 1.7245

TCU075 5.6 Soil 3.7490 4.2283

TCU076 5.1 Soil 3.3518 1.4460

TCU078 6.9 Soil 2.5733 2.3375

TCU079 9.3 Soil 1.4103 2.0677

TCU089 7.0 Rock 1.8661 1.7126

TCU101 4.9 Soil 3.8131 2.6824

TCU102 3.8 Soil 1.3790 1.5644

Chi-Chi

1999/9/20
7.6 0

TCU129 3.9 Soil 1.8841 3.1964

Thio et al.

2001

4.5.3 Time Histories for 2% in 50 Years

The time histories used to represent the 2% in 50 year ground motions are listed in

Table 4.6. These time histories are from large interplate subduction earthquakes: the

1985 Valparaiso, Chile and Michoacan, Mexico earthquakes (Somerville et al. 1991).

They are realistic representations of the ground motions expected from large
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subduction earthquakes occurring on the interface between the Gorda and North

American plates, which lies at a depth of about 20km beneath the site. The plate

interface is at depths of about 20km and 30km respectively beneath the coasts of

Michoacan and Valparaiso. The seismic hazard calculations of Geomatrix (1994) and

PG&E (2001) both encompassed the synchronous occurrence of a large subduction

earthquake on the plate interface and rupture of the Little Salmon fault, modeled as an

imbricate fault connected to the plate interface at depth. We have not attempted to

construct composite time histories that combine these two events. Large scale factors

are required to scale most of these recordings to the spectra at 1.23 seconds period,

reflecting the unusually low ground motion levels of these events at 1 second Sa

compared with most subduction events.

Table 4.6: Time histories representing the 2% in 50 years hazard level

Earthquake

Mw,

Strike

(o E of N)

Station Distance Site

Transverse

Scaling

Factor

Longitudinal

Scaling

Factor

Reference

Llollea 34 Rock 3.2376 1.9800

Pichilemu 24 Rock 7.3323 7.1923

Valparaiso -

UTFSM
28 Rock 7.1745 11.1475

Valparaiso -

Ventanas
30 Soil 3.6103 4.4245

Vina del Mar 30 Soil 5.9856 3.8483

Valparaiso,

Chile

1985/5/3

8.0 10

Zapaller 30 Rock 11.3416 11.5101

Somerville

et al. 1991

Caleta de Campos 12 Rock 7.9402 5.4386

La Union 22 Rock 6.4635 7.1285

La Villita 18 Rock 10.4326 8.9710

Michoacan,

Mexico

1985/9/19

8.0 300

Zihuatenejo 21 Rock 6.5887 6.4156

Somerville

et al. 1991
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4.6 REPRESENTATION OF NEAR FAULT RUPTURE DIRECTIVITY
EFFECTS IN THE GROUND MOTION RECORDINGS

The selected ground motion time histories were all recorded sufficiently close to

the fault to contain rupture directivity effects. Forward rupture directivity

(propagation of rupture towards the recording station) produces a pulse of intermediate

or long period ground motion whose particle motion is orientated in the direction

normal to the strike of the fault (Somerville et al. 1997, Somerville et al. 2000,

Somerville 2002). This pulse is manifested by a response spectrum that is larger on

the strike normal component than on the strike parallel component at periods longer

than about 0.6 seconds. There are indications that the period of the pulse may increase

with magnitude (Somerville et al. 2002). If the earthquake ruptures away from the

recording station, then rupture directivity effects are less pronounced. Some of the

selected recordings contain forward rupture directivity conditions, and others do not.

In the vicinity of the Humboldt Bay Bridge, the Little Salmon fault has a strike of

North 34 degrees West, approximately parallel to the longitudinal axis of the bridge.

The transverse axis is thus oriented in the strike normal direction. All of the recorded

time histories were rotated to the strike normal and strike parallel directions and

labeled transverse and longitudinal respectively. Generally, if the recording contains

forward rupture directivity effects, its transverse component is expected to be larger

than its longitudinal component for peak velocity and peak displacement, and for

spectral accelerations having periods longer than about 0.5 seconds. This is the case

for many of the time histories that are provided.
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4.7 REPRESENTATION OF STATIC GROUND DISPLACEMENTS IN THE
GROUND MOTION RECORDINGS

An earthquake occurs when elastic strain that has gradually accumulated across a

fault is suddenly released in a process of elastic rebound. The elastic energy stored on

either side of the fault drives the motion on the fault. The elastic rebound generates

dynamic strong ground motion that last for a few seconds to a few minutes. The

elastic rebound also generates static deformation of the ground. The static

deformation of the ground consists of a discontinuity in displacement on the fault

itself, and a gradual decrease in this displacement away from the fault on either side of

the fault. Even if the fault does not break the surface, there is static deformation of the

ground surface due to subsurface faulting. The characteristics of static near fault

ground motion are described by Somerville (2002).

Strong ground motions recorded on digital accelerographs in recent earthquakes,

including the 1985 Michoacan, Mexico, 1999 Chi-chi, Taiwan and 1999 Kocaeli,

Turkey earthquakes, contain both dynamic ground motions and static ground

displacements. The static ground displacement is coincident in time with the largest

dynamic ground velocities, and occurs over a time interval of several seconds. It is

therefore necessary to treat the dynamic and static components of the seismic load as

coincident loads. The recordings of the 1985 Michoacan, Mexico earthquake and four

of the recording of the 1999 Chi-chi, Taiwan earthquake provided for the testbed

include the permanent ground displacement. Three of the Chi-chi earthquake

recordings, from stations TCU 052, TCU 068 and TCU 102, were processed by Boore

(2001) and kindly provided by him. The recording at station TCU 074 displays
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ground displacement without using techniques for baseline removal and is used with

only a pre-event mean removed. No attempt has been made to make the amount of

static displacement in these recordings conform to an estimated probabilistic level of

ground displacement at the site; the recordings have instead been scaled to represent

the ground motion response spectrum at 1.23 seconds period, as described below.

4.8 SCALING OF THE GROUND MOTION RECORDINGS

For each set of recordings, two scaling factors were found. One matched the strike

normal (transverse) time history to the strike normal (transverse) uniform hazard

spectrum at a period of 0.71 sec. The second matched the strike parallel (longitudinal)

time history to the strike parallel (longitudinal) uniform hazard spectrum at a period of

0.71 sec. These scaling factors were then applied to all three components of the

recording. This scaling procedure preserves the relative scaling between the three

components of the recording. Consequently, the transverse component is larger than

the longitudinal component at longer periods for many of the recordings. The ground

motions are provided in three versions: unscaled; scaled so that the transverse

component matches the transverse equal hazard spectrum at 0.71 sec; and scaled so

that the longitudinal component matches the longitudinal equal hazard spectrum at

0.71 sec.



54

10
−2

10
−1

10
0

10
110

−3

10
−2

10
−1

10
0

10
1

Period [sec]
A

cc
el

er
at

io
n

[g
]

rock
soil

S
a
(T

1
,x=5%)=0.46g

S
a
(T

1
,x=5%)=0.63g

T
1
=0.71sec

(a) 50% in 50 years hazard level

10
−2

10
−1

10
0

10
110

−3

10
−2

10
−1

10
0

10
1

Period [sec]

A
cc

el
er

at
io

n
[g

]

rock
soil

T
1
=0.71sec

S
a
(T

1
,x=5%)=0.98g

S
a
(T

1
,x=5%)=1.25g

(b) 10% in 50 years hazard level

10
−2

10
−1

10
0

10
110

−3

10
−2

10
−1

10
0

10
1

Period [sec]

A
cc

el
er

at
io

n
[g

]

rock
soil

T
1
=0.71sec

S
a
(T

1
,x=5%)=1.75g

S
a
(T

1
,x=5%)=2.28g

(c) 2% in 50 years hazard level
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levels
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5 Probabilistic Seismic Demand Analysis
Part I: Computational Model of the
Humboldt Bay Middle Channel Bridge and
Preliminary Analyses

5.1 INTRODUCTION

Earthquake-resistant design requires the analysis of a structural system to predict

its deformations and internal forces due to earthquakes. A wide range of seismic

structural analysis methods (from simple ones to sophisticated ones) is available. The

level of sophistication required depends on the purpose of the analysis in the design

process. However, an appropriate model of the structure and realistic representation

of the earthquake ground motion are essential in all methods. The model should

represent with sufficient fidelity the distribution and possible time variation of the

stiffness, strength, deformation capacity, and mass of the structure. Nonlinear

relations between forces and displacements due to material and/or geometric

nonlinearities are now widely used in structural analysis. The structural response

history due to an earthquake can be computed through dynamic analysis. This paper

presents an advanced nonlinear time history analysis of a bridge-foundation-ground
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(BFG) system under seismic excitation. The analysis method used can be readily

applied to other types of structures.

A number of researchers have recently investigated through analytical studies the

seismic behavior of bridges including the effects of soil-structure interaction (SSI).

Some of them used motions of bridges recorded during actual earthquake events and

performed system identification studies to estimate the actual vibration properties of

the bridge systems and to elucidate the effects of the abutments, approach

embankments (ramps), and soil-foundation-structure interaction on the seismic

response of these bridges. It was found that for short-span overpass bridges, the

bridge superstructure, abutments and approach embankment soil behave as an

integrated system during earthquakes. Furthermore, the dynamic behavior of the

foundation soil and embankment soil has significant influence on the seismic response

of the bridge superstructure (Werner et al. 1987, 1990, and 1994, Wilson and Tan

1990a and 1990b). Goel (1997) and Goel and Chopra (1997) identified the vibration

properties of a two-span concrete bridge from its response recorded during real

earthquake events to study the effects of abutments on the seismic behavior of bridges

with integral abutments. Their results indicate that abutment participation as well as

nonlinear soil behavior and SSI plays a significant role in the seismic response of the

bridge.

Dynamic analysis of bridges is increasingly used to assess the safety of existing

bridges in locations of high seismic risk and to develop appropriate retrofit strategies.

In particular, Dendrou et al. (1985) developed a methodology to analyze the effects of
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traveling seismic waves on the dynamic response of an elastic concrete bridge. In

their formulation, the bridge system is represented using a three-dimensional finite

element model, while the underlying soil medium is modeled using a boundary

integral method. A sub-structuring approach is used to model the bridge-soil dynamic

interaction. Seismic excitations are induced by plane shear and Raleigh waves and

their effects on the concrete deck are evaluated in terms of displacement field.

Mylonakis et al. (1997) also implemented a sub-structuring method for the seismic

analysis of bridge piers founded on vertical piles and pile groups in multi-layered soil.

For typical bridge piers founded on soft soil, they explore through a parameter study

the importance of soil-pile-bridge interaction.

In other studies (Spyrakos 1992, Ciampoli and Pinto 1995, Mylonakis and

Gazetas, 2000, Zhang and Makris 2002, Kappos et al. 2002, Jeremic et al. 2004), a

detailed model of the bridge structure (above ground) is developed including material

nonlinearities, with the foundation soil replaced by equivalent springs and dampers,

and dynamic analyses of the structure, spring and damper system are performed. This

approach partially accounts for soil-foundation-structure interaction effects at

minimum additional computational cost. However, in reality the dynamic behavior

(both linear and nonlinear) of the foundation soil is too complicated to be simplified

into springs and dampers of constant parameters. In addition, due to SSI effects, the

earthquake ground motion on the soil-structure interface differs from the free-field

motion, which is commonly used in these studies as input seismic excitation at the

fixed-end of the springs and dampers. Soil motions at different locations at any given
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instant are generally different in both amplitude and phase due to the propagating

nature of seismic waves. This effect is very important for bridges, which generally

have spatially extended foundations. Therefore it is important to represent the

foundation soil explicitly in the analytical bridge model to fully deal with the SSI

mechanism (Clough and Penzien 2003). In their comprehensive study, McCallen and

Romstadt (1994) developed a detailed, large-scale, nonlinear (material) three-

dimensional finite element model of an actual soil-foundation-bridge system,

modeling explicitly the foundation soil and pile group foundations. Using this model,

they performed eigenvalue analysis (at the initial stiffness properties) and nonlinear

seismic response history analyses, and obtained some enlightening results such as the

significant effects of the stiffness and inertia of the soil embankments on the overall

system natural vibrations as well as the high levels of modal damping to be used in an

equivalent linear elastic stick model of the bridge (as used in practice). The model

used to determine the system natural vibration properties extends vertically to a depth

corresponding to the nominal pile tip elevation. However, in their seismic response

calculations, they truncated the detailed model at approximately the original grade

elevation and utilized the free-field ground motion directly as input to the base of the

truncated model. A simple Ramberg-Osgood elastoplastic model was fit to the

standard modulus reduction and damping curves developed by Seed et al. (1984) to

represent the nonlinear hysteretic behavior of the soil embankments.

This chapter focuses on the Humboldt Bay Middle Channel (HBMC) Bridge near

Eureka in northern California. It was selected as a bridge testbed by the Pacific
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Earthquake Engineering Research (PEER) Center in order to apply and evaluate the

PEER performance-based earthquake engineering (PBEE) methodology (Porter 2003).

A two-dimensional, advanced nonlinear finite element model of this bridge system

including the structure, pile group foundations, approach embankments and foundation

soil is developed in OpenSees (McKenna and Fenves 2001), the new software

framework for advanced modeling and nonlinear analysis of structural and/or

geotechnical systems developed by PEER. In this model, the foundation soil is

modeled explicitly as a multi-layered elastoplastic continuum, accounting for

liquefaction effects. This model is also the basis from which large ensembles of

nonlinear response history analyses are to be performed to predict the seismic demand

of the bridge system in probabilistic terms as one of the analytical steps of the PEER

PBEE methodology. Thus, in order to benefit from a finite element model that is

numerically robust to the implicit integration of its equations of motion for multiple

seismic inputs, as well as to achieve an acceptable computational time (not exceeding

18 hours per response history analysis on a regular PC), a two-dimensional, instead of

three-dimensional, model of the bridge system is developed herein. This provides a

first step towards a more realistic 3-D representation of the earthquake response

behavior of the bridge system. This paper focuses only on the longitudinal response of

the bridge system assuming plane strain condition for the soil domain, which does not

imply that the transversal response of the bridge is insignificant or irrelevant and

should be ignored. Realistic nonlinear inelastic constitutive models are used for the

structural (concrete and structural steel) and soil materials under cyclic/dynamic
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loading. Lysmer-type transmitting/absorbing boundaries are implemented in this

model and special measures are taken to define the seismic input at the bottom of the

computational soil domain. For each response history analysis, a staged analysis

procedure is adopted in which the gravity forces of the soil (first) and bridge (second)

are applied quasi-statically followed by the dynamic application of the seismic

excitation. Representative responses of the model to an occasional earthquake (with a

probability of exceedance of 50% in 50 years) and a very rare earthquake (with a

probability of exceedance of 2% in 50 years) are presented.

5.2 COMPUTATIONAL MODEL

A two-dimensional nonlinear finite element model (shown in Fig. 5.1) of the

HBMC Bridge, including the superstructure, piers, pile group foundations, abutments,

embankment approaches, and foundation soil, was developed in the software

framework OpenSees. This model includes 10,889 nodes, 10,600 elements and 20,686

degrees of freedom. As already mentioned, this study investigates the seismic

response behavior of the bridge in the longitudinal direction only.
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Fig. 5.1: OpenSees finite element model of HBMC Bridge ground system (based on blue prints courtesy of Caltrans, mesh
constructed using GID software)
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5.2.1 Foundation Soil

The soil domain is assumed under plane strain condition. Its dimensions are

1,050m in length and 220m in depth, at which bedrock is encountered. The soil

domain is taken sufficiently long so as to satisfy the following criteria for the soil

response away from its lateral boundaries: (1) the simulated soil response assuming

homogeneous, linear elastic, undamped soil material in the entire computational soil

domain, is sufficiently close to that of a shear soil column made of the same material;

and (2) the vertical component of the simulated nonlinear soil response remains

relatively small compared to the horizontal component at the same location. The soil

domain is spatially discretized using four-noded, bilinear, isoparametric finite

elements with four integration points. The size of the finite elements throughout the

soil domain is controlled by the soil shear wave velocity profile (see Fig. 3.8) such that

shear waves up to about 15Hz can be propagated with sufficient accuracy through the

soil mesh. The thickness of the soil domain (out of plane) below the water table (i.e.,

ground surface) is taken as 6.10m, which corresponds to the width of the 1372mm

(54in) pile groups supporting the bridge piers, while a thickness of 10.4m, equal to the

separation distance between the abutment wing walls, is used for the approach

embankments.

According to the idealized soil profile developed above (see Fig. 3.7), the soil

domain is divided into the following layers as shown in Fig. 5.1: (1) dense to very

dense, fine to medium grained sand (SP), (2) organic silt (OL), (3) dense to very
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dense, fine to medium grained sand (SP), (4) very stiff clay (CL), (5) medium dense,

silty sand (SP/SM), (6) dense sand (SP), (7) loose sandy silt, silty sand with organic

matter (OL/SM), (8) soft organic silt (OL), and (9) abutment fill, compact medium

dense sand.

The abutment fill is modeled as dry material, while the other soil layers, which are

below the water table, are modeled as saturated materials with simplified treatment of

liquefaction effects based on the assumption of undrained conditions. Two types of

soil material constitutive models are used in this study: pressure independent and

pressure dependent material models. These models are formulated in effective stress

space and are based on multi-yield-surface (i.e., nested yield surfaces) plasticity. The

pressure independent model is an elastoplastic model for simulating monotonic and

cyclic response of materials whose shear behavior is insensitive to changes in the

confining pressure. In this model, a set of Von Mises yield surfaces with different

t

g

t
Failure Surface 

(a) yield surface configuration in principal
effective stress space

(b) shear stress-strain and effective
stress path

Fig. 5.2: Pressure independent soil material
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sizes form the hardening zone as shown in Fig. 5.2. The outermost surface defines the

shear strength (or failure) envelope. Nonlinear kinematic hardening and associative

flow rules (Prevost 1985) are employed to reproduce Masing-type hysteretic behavior.

The pressure dependent model is an elastoplastic model for simulating the monotonic

and cyclic key response characteristics of soil materials with mechanical (properties)

behavior that depends on the confining pressure. Such characteristics include

dilatancy (shear-induced volume contraction or dilation) and non-flow liquefaction

(cyclic mobility), typically exhibited in medium to dense sands or silts during

monotonic and cyclic loading. In this model, a set of Drucker-Prager nested yield

surfaces with a common apex and different sizes form the hardening zone as shown in

Fig. 5.3. The outermost surface defines the shear strength (or failure) envelope.

Nonlinear kinematic hardening and non-associative flow rules are employed to

reproduce the dilatancy effect (Elgamal et al. 2003). These soil models have been

extensively validated and calibrated for both drained (or dry) and undrained

(liquefaction) conditions based on various laboratory tests (e.g., Arulmoli et al. 1992,

Kammerer 2000), centrifuge experiments (e.g., Dobry 1995), and downhole-array

seismic records (e.g., Elgamal et al. 2001).
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(a) yield surface configuration in
principal effective stress space

(b) shear stress-strain and effective
stress path

Fig. 5.3: Pressure dependent soil material

Pressure independent material constitutive laws are employed to model the solid

phase of clay and silt (soil layers 2, 4, 7, 8, and 9 in Fig. 3.7), while pressure

dependent material constitutive laws are used to model the solid phase of sand and

silty sand (soil layers 1, 3, 5, and 6 in Fig. 3.7). In order to simulate undrained

response in saturated soil layers, the above material models of solid phase are

embedded in a linear elastic material model with high bulk modulus (i.e., nearly

incompressible) to model the fluid phase (Yang et al. 2005). Material constitutive

parameters were determined for the various soil layers based on SPT (i.e., (N1)60) data

and laboratory sample test results (undrained shear strength, unit weight) provided by

Caltrans as well as various empirical relations (Meyerhof 1956, Mitchell and Katti

1981, Duncan et al. 1989). The most significant material parameters including the

friction angle, cohesion, and initial (low strain) shear modulus are reported in Table

5.1. In the case of clay and silt materials, these primary soil parameters are sufficient

to characterize completely the pressure independent soil models (Yang et al. 2003).

For pressure dependent soil materials, in addition to these primary parameters, other

0p′

2σ ′
3σ ′

p′
1σ ′

τ

τ

γ

p′



66

parameters governing the dilatancy behavior were calibrated based on the simplified

procedure for liquefaction susceptibility (Youd and Idriss 2001) and using empirical

relations proposed by Seed et al. (2003) and Liu et al. (2001).

Table 5.1: Major modeling parameters of foundation soil

Soil layer Average
(N1)60

+
Saturated unit

weight
(ton/m3)

Gmax
*

(kPa)
Friction
angle

(degrees)

Cohesion
(kPa)

1, 3 and 6 (SP) 50 2.1 5.3×105 42 0
2 (OL) 14 2.0 4.8×105 35 70
4 (CL) 20 1.8 4.0×105 0 100
5 (SP/SM) 20 1.9 2.4×105 35 0
7 and 8 (OL/SM) 7 1.9 2.4×105 0 35
9 (abutment fill) - 1.9 1.0×105 30 30

+: standard penetration resistance, corrected for the energy of the hammer and to an
overburden pressure of 100kPa

*: at 80kPa mean effective confinement

The soil shear wave velocity profile measured at the Caltran’s Samoa Bridge

Geotechnical downhole array (Borehole 1) is shown in Fig. 3.8 where it is also

compared to its counterpart from the computational soil model. The latter also

accounts for the increase of the low-strain shear modulus with depth within the same

soil layer due to increase in confining pressure.

5.2.2 Structure

5.2.2.1 Abutments

The abutment seats are modeled using quadrilateral plane-strain elements made of

isotropic linear elastic material and embedded in the soil mesh. The back wall is
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modeled using linear elastic beam-column elements. Young’s modulus and Poisson’s

ratio of the abutments and back wall is taken as that of concrete (Ec = 28GPa and vc =

0.20).

5.2.2.2 Girders

Because of the high axial stiffness of the superstructure composed of four pre-

stressed, pre-cast I-girders and the slab, the deformation of the superstructure in the

longitudinal direction of the bridge is negligible (between two expansion joints)

compared to the longitudinal deformation (drift) of the bridge piers. Also, the

strength (flexural, shear) of the superstructure is higher than that of the bridge piers lap

spliced at the base. Thus, it is reasonable to model the superstructure with equivalent

linear elastic beam-column elements (one per span). The cross-sectional area (A) of

this beam-column element is 3.45m2, while its moment of inertia is 1.68m4. Young’s

modulus of the superstructure is also taken as that of concrete (Ec = 28GPa).

5.2.2.3 Lap Spliced Piers

Each bridge pier is modeled via a single fiber-section beam-column element with

five Gauss-Lobatto (G-L) points along its length. This element is formulated using the

flexibility (or force-based) approach based on the exact interpolation of the internal

forces (Spacone et al. 1996). The cross-sections at the five G-L points are discretized

into fibers of confined concrete (core), unconfined concrete (cover) and reinforcing

steel as shown in Fig. 5.4. The uni-axial Kent-Scott-Park constitutive model (Fig. 5.5)
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with degraded linear unloading/ reloading stiffness and no tensile strength is employed

to model the concrete material (Kent and Park 1971). The loading branch of this

model is described by a parabolic function as

2
2

whenc c c
c c

f f
ε ε ε ε
ε ε

  
′ ′ = − ≤ ′ ′   

 (5.1) 

where , ,c cf fε ′ and cε ′ denote the stress, the corresponding strain, the compressive

strength and the strain at peak strength, respectively. Softening beyond the

compressive strength is approximated as a linear function. A residual strength (or

crushing strength), cuf ′ , and the corresponding strain cuε ′ (strain at crushing strength)

are also specified. The parameters of the confined and unconfined concrete materials

in the piers are given in Table 5.2. For the cross-sections at the upper four G-L points

of each pier element, the uni-axial bilinear material model (or uni-axial J2 plasticity

model with linear kinematic hardening, as shown in Fig. 5.6) is used to model the

reinforcing steel with the following material parameters: Young’s modulus

( )200 29,000sE GPa ksi= , yield strength ( )276 40yf MPa ksi= and post-yield

hardening ratio b = 0.8%. Fig. 5.7 shows the cyclic moment-curvature response of the

pier fiber-section defined at the upper four G-L points of each pier element. At the

base of the eight piers, all the longitudinal reinforcing bars are lap spliced. The uni-

axial tri-linear hysteretic material model shown in Fig. 5.8 is used to model the

reinforcing steel in the lap spliced region. The compression branch is the same as that

of the uni-axial bilinear material model described above. Points A, B and C in the

tension branch correspond to the yield strength, the peak capacity and the residual
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strength, respectively, of this hysteretic material model. The material properties for

this hysteretic material model, given in Table 5.3, were calibrated based on the

envelope (skeleton curve) of the lateral force-deformation (drift) response of the

bridge piers as predicted by a detailed mechanics-based model of lap spliced columns

(Acero et al. 2005), which accounts for (1) the force transfer mechanism between

spliced rebars, (2) the bond-slip degradation, (3) the length of the yield plateau in the

stress-strain law of the spliced reinforcing steel, (4) the length of the spliced region,

(5) the strain penetration of the longitudinal reinforcement into the foundation, and (6)

the axial load ratio. This mechanics-based model was itself calibrated using

experimental data on lap spliced columns. The pier lateral drift (also called tangential

drift) is defined herein as the relative top-to-bottom horizontal displacement of the

pier, minus the horizontal displacement at the top of the pier due to a rigid body

rotation of the pier equal to the rotation of its base. Fig. 5.9 shows the cyclic

hysteretic base moment-curvature response of a cantilever pier (of average height) of

the HBMC Bridge subjected to quasi-static cyclic loading (with a concentrated

horizontal load at the top) of increasing amplitude under constant axial load

(corresponding to gravity load only) as predicted by the computational model of the

pier using the calibrated model of the spliced reinforcing steel in the base section. A

quasi-static monotonic pushover analysis was performed for a single cantilever pier.

Fig. 5.10 displays the moment-curvature response at the four lower G-L points (the top

G-L point corresponding to the free end). As can be seen, the plastic deformations

concentrate at the base G-L point (representing the lap spliced region), while the other

G-L points undergo quasi-elastic loading and elastic unloading.
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Fig. 5.5: Uni-axial cyclic Kent-Park-Scott concrete model
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Table 5.2: Material parameters for concrete in bridge piers, piles and pile caps

Component
Concrete
material

Compressive
strength cf ′ (kPa)

Strain at
compressive
strength cε ′

Crushing
strength cuf ′

(kPa)

Strain at
crushing

strength cuε ′
Confined -34485 (-5.00ksi) -0.002 -6897 (-1.00ksi) -0.006

Piers
Unconfined -27588 (-4.00ksi) -0.002 0.0 -0.005
Confined -57039 (-8.27ksi) -0.005 -43728 (-6.34ksi) -0.019356mm

piles Unconfined -41383 (-6.00ksi) -0.002 -13794 (-2.00ksi) -0.006
Confined -41383 (-6.00ksi) -0.004 -27588 (-4.00ksi) -0.0141372mm

piles Unconfined -27588 (-4.00ksi) -0.002 0.0 -0.008
Pile caps Unconfined -34486 (-5.00ksi) -0.004 0.0 -0.006
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Fig. 5.7: Cyclic moment-curvature response of fiber-section at 4 upper G-L points
of pier elements
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Table 5.3: Parameters of the hysteretic material model

Stress (MPa) Strain
A 240 0.00175
B 261 0.00760
C 20 0.0140
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Fig. 5.9: Simulated cyclic base moment-curvature response of lap spliced pier
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5.2.2.4 Pile Group Foundations and Pile Caps

The HBMC Bridge is supported by two types of pile groups, namely four by four

356mm (14in) square piles and five 1372mm (54in) circular piles (see Fig. 5.11). Each

row of piles out of plane is lumped into a single equivalent pile with a monolithic

cross-section defined by the union of the cross-sections of the piles in that row and

following Bernoulli-Euler beam theory. Each lumped pile is then discretized into a

number of force-based, fiber-section beam-column elements (with five G-L points

each) to match the surrounding soil mesh. Each lumped pile cross-section is also

discretized into fibers of confined and unconfined concrete, and reinforcing steel as

shown in Fig. 5.11. The uni-axial Kent-Scott-Park constitutive model and uni-axial

bilinear model are used to model the concrete and reinforcing steel, respectively. The

pre-stressing effects were incorporated indirectly by calibrating the material

parameters so as to match section analysis results obtained by including explicitly the

pre-stressing effects (Silva and Seible 2001). These material parameters are given in

Table 5.2 and Table 5.4.  The pile nodes are directly connected to the surrounding soil

nodes in the translational degrees of freedom. Although pile elements and soil

elements have identical translational displacements at the common nodes, their

deformed shapes between two consecutive pile nodes are incompatible. As a result,

some numerical gap and interpenetration develop along the pile-soil interface.

However, this error is considered insignificant in light of the numerous simplifying

modeling assumptions made. Thus, the effects of slippage and friction between soil

and piles and/or pile-soil separation near the ground surface are not accounted for in



74

this study, as these effects would require the use of special-purpose pile-soil interface

elements. These effects have been studied by other researchers (Trochanis et al. 1991)

who found that pile-soil slippage and separation reduce the level of interaction

between piles under pure axial loading and lateral loads, respectively.

Pile caps are also modeled using force-based, fiber-section beam-column elements

with five G-L points along their length. Again, the uni-axial Kent-Scott-Park

constitutive model and the uni-axial bilinear model are used for the concrete and

reinforcing steel, respectively. The corresponding material parameters are given in

Table 5.2 and Table 5.4. 
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(a) 4 by 4 356mm pile group foundation (b) 1372mm pile group foundation

Fig. 5.11: Fiber discretization of the pile group cross-sections (the piles in the same
ellipse are lumped into one equivalent pile)

Table 5.4: Material parameters for reinforcing steel in pile foundations and pile caps

Component
Yield strength yf

(MPa)
Young’s modulus Es

(GPa)
Hardening

ratio

356mm piles 413.8 (60ksi) 200 (29000ksi) 0.008
1372mm piles 413.8 (60ksi) 200 (29000ksi) 0.008

Pile caps 413.8 (60ksi) 200 (29000ksi) 0.008
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5.2.2.5 Shear Keys at Expansion and Continuous Joints

At the abutment (expansion) joints, interior expansion joints and continuous joints,

the superstructure is connected to the abutments and piers through shear keys in the

longitudinal direction. Fig. 5.12, Fig. 5.13 and Fig. 5.14 illustrate the finite element

modeling of these three types of joints. At each joint, an equal degree of freedom

constraint in the vertical direction is imposed on each pair of superstructure and

abutment/pier-top nodes. The shear keys are modeled using zero-length elements with

an aggregated uni-axial material model composed of an “elastoplastic material model

with gap”, an “elastoplastic material model with hook” and another elastoplastic

material model, all configured in parallel. The purpose of the last elastoplastic

material model is to represent the friction between the superstructure and the bridge

pier. For this model, the yield strain is set at a very small value and the yield strength

is set at the friction force. In order to simulate the physical fracture of these shear

keys, an ultimate deformation is specified for each shear key aggregated material

model so that its internal force drops to zero when this deformation is reached and

remains zero thereafter. The material properties of the uni-axial material models used

to represent the shear keys were determined based on the construction drawings of the

bridge and simplified design-type models of shear keys. These material parameters are

reported in Table 5.5. Fig. 5.15 shows a typical cyclic force-deformation response of

a shear key.
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Fig. 5.12: Shear key at abutment joints: (a) as built, and (b) finite element model
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Fig. 5.13: Shear key at interior expansion joints: (a) as built, and (b) finite element
model
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Fig. 5.14: Shear key at continuous joints: (a) as built, and (b) finite element model
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Table 5.5: Material parameters of shear keys

Shear key location Type
Elastic

stiffness
(kN/m)

Yield
strength

(kN)

Width of
gap or

hook (mm)

Maximum
deformation

(mm)
Gap 5.00×107 -Inf -25.4 -102

Abutments
Hook 1.08×106 3700 12.7 102
Gap 8.50×105 -2200 -12.7 -102Left shear key at interior

expansion joints Hook 6.07×105 2100 12.7 102
Gap 1.72×106 -2100 0 -102Right shear key at

interior expansion joints Hook 1.82×106 2100 0 102
Gap 1.62×105 -1350 0 -102

Continuous joints
Hook 1.62×105 1350 0 102
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Fig. 5.15: Typical cyclic force-deformation response of shear keys
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5.2.3 Boundary Conditions of Computational Soil Domain and Definition of

Seismic Input

5.2.3.1 Lysmer-Type Transmitting/Absorbing Boundary and Definition of

Seismic Input

The major difficulty in directly including bounded soil layers into a finite element

model is that these bounded layers do not allow wave energy in the computational soil

domain to propagate away. In reality, part of this energy propagates beyond the

boundary of the computational domain, is dissipated by the soil medium outside this

boundary and is never reflected back into the computational domain. Thus, soil

modeling based on fixed (or spring supported) soil boundary conditions ignores

radiation damping and introduces spurious wave reflections along boundaries of the

computational soil domain. For numerical accuracy, the maximum dimension of any

soil element must be limited to one-eighth thru one-fifth of the shortest wavelength

considered in the analysis. With this limitation, it is thus desirable, for computational

efficiency, to decrease the overall size of the soil domain included in the finite element

model of the BFG system. As the overall size of the soil domain decreases,

appropriate treatment of its boundary conditions becomes increasingly important. In

the two-dimensional finite element model presented here, it is assumed that the

seismic response of the foundation soil is predominantly caused by vertically

propagating shear waves. Bedrock below the computational soil domain is assumed to

be a homogeneous, linear elastic, undamped semi-infinite half-space. The Lysmer-

Kuhlemeyer (L-K) boundary (Lysmer and Kuhlemeyer 1969) is applied to eliminate
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spurious wave reflections at the soil mesh boundary (Zhang et al. 2003). Equivalent

forces (Joyner 1975) are used to incorporate the seismic input motion.

For one-dimensional vertical shear wave propagation through homogeneous, linear

elastic, undamped soil material, the wave equation can be written as

( ) ( )2 2
2

2 2

, ,
s

u x t u x t
v

t x

∂ ∂
=

∂ ∂
 (5.2) 

where u denotes the soil particle displacement (perpendicular to the direction of wave

propagation) and vs denotes the shear wave velocity of the material given by

s

G
v

ρ
= (5.3) 

in which G and ρ are the shear modulus and mass density of the material, respectively.

The general solution of Eq. (5.2) has the form

( , ) r i
s s

x x
u x t u t u t

v v

   
= − + +   

   
(5.4) 

where ( )ru L and ( )iu L can be any arbitrary functions of ( )/ st x v− and ( )/ st x v+ ,

respectively. The term ( )r su t x v− represents the wave traveling at velocity vs in the

positive x-direction (i.e., downwards), while ( )i su t x v+ represents the wave traveling

at the same speed in the negative x-direction (i.e., upwards or towards the ground

surface). With x assumed positive downwards, ui represents the incident wave

traveling upwards into the computational domain, while ur denotes the wave reflected

downwards at the ground surface. Taking the partial derivative with respect to time of

both sides of Eq. (5.4) and multiplying by svρ yields
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where the prime superscript denotes the derivative of the associated function with

respect to its argument. Assuming linear elastic material behavior, the shear stress

( , )x tτ is given by

( , )
( , ) r i

s s s s

u x t G x G x
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(5.6)

substituting 2
sG vρ= ⋅ , Eq. (5.6) can be rewritten as

( , ) s r s i
s s

x x
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(5.7) 

Finally, combining Eqs. (5.5) and (5.7) yields

( , )
( , ) 2s s i

s

u x t x
x t v v u t

t v
τ ρ ρ

 ∂ ′= − + + ∂  
(5.8) 

Note that ( , ) /u x t t∂ ∂ represents the velocity of the total soil particle motion, while

( / ) ( / ) /i s i su t x v u t x v t′ + = ∂ + ∂ is the velocity of the incident soil particle motion.

Therefore, according to Eq. (5.8), the shear stress at any point of a linear elastic soil

column can be expressed as the summation of two terms. The first term is equivalent

to a force (per unit area) generated by a viscous damper with a constant damping

coefficient ρvs (per unit area), while the second term is given by a force (per unit area)

proportional to the velocity of the incident soil particle motion. As a result, the soil

(assumed homogeneous, linear elastic, undamped) below that point (considered at the

boundary between the computational soil domain and the bedrock) can be replaced
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with a dashpot and an equivalent force, which defines the seismic input at the base of

the computational soil domain. This treatment of the boundary conditions allows

transmission, without reflection, of the vertically incident seismic waves through the

boundaries of the computational soil domain, thus accounting for radiation damping.

This modeling approach assumes that the bedrock underlying the bridge site is made

of homogeneous, linear elastic, undamped material. There is no spatial variability of

the incident wave motion at bedrock level based on the assumption of vertically

propagating shear waves. At each node along the base and the lateral boundaries of

the soil domain, a horizontal dashpot is set to transmit the shear waves (at the base)

and compressive waves (at the lateral boundaries), respectively. The coefficient of the

dashpots at the base is sv Aρ , while that of the dashpots on the lateral boundaries is

pv Aρ , where ρ, vs and vp are the mass density, shear wave velocity, and compressive

wave velocity, respectively, of the soil material outside the boundary, and A is the

tributary surface area of the corresponding node. The earthquake excitation is applied

as equivalent horizontal forces at the nodes on the base of the computational soil

domain. Seismic inputs, however, are usually expressed in terms of accelerograms

recorded at the free-field soil surface. Consequently, the free-field motion needs to be

deconvolved in order to obtain the corresponding incident wave motion at the base of

the computational soil domain.
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5.2.3.2 Numerical Verification

In order to illustrate and validate the above procedures for implementing the

Lysmer-type boundary conditions and defining the seismic input, a rectangular,

homogenous, undamped, linear elastic soil domain (1100m in length and 220m in

depth) under plane strain condition is discretized into the finite element mesh, as

shown in Fig. 5.13. The Young’s modulus of the soil material is 1.2×109kPa and the

Poisson ratio is 0.2, i.e., its shear wave velocity is 500m/sec2. The boundary of the

mesh is treated as described in the previous section. A single Ricker wavelet with a

dominant frequency of 3.9Hz is applied as the incident wave. Fig. 5.17 and Fig. 5.18

show the wave propagation along the height of soil column #1 and #3, respectively. In

both soil columns, the amplitude of the total horizontal acceleration on the soil surface

is twice that of the incident wave at the base. In soil column 1, the soil vibrates

slightly in the vertical direction as it is close to the lateral boundary. However, the

vertical acceleration is much smaller than the horizontal acceleration at the same

location. In soil column 2, which is in the center of soil domain, the vertical

acceleration is almost zero everywhere along the height of the soil column. Fig. 5.19

compares the wave propagation along the height of all five soil columns. As can be

seen, the horizontal acceleration time histories at the same level of the five soil

columns are quite close to each other. These results justify the assumption for the

Lysmer-type boundary that in the vertically propagating shear waves scenario the two-

dimensional soil domain behaviors similarly to a one-dimensional soil column and the

Lysmer-type boundary can lead to correct simulations of soil responses.
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Soil Col. #1 Soil Col. #2 Soil Col. #3 Soil Col. #4 Soil Col. #5 

Fig. 5.16: Rectangular homogeneous linear elastic soil domain
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Fig. 5.17: Total acceleration response along the height of soil column #1
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Fig. 5.18: Total acceleration response along the height of soil column #1
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Fig. 5.19: Total acceleration response along the height of all 5 soil columns
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5.2.4 Inertia and Damping Properties

The mass of the structure is calculated based on the density and volume of

structural components and is lumped at the nodes of the structural model. Rotatory

inertia effects are neglected. The total translational mass at any node corresponds to

the sum of the nodal contributions from all elements attached to that node. A concrete

mass density of 2400kg/m3 is assumed. In this study, the bridge is assumed in its bare

condition (without any traffic load), and therefore no traffic related inertia effects are

considered. For the various soil layers, the buoyant soil density is used to compute

gravity loads, while the saturated mass density (including soil and water) is used to

calculate the inertia forces induced by earthquake excitation. The saturated unit

weights of the various soil layers are given in Table 5.1. 

The various sources of damping (or energy losses) in structures are mainly due to:

(1) internal hysteresis in materials arising from nonlinear stress-strain behavior,

intergranular friction and thermoelasticity; (2) friction in sliding of joints, supports,

cladding or various other parts of the structure during relative motion; and (3)

radiation damping at the supports of the structure (i.e., the vibration of the structure

strains the foundation soil near the supports and causes stress waves to radiate into the

infinite foundation). Generally, modal damping or Rayleigh damping (both linear

viscous damping) is used in order to approximate unknown nonlinear energy

dissipation when simulating the dynamic response of a structure (Clough and Penzien

2003). However, in the model of the BFG system presented here, nonlinear

constitutive models are adopted for the various materials or components, such as
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concrete, reinforcing steel, soil, and shear keys; the friction between the superstructure

and the bridge piers/abutments is represented as described in the section on Shear

Keys at Expansion and Continuous Joints; and the radiation damping is incorporated

by direct inclusion of the foundation soil layers and application of the L-K boundary

in the finite element model. Thus, most of the sources of damping in the BFG system

have been explicitly accounted for in the present model. Furthermore, bridge

structures (without foundation and soil substructures) are well known for their absence

of damping capacity. Damping values of bridge structures can be as low as inherent

material damping in some cases, although there are generally quite wide variations,

chiefly due to relative motions at supports (Eyre and Tilly 1977). Therefore, based on

the above considerations, no modal/Rayleigh damping was incorporated in the finite

element model so as to avoid artificial excessive energy dissipation in the model.

5.3 DECONVOLUTION ANALYSIS OF SURFACE FREE FIELD GROUND
MOTIONS

The seismic input for structural earthquake response simulations is defined as

equivalent nodal forces, which are proportional to the particle velocity of the incident

seismic wave, applied in the horizontal direction along the base of the soil domain

included in the model. Therefore, the scaled free-field motion descried in needs to be

deconvolved to obtain the seismic incident wave at the base of the finite element

model by the inverse application of the equations of wave propagation.

Deconvolution of the free-field ground motion records downwards to the bedrock

level consists of computing the incident vertical shear wave motion at bedrock level
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that causes the specified free-field motion after propagation through the deformable

soil layers between bedrock and ground surface. The rock site free-field ground

motions represent the rock outcropping motions. In the case of vertically propagating

shear waves in a homogeneous, undamped, elastic half-space, the amplitude of the free

surface total motion is twice the amplitude of the incident motion at any point in the

half-space (Kramer 1996). Thus, for each of the rock site ground motions, the incident

wave is taken as half the free surface ground motion. For the soil site free-field

ground motions, a one-dimensional soil column with five horizontal layers, matching

the soil profile at the center of the river channel, is used to deconvolve the free-field

surface motions using SHAKE91 (Idriss and Sun, 1993). This program computes the

response of a system defined by homogeneous, visco-elastic layers of infinite

horizontal extent subjected to vertically traveling shear waves. It is based on the

continuous solution to the wave equation adapted for use with transient motions

through the Fast Fourier Transform algorithm. The nonlinearity of the soil behavior,

manifested by a shear modulus and damping ratio that depend on the magnitude of the

effective shear strain at a given point in the soil, is accounted for by the use of

equivalent linear soil properties through an iterative procedure to obtain values for

shear modulus and damping ratio that are compatible with the effective shear strain in

each layer. The shear modulus reduction and damping curves of sand (Fig. 5.20) as

well as the deconvolution procedure recommended by Silva (2003) were used in this

study. In his study, it was found that the coherence between the propagated motion

and the observed motion begins to drop off around 15Hz. Thus the bandwidth of
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coherent motion is 15Hz. From the coherence analysis, it was also found that about

75% is the maximum power that is propagated as normally incident shear waves,

while the remaining energy may be due to scattered waves and perhaps to P-waves.

Consequently, deconvolving the total surface motion as vertically propagating shear

waves may result in too much energy predicted at depth leading to excessive modulus-

reduction and damping estimates. In the context of equivalent-linear deconvolution,

the use of unfiltered surface motion can, depending on the level of motion, depth, and

choice of modulus-reduction curve, lead to unrealistic motion at depth. The results of

their research suggest the following procedure. First, the free-field motion is filtered

with a low pass at 15Hz. Then 75% of the power (87% of the amplitude) of the

filtered motion is iterated to find the converged soil material properties. Finally, the

total filtered motion is iterated with the converged soil material properties to obtain the

incident wave at the base of the soil column.
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2003)
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The main advantage of the deconvolution is that the seismic input motions are

treated in a more realistic manner. However, the accuracy of the simulated seismic

responses obviously depends on the quality of the deconvolution process, which is

difficult to control. In order to obtain accurate deconvolution solution, the soil column

needs to be discretized into sufficient number of layers and appropriate soil properties

should be adopted for each layer. Unfortunately, this may cause trouble for the

deconvolution solution to converge. In this study, the deconvolution solution

apparently diverges for some strong ground motions with PGA greater than 0.6 g.

Generally, high frequency contents of the incident shear waves are dissipated by the

soil material as they propagate upwards. As a result, the at-depth motion has relatively

higher frequency contents than the surface motion. In deconvolution analysis, to

produce high frequency contents of the surface motion may require spuriously large

incident motion at depth, or even make the analysis fail to converge. In such cases, the

total surface motion was filtered iteratively with low pass until it led to reasonable

incident wave at the base of the soil column.

5.4 STAGED ANALYSIS PROCEDURE

Since pressure dependent elastoplastic material constitutive models are used to

simulate the behavior of some soil layers, lateral confinement is needed for these soil

layers to develop some initial strength. However, the dashpots along the L-K

boundaries of the computational soil domain cannot provide any lateral static

constraint. Therefore, in order to conduct a seismic response analysis of the nonlinear
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BFG system, the following staged analysis procedure is followed. (1) The finite

element mesh of the soil domain only, including the abutments, is built up with its

base fixed in both the horizontal and vertical directions and lateral boundaries fixed in

the horizontal direction only. The various soil constitutive models are set as linear

elastic, and soil gravity is applied statically in a single linear elastic analysis step. (2)

The soil constitutive models are switched from linear elastic to elastoplastic (with

liquefaction effects incorporated) using the updateMaterialStage command in

OpenSees unique to the soil models used herein. Then, the new static equilibrium

state under soil gravity is obtained iteratively. (3) The nonlinear model of the bridge

superstructure, piers and pile group foundations is added to the soil mesh and bridge

gravity is applied statically to the nonlinear model of the BFG system. (4) All

horizontal displacement constraints along the base and lateral boundaries of the soil

domain are removed and replaced with the corresponding support reactions recorded

at the end of the previous stage of analysis. After confirming that static equilibrium

under gravity load is still satisfied, a horizontal dashpot is added to each node along

the boundaries of the computational soil domain to implement the L-K boundaries.

(5) Finally, from the static equilibrium configuration under gravity loads, the seismic

excitation is applied in the form of equivalent horizontal nodal forces at the base of the

computational soil domain as defined earlier.
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5.5 STATIC PUSHOVER ANALYSIS

While inelastic time-history simulation is a powerful tool for structural seismic

performance assessment, current structural engineering practice prefers to use the

nonlinear static pushover analysis for its relative simplicity. A set of carefully

selected ground motion records can give an accurate prediction of the structural

seismic performance. However, the inelastic time-history simulation is much more

complicated and computationally expensive than the nonlinear static pushover

analysis. Moreover, the simulated inelastic dynamic response is quite sensitive to the

characteristics of the input motions, thus the selection of a set of representative

acceleration time-histories is essential to inelastic time-history simulation. This may

lead to the increase of the number of input motions and finally increase the

computational effort significantly. On the other hand, the nonlinear static pushover

analysis is a simple option for estimating the strength capacity in the post-yielding

range. The technique may be also used to identify potential weak components in the

structure. This procedure involves applying a predefined lateral load pattern or

patterns on the structure. The lateral forces are then monotonically increased in

constant proportion with a displacement control at a reference node until the

predetermined target displacement is reached. The method allows tracing the

sequence of yielding and failure on the member and the structure levels as well as the

progress of the overall capacity curve of the structure.

The static pushover analysis has been presented and developed over the past

twenty years. It is also described and recommended as a tool for design and
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assessment purpose by the National Earthquake Hazard Reduction Program “NEHRP”

(FEMA 273) guidelines for the seismic rehabilitation of existing structures.

Moreover, the technique is accepted by the Structural Engineers Association of

California “SEAOC” (Vision 2000) among other analysis procedures with various

level of complexity. This analysis procedure is selected for its applicability to

performance-based seismic design approaches and can be used at different design

levels to verify the performance targets.

The selection of load patterns, which are intended to represent the distribution of

inertia forces in a design earthquake, is critical in the static pushover analysis.

Generally, a load pattern similar to the first mode shape of the structure is adopted,

based on the assumption that the structural response is controlled by the fundamental

mode and that the mode shape remains the same after the structure yields. However,

the distribution of inertia forces depends on the excitation and the extent of structural

inelastic deformations, both of which vary with different earthquakes and with time

within an earthquake. No single invariant load pattern can account for the

contributions of higher modes to response, redistribution of inertia forces after

structural yielding, or thus capture the variations in the demands expected in a design

earthquake. To overcome the limitations of the nonlinear pushover analysis, many

attempts have been made by employing adaptive load patterns that attempt to follow

more closely the time-variant distributions of inertia forces (Gupta and Kunnath 2000)

and accounting for higher mode effects through modal pushovers and subsequent

modal combinations of deformations and forces (Chopra and Goel 2002). While these
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attempts may improve the predicative capabilities of the nonlinear pushover analysis,

they are conceptually complicated and computationally demanding for routine

application in structural engineering practice. Therefore, the use of multiple load

patterns is recommended to provide adequate insight into the performance of

structures.

In this study, the static pushover analysis is aimed at evaluating the longitudinal

force-resisting capacity of the bridge, estimating the displacement demand on the

bridge during a design earthquake and identifying the potential failure modes of the

bridge. Two load patterns are applied to the bridge superstructure in the longitudinal

direction. The first one is a “uniform” load pattern (nodal forces proportional to nodal

masses), as shown in Fig. 5.21. For the HBMC Bridge, the shear capacity of any pier

is controlled by its moment capacity at the base cross section. And the shear capacity

of any pier (about 500kN) is much smaller than the yielding strength of any shear key

(above 1000kN). Fig. 5.22 shows the force-deformation response of the shear keys at

the left abutment and the right abutment. Fig. 5.23 displays the portion of the load

resisted by bridge piers during the process of pushover. Fig. 5.24 plots the shear-

lateral drift response at the base cross section of each pier.

® 1
® 2 ® 2 ® 1 ® 1 ® 2 ® 2 ® 1 ® 1 ® 2 ® 2 ® 1

Fig. 5.21: Load pattern #1 of pushover analysis
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Fig. 5.22: Force-deformation response of shear keys: (a) at the left abutment, (b) at
right abutment
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Fig. 5.24: Shear-lateral drift responses at the base cross-section of each pier

It is observed that under this load pattern, only a small part of the applied load is

transmitted to foundation soil through the bridge piers, while the rest part passes to the

abutments through the shear keys. As shown in Fig. 5.23, the maximum portion of the

total load resisted by the bridge piers is almost 50%, right before the gap of the shear

key at the left abutments is closed. Then it decreases drastically as soon as these gaps

are closed. Thus, the shear keys at the abutments are critical components for this load

pattern. Whereas the demands of the other shear keys at the continuous joints, which

are limited by the shear capacities of the piers, are lower than their capacities. The

shear key at the left abutment yields when the total applied load is 9,000kN and breaks

at 15,000kN, which are equivalent to the inertial forces generated by an acceleration of

0.3g and 0.5g, respectively. The bridge unloads after the shear key breaks. The piers

yield shortly after and undergo large plastic deformations, finally forming a plastic

hinge at their base cross sections one by one, as shown in Fig. 5.24. Among all the
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piers, Pier #1 and #8 are the most vulnerable since they are the shortest. The

responses of the pile groups are all small due to the weak shear capacity of the piers.

Another load pattern as shown in Fig. 5.1 is applied to the bridge structure as well.

As mentioned in the description of HBMC Bridge, the bridge superstructure is

separated into three inter-connected frames by the gaps at the interior expansion joints.

In this load pattern, the left frame and the frame in the middle are pushed to the left,

while the right frame is pushed to the right. It is found that under this load pattern, the

shear keys at the right expansion joint break and the bridge piers attached to the left

and middle groups (Pier #1 ~ #6) yield and form a hinge at their base cross sections

¬ 1
¬ 2 ¬ 2 ¬ 1 ¬ 1 ¬ 2 ¬ 2 ¬ 1 ® 1 ® 2 ® 2 ® 1

Fig. 5.25: Load pattern #2 of pushover analysis
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Fig. 5.27: Shear-lateral drift responses at the base cross-section of each pier

When the load on the bridge and/or the resulting deflection is large, the

equilibrium equations established for the undeformed and deformed configuration may

differ significantly. As a result, the effect of geometric nonlinearity, or the P-δ effect,

needs to be considered in the pushover analysis. This P-δ effect causes a negative

stiffness and lead to an increase in lateral displacements. The pushover analyses under

the above two load patterns were repeated, incorporating the P-δ effect. Simulation

results show that the P-δ effect has insignificant impact on the system behavior of the

HBMC Bridge because its lateral capacity is primarily contributed by the abutments

not the bridge piers. The failure modes of the bridge do not change and the bridge

capacity decreases slightly. For example, the total applied loads, corresponding to

yielding and break of the shear key at the left abutment under load pattern #1, decrease

by 0.8% and 2.1%, respectively.
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Based on the pushover analyses, it is found that the shear keys at the abutments

and the interior expansion joints are weak components of the HBMC Bridge. Since

the applied horizontal load is primarily sustained by the abutments, the gaps at the

expansion joints may be helpful to reduce the load transmitted to the abutments by

separating the bridge superstructure into three frames and introducing relative motions

against each other among the three groups. However, the pounding forces between the

three frames and between the bridge superstructure and the abutments might be very

harmful to the I-girders and to the stability of the abutments. The bridge piers will

yield shortly after yielding and/or break of shear keys and undergo large plastic

deformation.

5.6 SMALL AMPLITUDE VIBRATION ANALYSIS

Since the BFG model has no horizontal displacement restraints after the L-K

boundary conditions are implemented, its global static stiffness matrix is singular.

Thus, conventional eigensolvers could not be applied to the model to determine its

eigenvalues and eigenvectors. In order to study the natural vibration characteristics of

the nonlinear system corresponding to its initial stiffness properties (after application

of gravity load), it is necessary to linearize the material properties in the BFG model.

In this study, linearization of the system after application of the gravity load was

achieved by applying small amplitude excitations to the BFG model. The amplitude

of these excitations was made sufficiently small (peak ground acceleration of the order

of 1mm/sec2) such that the system response remains quasi-linear. A check of quasi-



99

linearity was performed for global response quantities (e.g., pier lateral drifts) by

verifying that these response quantities are exactly doubled for double amplitude

excitations. The natural frequencies of the system were then obtained from transfer

functions between inputs and outputs. Comparison of the transfer functions to

different excitations indicates that they are in good agreement. Fig. 5.28 shows the

transfer functions (A) between the incident seismic wave particle velocity (to which

the equivalent seismic forces applied at the base of the computational soil domain are

proportional) and the total horizontal displacement of the top of all piers. The transfer

functions are characterized by two low and broad spectral peaks at 0.60Hz and 1.05Hz,

four high and narrow spectral peaks at 1.40Hz, 1.70Hz, 1.90Hz and 1.98Hz,

respectively, and other smaller spectral peaks above 2.0Hz; and they become

negligibly small beyond 5.0Hz. Fig. 5.29 shows the transfer functions (B) between the

incident seismic wave particle velocity and the lateral drift of all piers. It is interesting

that this transfer function is almost zero below 0.5Hz and has four high and narrow

spectral peaks at the same frequencies (1.40Hz, 1.70Hz, 1.90Hz, and 1.98Hz) as the

previous transfer function. This indicates that the previous transfer function below

1Hz, including the two spectral peaks at 0.60Hz and 1.05Hz, is primarily contributed

by motion of the foundation soil (with very small to small contribution from the bridge

deformation). Single harmonic excitations of frequency 0.60Hz, 1.05Hz, 1.40Hz and

1.70Hz, respectively, were applied to the BFG model, in order to examine the system

mode shapes corresponding to these frequencies. The model displacement responses

to these harmonic excitations were animated. It was observed that the bridge moves
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rigidly with the foundation soil for the harmonic excitation at 0.60Hz, and moves very

slightly relative to the foundation soil for the harmonic excitation at 1.05Hz. In the

case of the harmonic excitation at 1.40Hz, the bridge superstructure vibrates with large

motion relative to and in phase with the foundation soil (Fig. 5.30), while it vibrates

with large motion out of phase with the foundation soil for the excitation at 1.70Hz

(Fig. 5.31). Thus, these last two modes (TI = 0.71sec and TII =0.59sec) represent the

lowest two system vibration modes with participation from both the foundation soil

and bridge structure.
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Fig. 5.28: Transfer functions of BFG system between incident seismic wave particle
velocity (input) and absolute horizontal displacement at pier tops (outputs)
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Fig. 5.30: Mode I of the BFG system (fI = 1.40 Hz)

Fig. 5.31: Mode II of the BFG system (fII = 1.70 Hz)

102
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In order to study the effects of SSI on the natural frequencies of the bridge, a finite

element model of the bridge structure only down to the pile caps was developed and

its transfer functions were also determined. This model is identical to its counterpart

in the BFG model, except that it is fixed (i.e., zero translations and zero rotation) at the

base of each pier and at the abutment end of the shear keys at both abutments (see Fig.

5.12). Horizontal rigid soil excitations were applied to the bridge model. Again the

amplitude of these excitations was made sufficiently small to ensure quasi-linearity of

the bridge response. Fig. 5.32 shows the transfer function between the rigid soil

acceleration (input) and the pier lateral drift response (output) for each pier. As can be

seen, the transfer functions of all piers have one peak at the same frequency 3.03Hz,

which matches the fundamental frequency of the bridge model, 3.05Hz, obtained

through eigen analysis. Thus, the fundamental frequency of the bridge decreases from

3.03Hz to 1.40Hz for the combined BFG system reflecting site effects. It is also

noteworthy that the transfer functions of all piers in the model of the bridge on rigid

soil have the same shape (see Fig. 5.12), while those of the piers in the model of the

BFG system have the same shape below 2.5Hz but differ significantly above 2.5Hz

(see Fig. 5.29). This is due to the spatial variability of the wave propagation in the

computational soil domain.
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Fig. 5.32: Transfer functions of bridge structure only between rigid soil acceleration
(input) and pier lateral drifts (outputs)

5.7 EARTHQUAKE RESPONSE ANALYSIS

In the earthquake response analysis presented below, only gravity loads and

seismic excitation are considered; live traffic loads are ignored. Two recorded free-

field earthquake ground motions are used to derive the seismic input to the BFG

model for studying its behavior during earthquakes of different intensities. The first

earthquake (Earthquake # 1) corresponds to the fault-parallel component (215oE of N)

of April 26, 1992, Cape Mendocino aftershock (Mw = 6.6) recorded at Bunker Hill

station, while the second earthquake (Earthquake # 2) is given by the fault-parallel

component (10oE of N) of May 3, 1985, Valparaiso, Chile earthquake (Mw = 8.0)

recorded at Pichilemu station (Somerville and Collins 2002). These two earthquake

records are scaled to match the 5% damped elastic spectral acceleration at the



105

fundamental period of the BFG system (TI = 0.71sec) corresponding to a probability of

exceedance (PE) of 50% in 50 years (annual PE of 1.4%, return period = 72.5 years)

for Earthquake #1 and 2% in 50 years (annual PE of 0.040%, return period = 2,475

years) for Earthquake #2. The scaling factors applied are 1.8 and 7.1 for Earthquakes

# 1 and 2, respectively. Fig. 5.33 shows the scaled version of these two free-field

historical earthquake records used in this study. Their peak ground accelerations

(PGA) are 1.6m/sec2 (0.163g) and 19.3m/sec2 (1.97g), respectively, while their 5%

damped elastic spectral accelerations at TI = 0.71sec are 0.46g and 1.75g, respectively.

These two ground motions are both recorded on rock site as rock outcrop motions.

Therefore, the deconvolution can be simplified by the fact that in the case of vertically

propagating shear waves in a homogeneous undamped linear elastic half-space, the

amplitude of the total free surface motion is twice the amplitude of the incident motion

at any point in the half-space (Kramer 1996). As a result, for each earthquake, the

incident seismic wave motion is taken as half the scaled free-field ground motion and

is then applied to the BFG model following the staged analysis procedure described

above.
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Fig. 5.34: Control soil columns, soil locations, and soil nodes along the ground
surface

Soil Response: Fig. 5.34 shows the locations of two control soil columns, eight soil

nodes on the ground surface and three soil elements (at locations A, B, and C), at

which the soil response is examined. Fig. 5.35 and Fig. 5.36 show the shear stress

versus shear strain hysteretic response and excess pore pressure ratio response
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histories at locations A, B and C in the foundation soil during Earthquakes #1 and #2,

respectively. The excess pore pressure ratio is defined here as the ratio of the excess

pore pressure (above the hydrostatic pore pressure) to the mean effective soil pressure

under gravity alone. The soil materials at locations A and B are modeled with

pressure dependent and pressure independent constitutive models, respectively; while

at location C, the soil is modeled as a pressure dependent material and is located in

soil layer 5, which is susceptible to liquefaction under strong ground shaking. As

shown in Fig. 5.35, the hysteresis loops at the three soil locations A, B, and C are very

narrow for Earthquake # 1 indicating low level of inelasticity; while during

Earthquake #2 the soil response is highly nonlinear. It can be seen from Fig. 5.36 that

the excess pore pressure gradually builds up until the end of the strong motion phase

of the seismic input at all three locations during both earthquakes and that the soil at

location C reaches liquefaction during Earthquake #2. Consequently, the soil at

location C undergoes dramatic strength deterioration and stiffness degradation when

approaching and after reaching liquefaction during Earthquake #2. In comparison, the

soil materials at locations A and B do not exhibit significant losses of strength and

stiffness.
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Fig. 5.35: Shear stress vs. shear strain hysteretic response at soil locations A, B, and
C: (a) soil location A, Earthquake #1, (b) soil location A, Earthquake #2, (c) soil
location A, Earthquake #1, (d) soil location B, Earthquake #2, (e) soil location C,
Earthquake #1, and (f) soil location C, Earthquake #2
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Fig. 5.37 through Fig. 5.40 show the total horizontal and vertical acceleration

response histories as well as the profiles of the peak and root-mean-square (RMS) of

the total horizontal acceleration (THA) along the height of the two control soil

columns (see Fig. 5.34) during Earthquakes #1 and #2, respectively. These two

response quantities follow the same trend along soil column height. It is observed that

the vertical acceleration remains very small compared to the horizontal acceleration all

along the soil columns. Thus, irregular soil stratifications do not result in any

appreciable vertical soil response. During Earthquake #1, it is observed that the THA

amplifies as the seismic waves travel upwards. The peak THA is in the range 0.9-

1.0m/sec2 at the base of the soil domain and 2.5-2.6m/sec2 at the ground surface (see

Fig. 5.37(a) and Fig. 5.38(a)). The profile of the peak THA along column height is

similar for both soil columns (see Fig. 5.37(b) and Fig. 5.38(b)). It is also found that

the shear stress vs. shear strain hysteresis loops along the height of both soil columns

remain narrow (with narrowness increasing with depth), except near the ground

surface (top 2m of soil), indicating that the various soil layers below the surficial soil

(a) (b)



110

layer (layer 8 in Fig. 3.7) respond quasi linear elastically. As expected from one-

dimensional elastic wave propagation, significant amplification is observed as the

waves approach the ground surface due to constructive interference of the upwards-

and downwards-propagating (incident and reflected) wave components. During

Earthquake #2, the peak THA along the height of soil column #1 decreases from

11.0m/sec2 at the base of soil layer 1 to a minimum of 6.0m/sec2 150m above (still in

soil layer 1), increases to 8.0m/sec2 in soil layer 2, and increases dramatically across

soil layers 3, 4, 6 and 8 (see Fig. 3.7), to reach 21.8m/sec2 on the ground surface (Fig.

5.39). It is observed that the frequency bandwidth of the THA is significantly higher

in the top soil layers (layers 2, 3, 4, 6 and 8) than in the bottom soil layer (soil layer 1)

due to an increase in soil response nonlinearity in these layers (strain softening and

subsequent hardening due to dilation at large shear strain near the ground surface

where soil shear stiffness and strength are relatively small). The peak THA along the

height of soil column #2 undergoes the same trend across soil layers 1, 2, and 3 as in

soil column #1. However, in contrast with soil column #1, the THA is not amplified,

but reduced across the top soil layers 5, 7, and 8 (see Fig. 3.7) to reach a peak THA of

only 6.6m/sec2 on the ground surface (Fig. 5.40). Plots of shear stress vs. shear strain

hysteresis loops (Fig. 5.41 and Fig. 5.42) and excess pore pressure time histories

indicate that liquefaction occurs in soil layer 5 (similar to soil location C in Fig. 5.35

and Fig. 5.36) resulting in drastic reduction in shear strength and stiffness. This shear

strength degradation acts as an isolation mechanism (base-isolator effect) for the soil

layers (7 and 8) above the liquefied layer. More specifically, the reduced strength of
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the liquefied layer limits the force/acceleration that can be transmitted to the above

soil layers and its reduced stiffness filters out the high frequency wave components as

clearly shown in Fig. 5.40(a) (nodes 11 and 12).
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Fig. 5.37: (a) Soil total horizontal and vertical acceleration response to Earthquake
#1 along the height of soil column #1, and (b) profiles of peak and root-mean-square
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Fig. 5.43 and Fig. 5.44 show the recorded free-field ground acceleration used to

derive the seismic input (parent free-field surface motion) and the simulated THA

response at eight control points on the ground surface (shown in Fig. 5.34) during

Earthquake #1 and #2, respectively. Fig. 5.45 displays the 5 percent damped linear

elastic pseudo-acceleration response spectra based on the parent free-field record and

the simulated surface ground acceleration at several control points. From Fig. 5.43 to

Fig. 5.45, it is observed that the amplitude and frequency content of the surface ground

acceleration can vary significantly from location to location during the same

earthquake, especially when the soil undergoes significant nonlinear response (as in

Earthquake #2). This illustrates the importance of local site condition and surface

topography. It is also seen that for Earthquake #1 the overall amplitude of the

simulated horizontal ground surface acceleration is larger than that of the parent

recorded free-field motion, whereas this relation is inverted for Earthquake #2. This is

consistent with the distinct trends in amplification behavior of soil sites observed by

other researchers (Seed et al. 1976, Idriss 1990). They found that at low to moderate

acceleration levels (less than about 0.4g), peak accelerations at soft sites are likely to

be greater than on rock sites. At higher acceleration levels, however, the low stiffness

and nonlinearity of soft soils often prevent them from developing peak ground

accelerations as large as those measured on rock.
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Fig. 5.46(a) shows the color map of the soil shear stress ratio of the BFG system at

t = 10.22sec into Earthquake #2. Here, the shear stress ratio is defined as the

octahedral shear stress demand over the shear strength under the current confinement

(i.e., mean normal effective stress). Soil elements that have reached their shear

strength are denoted in dark red. Clearly, at this instant, a large portion of the

foundation soil is undergoing intense shearing, and the shear stress ratio decreases

overall with depth. The shear stress demand under the abutments and near the pile

foundations is close to the shear strength. The shear stress in soil layer 5 (see Fig. 3.7)

on both sides of the bridge also nears the shear strength due to build up of the excess

pore water pressure. The response of the soil only (without the presence of the bridge)

to Earthquake #2 was also computed. Fig. 5.46(b) shows the same color map, but of

the soil-only system (even though the bridge is still shown for comparison purposes)

at the same instant t = 10.22sec. As can be seen, the spatial distributions of the shear

stress ratio in the soil domain with and without the presence of the bridge are very

similar, with only small differences near the abutments and pile foundations. Fig.

(a) (b)
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5.47(a) and (b) show the same set of color maps of the BFG system and the soil only

at the end of Earthquake #2, respectively. This similarity between the BFG system

and the soil only was observed at all time instants during the earthquake. The soil

horizontal displacement response histories at the locations corresponding to the base

of bridge piers # 1 and 4 in the BFG system and in the soil-only system are shown and

compared in Fig. 5.48 for both Earthquakes #1 and #2. At each pier base location, the

soil responses in the BFG system and soil-only system were found quite similar,

especially in the middle of the river channel and with the largest discrepancy near the

abutments (i.e., piers # 1 and 8). The above comparisons and others not presented

herein show that the presence of the bridge structure has little influence (or feedback)

on the surrounding soil response.

Fig. 5.46: Shear stress ratio at t = 10.22sec into Earthquake #2: (a) BFG system, and
(b) soil only

(a)

(b)
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Fig. 5.47: Shear stress ratio at t = 10.22sec into Earthquake #2: (a) BFG system, and
(b) soil only
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Fig. 5.48: Comparison of soil horizontal displacement response histories at locations
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Bridge Response: Fig. 5.49 shows the moment-curvature response at the base cross-

section (spliced) of Pier #3 to Earthquake #1 and #2, respectively. As can be seen, the

response to Earthquake #1 is quasi-linear elastic, while the lap spliced failure

mechanism is fully developed during Earthquake #2 (i.e., flexural capacity has been

reached with pier rocking on pile cap). Examination of the simulation results for the

response of the piles (Fig. 5.50) shows that the piles remain quasi-linear elastic during

both earthquakes, although they are close to yielding in Earthquake #2.
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Fig. 5.49: Moment-curvature responses at base cross-section of pier #3 to (a)
Earthquake #1, and (b) Earthquake #2
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Fig. 5.51 shows the total horizontal displacement response histories of all pier tops

during Earthquake #1 and #2, respectively. It is observed that these response histories

for all 8 piers fall into three groups during both earthquakes. This is due to the fact

that the bridge structure consists of three frames interconnected through shear keys

with gaps at the two interior expansion joints as already explained earlier. Pier-tops in

the same frame have almost identical total horizontal displacements due to the high

axial stiffness of the bridge superstructure (girders and slab) connecting them. In

Earthquake #1, no shear key fails. Therefore, the difference in total horizontal

displacement among the three response groups remains small (see Fig. 5.51(a)).

However, during Earthquake # 2, the shear key at the left abutment and the left shear

key at the right interior expansion joint (above Pier #6) rupture at t = 10.50sec and t =

16.52sec, respectively, as shown in Fig. 5.52. After the shear key failure at the interior

expansion joint, the right frame undergoes significant horizontal displacement relative

to the other two frames (see Fig. 5.51(b)). Unseating may occur at those joints where

shear keys reach their ultimate deformation capacities. The time history of the relative

horizontal displacement between superstructure (girders) and abutment or pier top at

the left abutment and right interior expansion joint are plotted in Fig. 5.53 against the

corresponding unseating limits for Earthquake #2. The unseating limit is taken here as

half the width of the abutment seat or pier. Fig. 5.53 shows that the maximum

(positive) relative horizontal displacement between the superstructure and left

abutment is smaller than the unseating limit, while that between the superstructure and

pier top at the right interior expansion joint exceeds the unseating limit. Therefore,
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according to the present model and seismic response analysis, the 6th span of the

HBMC Bridge would unseat at t = 23.91sec during Earthquake #2.
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Fig. 5.53: Relative horizontal displacement response between superstructure (girders)
and abutment seat or pier at (a) left abutment, and (b) right interior expansion joint

The total horizontal displacement response histories of the base of all bridge piers

are shown in Fig. 5.54 for Earthquake #2. It is observed that the base of each pier

moves permanently towards the center of the river channel due to soil lateral spreading

induced by reduction in soil strength caused by build-up of excess pore pressure in

cohesionless soil layers (mainly soil layers 5 and 7) during seismic response. The

deformed finite element mesh of the BFG system at the end of Earthquake #2

displayed in Fig. 5.55 (with exaggerated scale) shows clearly that the approach

embankments (together with the abutments) settle down significantly (0.41m at the left

abutment and 0.42m at the right abutment) and move (0.20m at the left abutment and

0.30m at the right abutment) towards the center of the river channel together with the

riverbanks, as indicated by the arrows in the figure. The plastic flow of the soil

towards the center of the river channel elevates the river bed by about 0.05m near the

banks and 0.07m at the center. Settlement and horizontal motion (towards the river

center) of the approach embankments and abutments due to lateral soil spreading

could affect significantly the post-earthquake bridge operability. Severe damage to

(a) (b)
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bridges caused by similar pattern of lateral spreading has been observed in previous

earthquakes (e.g., Figures 1.8 and 1.9 in Kramer 1996). It is also observed from Fig.

5.55 that plastic deformations of the foundation soil impose large residual plastic

deformations and internal forces on the bridge structure. Animation of the seismic

response of the BFG system shows clearly that the bridge structure and foundation

follow the low-frequency drifts of the soil due to its plastic flow towards the center of

the river channel. Thus, according to the response simulation results obtained using

the two-dimensional finite element model presented here, the seismic response of the

bridge in its longitudinal direction is mostly driven by the nonlinear inelastic response

of the underlying soil, with only small SSI effects. The seismic response mechanism

of the HBMC Bridge shown here would be difficult to predict without explicit

modeling of the local soil conditions, and inelastic behavior of the soil materials

accounting for liquefaction effects.
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Fig. 5.55: Deformed finite element mesh at the end of Earthquake #2

5.8 EFFECTS OF SOIL BOUNDARY CONDITIONS

Before implementing the Lysmer-type transmitting/absorbing boundaries in the

current (second generation) model of the HBMC bridge-foundation-soil system, a

shear beam constraint across the horizontal direction of the soil domain is applied to

the first generation of the model. In the model with this shear beam constraint, the

two lateral boundaries (vertical sides) of the computational soil domain are forced to

deform similarly in the horizontal direction by imposing equal horizontal degree of

freedom constraints to pairs of lateral nodes at the same elevation. All the nodes at the

base of the soil domain are fixed in both horizontal and vertical directions. The free-

field motion is deconvolved to obtain the incident wave at the base of the

computational soil domain. Then, the incident wave acceleration is applied to all

nodes at the base of the computational soil domain assuming that the base moves

rigidly. Since bedrock is encountered at the base of the computational soil domain, it

is reasonable to neglect the spatial variability of the seismic incident wave.
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It is of interest to compare the response simulation results obtained using the two

different treatments of soil boundary conditions and different definitions of the seismic

input. First, the wave propagations in a rectangular, homogeneous, undamped, elastic

soil domain with these two different treatments are compared. The soil domain,

1100m in length and 220m in depth, is discretized into the finite element mesh shown

in Fig. 5.16. The soil domain is assumed under plane strain condition. The Young’s

modulus of the soil material is 1.2×109kPa and the Poisson ratio is 0.2, i.e. its shear

wave velocity is 500m/sec2. A single Ricker wavelet with a dominant frequency of

3.9Hz is used as the incident wave. The total horizontal acceleration response

histories at points along the height of the control soil column #1 and #2 shown in Fig.

5.16 are plotted in Fig. 5.56 and Fig. 5.57, respectively. These two figures clearly

show the incident wave propagates upwards and is reflected downwards on the soil

surface. The amplitude of the total horizontal acceleration on the soil surface is twice

that of the incident wave at the base. It is also observed that the acceleration responses

of these two treatments are very close before the reflected waves reach the base of the

soil domain. This implies that the two-dimensional soil domain with the shear beam

boundary is forced to behave like a one-dimensional soil column by the equal

horizontal degree of freedom constraints on pairs of the lateral nodes. However, the

reflected waves are completely dissipated by the dashpots in the computational soil

domain with Lysmer-type boundary, while they are trapped at the base and reflected

upwards again in the computational soil domain with shear beam boundary. Fig. 5.58

and Fig. 5.59 plot total vertical acceleration response histories along the same two soil
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columns. As can be seen, the treatment of shear beam boundary condition causes

higher vertical acceleration than the other one, especially at locations close to the soil

surface.
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Fig. 5.56: Comparison of total horizontal acceleration response along height of soil
column #1
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Fig. 5.57: Comparison of total horizontal acceleration response along height of soil
column #2
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Fig. 5.58: Comparison of total vertical acceleration response along height of soil
column #1
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Fig. 5.59: Comparison of total vertical acceleration response along height of soil
column #2

The bridge-foundation-soil models with these two different treatments of boundary

conditions and seismic input are subjected to the two earthquakes. Fig. 5.60 and Fig.

5.61 show the total horizontal acceleration response histories along soil column #1 and
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#2 of the HBMC Bridge model as shown in Fig. 5.34, respectively. Note that in both

figures, the total horizontal acceleration responses at the base of the soil domain of

these two models are almost identical. This indicates that the wave reflected on the

soil surface and propagating downwards is dissipated by the nonlinear behavior of soil

material and dies out before it reaches the base in both treatments. Consequently, no

wave is reflected at the base and these two treatments of the boundary conditions and

seismic input yield similar responses in the computational soil domain. Therefore, as

the computational soil domain becomes larger, the energy dissipation due to nonlinear

behavior of foundation soil is significantly more important than the effects of radiation

damping of dashpots at the base of the computational soil domain for transient

earthquake type of loading. It is also observed that the difference between the two sets

of responses becomes increasingly manifest, as the soil location gets closer to the soil

surface. Fig. 5.62 shows the comparison between the moment-curvature responses of

these two models at the base cross section of Pier #2 to Earthquake #2. The responses

are quite similar except the maximum deformation. Fig. 5.63 shows the comparison

between the lateral drift responses of Pier #3 of these two models to Earthquake #2.

As can be seen, the difference between these two sets of responses is significant.
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Fig. 5.60: Comparison of total horizontal acceleration responses to Earthquake #1
along height of soil column #1
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Fig. 5.61: Comparison of total horizontal acceleration responses to Earthquake #1
along height of soil column #2
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Fig. 5.62: Comparison of moment-curvature response to Earthquake #2 at the base
cross section of Pier #2
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Fig. 5.63: Comparison of lateral drift response of Pier #3 to Earthquake #2
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5.9 CONCLUSIONS

Based on the analysis results obtained, the following conclusions can be drawn:

(1) The model developed can provide detailed insights into the earthquake

response of the nonlinear BFG system from the meso-scale (i.e., Gauss point, section

fiber levels) to the macro-scale (e.g., overall lateral spreading mechanism). With

explicit modeling of the underlying soil, this model can directly simulate the effects of

the local site conditions, surface topography, hysteretic behavior (including

liquefaction effects) of the soil materials, and soil-foundation-structure interaction in

the seismic response analysis. These effects would be difficult to simulate by

modeling the underlying soil domain through equivalent nonlinear soil springs and

dashpots, as currently used in practice.

(2) It was found that the response of the bridge structure is governed primarily by

the nonlinear inelastic response of the underlying soil during earthquakes and that the

plastic soil deformations impose large residual plastic deformations and internal forces

on the bridge structure after strong earthquakes. Effects of soil-foundation-structure

interaction per se on the earthquake response of the bridge structure considered here

are small, except near the base of the piers and foundation pile groups where they are

moderate.

(3) The response of the bridge piers remain quasi linear elastic for earthquakes

with a probability of exceedance of 50% in 50 years (based also on other response

simulations presented elsewhere (Zhang et al. 2006)). However, the bridge shows

significant vulnerabilities to earthquakes at the 2% in 50 years seismic hazard level.
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In such earthquakes, the analyses performed predict that the bridge piers would

undergo extensive plastic deformations, the lap spliced mechanism would be fully

developed at the base of the piers with piers rocking on pile caps. Shear keys at the

abutments and interior expansion joints would be likely to rupture, and as a result,

unseating would also be likely to occur at these joints. Due to soil lateral spreading,

the approach embankments and abutments would settle significantly and the

underlying soil would “flow” plastically from each approach embankment to the back

of the embankment and mainly to the center of the river channel. These predicted

damage scenarios justify Caltrans’ retrofit efforts described above.
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6 Probabilistic Seismic Demand Analysis
Part II: Seismic Demand Hazard

6.1 DERIVATION OF SEISMIC DEMAND HAZARD CURVE

This analysis estimates in probabilistic terms the seismic demand that future

possible earthquake ground motions will impose on the structure. A set of engineering

demand parameters (EDPs) is defined to characterize the structural seismic demand in

terms of structural global and/or local response quantities such as nodal displacements

(total or relative) and acceleration, internal forces and deformations, and/or other

appropriate quantities. Examples of EDPs commonly used for building structures

include peak interstory drift ratio, peak floor acceleration and peak inelastic

component deformations (e.g., plastic hinge rotation). The EDPs depend on both the

seismic excitation and system properties Y, such as the geometric, material, inertia,

and damping properties of the structure and its components. Past research has shown

that a judiciously defined IM renders any EDP approximately conditionally

independent, given IM, of earthquake magnitude, site-to-source distance and any other

ground motion characteristics (Shome et al. 1998). This property of IM is referred to

as “sufficiency condition” by Luco and Cornell (2006) and greatly simplifies the
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probabilistic formulation of the seismic demand hazard. As a result, any EDP can be

expressed as a function of IM and the system properties Y as

( ) ( ), , , ,..., , , , ,I E I EEDP M R IM EDP IMε ε ε ε≈Y Y (6.1) 

Here, Iε is a random variable representing the effect of record-to-record variability on

the EDP, whereas Eε is a random variable representing epistemic uncertainties in

determining the EDP for a given ground motion input (in the finite element time

history analysis) and given system properties. Random variable Eε includes (finite

element) modeling uncertainty and statistical uncertainty (i.e., parameter estimation

error due to scarce data). In this study, it is assumed that the uncertainties in seismic

sources and attenuation relations expressed in the seismic hazard curve and the record-

to-record variability are the dominant contributors to the total uncertainty in EDPs

(Baker and Cornell 2003). The effects of uncertainty in the system properties Y on

EDPs are not considered in this chapter and the next one either, but are the subjects of

Chapter 8. Therefore, a deterministic estimate of Y, y , taken as the nominal values, is

used in this chapter and the next one. In addition, epistemic uncertainties in EDPs,

Eε , are not considered in this study either. Therefore, the demand events

( ){ }, , IEDP IM ε δ>y are also Censored Poisson events in time (since the two sources

of uncertainty IM and Iε renew at each earthquake occurrence in time) with mean rate

of occurrence, ( )EDPν δ =Y y , equal to ( ), , IvP EDP IM ε δ>  y (Der Kiureghian

2005). The probability, ( ), , IP EDP IM ε δ>  y , can be obtained using the Total

Probability Theorem (TPT) as
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( ) ( ) ( ), , , ,I I IM

IM

P EDP IM P EDP IM IM im f im dimε δ ε δ> = > =      ∫y y (6.2) 

where ( )IMf im is the PDF of IM for a random earthquake and is related to the seismic

hazard curve, ( )IM imν , as

( ) [ ]( ) [ ] ( )IM
IM

d P IM imd im P im IM im dim
f im

dim dim dim

νν
ν ν

> < ≤ +
= = =  (6.3) 

Therefore, the mean rate of occurrence of the demand events ( ){ }, , IEDP IM ε δ>y is

given by

( ) ( )
( ) ( )
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I IM
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P EDP IM
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ν δ ν ε δ

ν ε δ

δ νε

= = >  

= > =  

= > =  

∫

∫

Y y y

y

y

(6.4) 

The curve representing ( )EDPν δ =Y y versus δ is called the demand hazard curve.

Approaches such as Incremental Dynamic Analysis (Vamvatsikos and Cornell 2002)

can be employed to derive the probabilistic relationship between EDPs and IM (i.e., to

estimate the conditional probability involved in Eq. (6.4)). In this study, the

conditional probability distribution of EDP given IM is obtained by performing

nonlinear time history analysis at a discrete set of seismic hazard levels. Each level is

represented by an ensemble of actual earthquake ground motion records selected

consistently with the M-R deaggregation of the seismic hazard (Eq. (2.6)) and the local

geological and seismological conditions (e.g., fault mechanism of dominant seismic

source, near source effects). These ground motion time histories are then scaled to
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match the IM value of the seismic hazard level considered. The finite element model

of the bridge-foundation-ground system presented in the previous chapter is subjected

to the ensembles of scaled ground motion records to estimate the record-to-record

variability (conditional probability distribution of EDP given IM) at the selected IM

levels. And these estimated probability distributions at discrete IM levels are then

interpolated or extrapolated over the continuum range of IM values contributing

appreciably to the mean rate of damage state exceedance.

With both uncertainties, Iε and Eε , and random system properties, for given

values of =Y y and E Eeε = , the conditional events

( ){ } ( ){ }, , , , , , ,I E E E I EEDP IM e EDP IM eε ε δ ε ε δ> = = = >Y Y y y (6.5) 

constitute a Censored Poisson process with the mean rate being

( ), , ,I EP EDP IM eν ε δ>  y . This conditional probability can be calculated through

the TPT as

( )
( ) ( ) ( )

, , ,

, , ,
I

I

I E

I E I IM I

IM

P EDP IM e

P EDP im e e f e f im de dimε
ε

ε δ

δ
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= >  ∫ ∫
y

y (6.6) 

where ( )
I If eε is the PDF of the record-to-record variability Iε . Thus, the probability

that the EDP will exceed the specified value δ in t years, given =Y y and E Eeε = is

( )
( ){ }

( ){ }

, , , in years

1 , , , 0 in years

1 exp , , ,

I E

I E

I E

P EDP IM e t

P N EDP IM e t

tP EDP IM e

ε δ

ε δ

ν ε δ

>  
 = − > = 

= − − >  

y

y

y

(6.7) 
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The probability of the unconditional events ( ){ }, , ,I EEDP IM ε ε δ>Y can be

calculated by applying the TPT again as

( )
( ) ( ) ( )

, , , in years

, , , in years
E

E

I E

I E E E

P EDP IM t

P EDP IM e t f f e de dε
ε

ε ε δ

ε δ

>  

= >  ∫ ∫ Y
Y

Y

y y y (6.8) 

Substituting Eq. (6.7) into Eq. (6.8), the latter becomes
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(6.9) 

With an exposure time of one year (i.e., t =1) and deterministic system properties y ,

and ignoring the epistemic uncertainty ( Eε ), Eq. (6.9) yields to
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(6.10)

Therefore, in this case, the annual probability of exceedance is approximately equal to

the mean annual rate (MAR) of exceedance, if the latter is much smaller than 1.
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The structure of interest may collapse under some (low hazard or large return

period) strong ground motions. In this case, Eq. (6.4) needs to be modified to

incorporate the possibility of collapse. Let C denote the collapse event and

P C IM im=   denote the conditional probability of collapse given IM. This

conditional probability is estimated, similarly to P EDP IM imδ> =   , through

ensembles of nonlinear time history analyses as described above. Now, the

conditional probability P EDP IM imδ> =   is calculated through the TPT as

,

, c c

P EDP IM P EDP IM C P C IM

P EDP IM C P C IM

δ δ

δ

> = > ⋅          
   + > ⋅   

 (6.11)

where cC denotes the event of no collapse and 1cP C IM P C IM  = −     .

Considering that the EDP is very large if collapse occurs, it follows that

, 1P EDP IM Cδ> =   . Then, substituting Eq. (6.11) into Eq. (6.4), the mean rate of

occurrence of events { }EDP δ> becomes

( ) ( )

( ),

EDP IM

IM

c c
IM

IM

P C IM d im

P EDP IM C P C IM d im

ν δ ν

δ ν

= =   

   + >   

∫

∫

Y y

(6.12)

6.2 POTENTIAL FAILURE MECHANISM AND ASSOCIATED EDPS

The computational model of the bridge-foundation-ground system described in the

previous chapter was subjected to the 51 deconvolved ground motion time histories

described in Chapter 4. The responses are simulated using OpenSees. Since there are
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only two soil site ground motion time histories at the 2% in 50 years seismic hazard

level, their responses are not enough for the purpose of probabilistic analysis and are

thus neglected. The rest structural responses are analyzed statistically to reveal the

seismic behavior of the bridge and identify the potential failure mechanisms of the

bridge.

6.2.1 Failure of Shear Keys

Shear keys are commonly used at the abutments or expansion joints of small to

medium span bridges to provide transverse continuity for the bridge superstructure

under lateral loads. They do not carry vertical loads, but in the event of an earthquake

are required to transfer the lateral reactions of the superstructure to the abutment or

across movement joints. Caltrans bridge design specifications state that damage to the

abutments under a major seismic event is admissible provided that any damage in the

abutments will not result in collapse of the bridge or unseating of the superstructure.

In addition, Caltrans bridge design specifications state that seismic loads cannot

control the number of piles in the abutments. Thus, in order to control damage to the

abutments and piles the transverse seismic input force is limited by constructing

sacrificial interior and/or exterior shear keys at the abutments.

Table 6.1 lists the number of input motions at each seismic hazard level and for

both soil and rock free-field input motions, during which the shear keys yield. As can

be seen, the shear keys at the abutments (SK1 and SK6) and at the interior expansion

joints (SK2 through SK5) yield during almost all seismic inputs except one or two
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ground motions at the 50% in 50 years level. Consequently, their annual probability

of yielding should be approximately equal to or greater than the annual probability of

exceeding the 50% in 50 years seismic hazard level, i.e., 1.4%, as the input motions

below the level of 50% in 50 years make contributions to the annual probability as

well. The shear keys at the continuous joints in frame #1 (SK7 and SK8) and frame

#2 (SK9 and SK10) yield during most of the input motions, while the others in frame

#3 (SK11 and SK12) yield within less than half of the input motions.

Table 6.1: Number of input motions, during which the shear keys yield

50% in 50 years 10% in 50 years 2% in 50 years
Soil (17) Rock (5) Soil (15) Rock (4) Rock (8)

SK1 16 5 15 4 8
SK2 16 5 15 4 8
SK3 16 5 15 4 8
SK4 16 4 15 4 8
SK5 17 5 15 4 8
SK6 16 5 15 4 8
SK7 12 4 13 2 6
SK8 12 5 14 2 6
SK9 12 5 13 3 6
SK10 9 4 14 2 7
SK11 6 1 11 1 6
SK12 4 0 8 0 5

SK1: the shear key at the left abutment; SK2: the left shear key at the left interior
expansion joint; SK3: the right shear key at the left interior expansion joints; SK4: the
left shear key at the right interior expansion joint; SK5: the right shear key at the right
interior expansion joint; SK6: the shear key at the right abutment; SK7: the shear key
on top of Pier #1; SK8: the shear key on top of Pier #2; SK9: the shear key on top of
Pier #4; SK10: the shear key on top of Pier #5; SK11: the shear key on top of Pier #7;
and SK12: the shear key on top of Pier #8.

Table 6.2 lists the number of input motions at each seismic hazard level and for

both soil and rock free-field input motions, during which the shear keys reach their
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ultimate deformation limit and then rupture. The shear keys at the continuous joints

(SK7 ~ SK12) do not reach their ultimate deformation during any of the input

motions. Actually, their peak deformation responses are below 10% of the ultimate

deformation. The shear keys at the abutments and the interior expansion joints rupture

during some of the input motions, among which SK1 is most likely to break. It is also

observed that the shear keys break more often during the soil free-field input motions

than during the rock free-field input motions. This may be a result of the different

characteristics of these two types of input motions. Another possible reason is the

different operations of deconvolution for these two types of input motions. For rock

free-field motions, the seismic incident wave is taken as half of the free-field motion.

However, the incident wave of soil free-field motions obtained by deconvolving the

free-filed motion to the base of the computational soil domain (bedrock) with SHAKE

is generally greater than half of the appropriate free-field motion.

Table 6.2: Number of input motions, during which the shear keys rupture

50% in 50 years 10% in 50 years 2% in 50 years
Soil (17) Rock (5) Soil (15) Rock (4) Rock (8)

SK1 4 0 10 0 5
SK2 2 0 4 0 1
SK3 0 0 4 0 1
SK4 1 0 6 1 4
SK5 1 0 3 0 2
SK6 0 0 8 0 5
SK7 0 0 0 0 0
SK8 0 0 0 0 0
SK9 0 0 0 0 0
SK10 0 0 0 0 0
SK11 0 0 0 0 0
SK12 0 0 0 0 0
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6.2.2 Failure of Bridge Piers

6.2.2.1 Flexural Failure

In the HBMC Bridge, pier longitudinal reinforcement is lap spliced immediately

above the foundation, with a lap length of 20 bar diameter. Tests indicate that this

length is insufficient for the longitudinal bars to develop the yield strength, especially

when large-diameter bars are involved (Chai et al. 1991). As a consequence, pier

flexural strength degrades rapidly under cyclic loading. Inadequate flexural strength

may also result from lap-splice bond failure.

The pier flexural moment capacity is a function of the axial load ratio (ALR),

which varies continually during an earthquake. Monotonic pushover analyses were

conducted for a cantilever bridge pier with a length of 12m under different ALRs. The

moment at the pier base versus lateral drift response are shown in Fig. 6.1. The pier

lateral drift (also called tangential drift) is defined herein as the relative top-to-bottom

horizontal displacement of the pier, minus the horizontal displacement at the top of the

pier due to a rigid body rotation of the pier equal to the rotation of its base. As being

observed, both the moment capacity and the initial stiffness vary extensively with

ALR. However, the characteristic deformations, e.g., lateral drift corresponding to the

peak moment capacity, appear to be insensitive to changes in ALR among the range

(0.9% ~ 7.1%) possibly experienced during an earthquake. In another word, yielding

of the pier is supposed to occur at approximately the same lateral drift level under

different ALRs during an earthquake. So are the peak moment capacity and the
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strength degradation. Therefore, pier lateral drift is a more appropriate index to

describe the pier response than the force-based terms like shear force or moment.
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Fig. 6.1: Shear vs. lateral drift response of a average bridge pier under different axial
load ratios

Fig. 6.2 shows the peak yielding ductility demand during each of the 49 input

motions for all piers. Here, yielding ductility is defined as the ratio of the lateral drift

response over the value corresponding to yielding of the pier, II∆ . It is observed that

overall the peak ductility demands are quite extensive: each pier yields during almost

all the input motions. So the annual probability of yielding for each pier should be

approximately equal to or greater than the annual probability of exceeding the seismic

hazard level 50% in 50 years (i.e., 1.4%), as the it may also yield in earthquakes at

lower seismic hazard levels.
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Fig. 6.2: Peak yielding ductility demand of each pier to the 49 input excitations: (a)
Pier #1, (b) Pier #2, (c) Pier #3, (d) Pier #4, (e) Pier #5, (f) Pier #6, (g) Pier #7, and
(h) Pier #8
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Fig. 6.3: Peak capacity ductility demand of each pier to the 49 input excitations: (a)
Pier #1, (b) Pier #2, (c) Pier #3, (d) Pier #4, (e) Pier #5, (f) Pier #6, (g) Pier #7, and
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Fig. 6.3 shows the peak capacity ductility demand during each of the 49 input

motions for all piers. Here, capacity ductility is defined as the ratio of the lateral drift

response over the value corresponding to the peak capacity of the pier, III∆ . As can

be seen from Fig. 6.3, the piers reach their peak flexural capacity within half of the

input motions at the level of 50% in 50 years and almost all input motions above the

level of 10% in 50 years. So the annual probability of reaching peak flexural capacity

for each pier should be greater than the annual probability of exceeding the seismic

hazard level 10% in 50 years, i.e., 0.2%.

6.2.2.2 Shear Failure

Due to its brittle nature, shear is regarded as a failure mechanism that should be

avoided in reinforced concrete bridge pier design. To provide a reinforced concrete

bridge pier with sufficient strength, it is imperative that the shear strength be predicted

in an accurate and dependable manner. In this study, the revised UCSD-A model

(assessment model) (Kowalsky and Priestley 2000) was employed to evaluate the

shear strength of the bridge piers. According to this model, the nominal shear capacity

is the sum of three separate components: the steel truss mechanism, the axial load, and

the concrete shear resisting mechanism. This model has two unique aspects that are

generally not considered, namely, the separation of the axial load from the concrete

contribution into its own shear strength mechanism, and a concrete mechanism

strength that degrades with increasing ductility. It also accounts for the effects of

concrete compression zone on steel truss mechanism, aspect ratio on the concrete
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shear resisting mechanism, and longitudinal steel ratio on the concrete shear resisting

mechanism. Fig. 6.4 shows the ratio of the peak shear demand over capacity for all

bridge piers during the 49 input motions. As can be seen, these ratios are generally

less than 50% for Pier #3 through #8. For Pier #1 and #2, most of the ratios are less

than 50% as well, with just a couple of them reaching 70% or even 80%. Therefore,

the shear failure mode is not as critical as the flexural failure mechanism to the bridge

piers.
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Fig. 6.4: Peak shear demand over shear capacity responses of each pier to the 49
input excitations: (a) Pier #1, (b) Pier #2, (c) Pier #3, (d) Pier #4, (e) Pier #5, (f) Pier
#6, (g) Pier #7, and (h) Pier #8
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6.2.3 Unseating

In the “as built” configuration of the HBMC Bridge, the bridge structure was

separated into three frames by the movement joints and the adjacent frames were

connected in the longitudinal and transversal directions only with shear keys. As

revealed by the static pushover analysis and the earthquake response analysis of this

bridge, the shear keys are very likely to yield and even break during a strong

earthquake. Unseating might occur at the movement joints after the shear keys at

these joints break and the relative movement of spans in the longitudinal direction

exceeds the seat widths. The adjacent frames may move out of phase within an

earthquake, increasing the relative displacement across the movement joints and thus

the likelihood of unseating. Fig. 6.5 shows the peak unseating displacements during

these 49 input excitations at the movement joints. Unseating displacement is defined

as the horizontal displacement of the superstructure away from its supports at both

abutments and both interior expansion joints. As can be seen, the unseating limit has

been exceeded at each of these movement joints during a few strong earthquake

excitations. Therefore, unseating at these movement joints is also a critical potential

failure mechanism for the HBMC Bridge.
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Fig. 6.5: Peak unseating displacement responses to the 49 input excitations: (a) 1st

span at the left abutment, (b) the 9th span at the right abutment, (c) 3rd span at the left
interior expansion joints, (d) 4th span at the left interior expansion joint, (e) 6th span at
the right interior expansion joint, and (f) 7th span at the right interior expansion joint

In summary, three potential failure mechanisms are considered for the HBMC

Bridge in this study based on the simulated responses, namely, pier flexural failure at

the base, unconfined shear key failure, and unseating at the abutment joints and

interior expansion joints. Each of these failure mechanisms has been observed in

(a) (b)

(c) (d)

(e) (f)
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previous earthquakes (Priestley et al. 1994). Peak pier lateral drift, peak shear key

deformation and peak unseating displacement are chosen as the associated EDP for

each failure mechanism, respectively. The failure of the foundation soil, for example

soil liquefaction, is not taken into consideration directly for the purpose of damage

analysis and loss analysis. But it will play its role in damage analysis and loss

analysis through their effects on the structural seismic behavior. For example, soil

liquefaction may amplify the structural responses within an earthquake and thus cause

drastic abutment slumping or unseating.

6.3 CORRELATION ANALYSIS OF EDPS

In this section, extensive statistical correlation analysis is performed between

different EDPs to determine their linear relationship. The sample correlation of

random variables X and Y, which have N pairs of sample points (xi, yi), is defined as

( ) ( )
1

,

1 N

i i
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X Y
X Y

x x y y
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s s
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⋅
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where x and y are the sample mean of X and Y, respectively, i.e.,
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and Xs and Ys are the sample standard deviation of X and Y, respectively, i.e.,
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The correlation coefficient ,X Yρ is a measure of the linear dependence between the

two random variables X and Y. If the estimate ,X Yρ is close to +1 or –1, there is

strong linear relationship between X and Y. On the other hand, if , 0X Yρ ≈ , this would

indicate a lack of linear relationship between the variables. But it does not necessary

mean that the two random variables are statistically independent.

The statistical correlation coefficients of the EDPs conditioned on IM,

( )1, 5%aS T ζ = , are summarized in Table 6.3 through Table 6.22. The following

observations can be made:

• The correlation coefficients exhibit significant variability at the same seismic

hazard level.

• EDPs of the same frame appear to have stronger correlation than EDPs of different

frames.

• Peak pier lateral drifts show strong positive correlation between each other at all

three levels.

• The correlation coefficients between the other EDPs vary significantly with the

IM. Generally, they decrease inversely with the IM, because the nonlinearity of

the structural responses tends to increase with IM.
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Table 6.3: Correlation coefficients between peak shear key deformations (50% in 50
years, soil)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
sk∆ 1.00 0.58 0.57 0.53 0.47 0.62 0.47 0.77 0.73 0.44 0.51 0.72

7
sk∆ 0.58 1.00 0.75 0.42 0.80 0.65 0.15 0.67 0.40 0.42 0.30 0.46

8
sk∆ 0.57 0.75 1.00 0.28 0.75 0.66 0.31 0.48 0.37 0.23 0.35 0.72

2
sk∆ 0.53 0.42 0.28 1.00 0.05 0.13 0.49 0.72 0.46 0.01 0.04 0.42

3
sk∆ 0.47 0.80 0.75 0.05 1.00 0.63 0.08 0.35 0.43 0.28 0.15 0.46

9
sk∆ 0.62 0.65 0.66 0.13 0.63 1.00 0.05 0.56 0.24 0.68 0.73 0.63

10
sk∆ 0.47 0.15 0.31 0.49 0.08 0.05 1.00 0.43 0.55 -.12 -.08 0.71

4
sk∆ 0.77 0.67 0.48 0.72 0.35 0.56 0.43 1.00 0.69 0.54 0.50 0.62

5
sk∆ 0.73 0.40 0.37 0.46 0.43 0.24 0.55 0.69 1.00 0.26 0.18 0.60

11
sk∆ 0.44 0.42 0.23 0.01 0.28 0.68 -.12 0.54 0.26 1.00 0.89 0.17

12
sk∆ 0.51 0.30 0.35 0.04 0.15 0.73 -.08 0.50 0.18 0.89 1.00 0.33

6
sk∆ 0.72 0.46 0.72 0.42 0.46 0.63 0.71 0.62 0.60 0.17 0.33 1.00

sk
i∆ : Deformation of Shear Key SK i, defined in Table 6.1 

 

Table 6.4: Correlation coefficients between peak shear key deformations (10% in 50
years, soil)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
sk∆ 1.00 0.41 0.32 -.39 0.39 0.42 0.09 -.33 0.37 0.27 0.34 0.35

7
sk∆ 0.41 1.00 0.61 -.24 0.50 0.52 -.03 0.48 -.43 -.30 -.08 0.72

8
sk∆ 0.32 0.61 1.00 0.17 0.45 0.37 0.26 0.69 -.52 -.08 -.01 0.54

2
sk∆ -.39 -.24 0.17 1.00 -.24 -.28 0.67 0.26 -.11 -.14 -.29 0.14

3
sk∆ 0.39 0.50 0.45 -.24 1.00 0.77 -.14 0.42 0.02 0.32 0.62 0.64

9
sk∆ 0.42 0.52 0.37 -.28 0.77 1.00 0.05 0.24 -.18 0.43 0.49 0.64

10
sk∆ 0.09 -.03 0.26 0.67 -.14 0.05 1.00 -.07 -.11 -.10 -.30 0.45

4
sk∆ -.33 0.48 0.69 0.26 0.42 0.24 -.07 1.00 -.68 -.18 -.01 0.40

5
sk∆ 0.37 -.43 -.52 -.11 0.02 -.18 -.11 -.68 1.00 0.43 0.44 -.27

11
sk∆ 0.27 -.30 -.08 -.14 0.32 0.43 -.10 -.18 0.43 1.00 0.89 -.07

12
sk∆ 0.34 -.08 -.01 -.29 0.62 0.49 -.30 -.01 0.44 0.89 1.00 0.11

6
sk∆ 0.35 0.72 0.54 0.14 0.64 0.64 0.45 0.40 -.27 -.07 0.11 1.00
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Table 6.5: Correlation coefficients between peak shear key deformations (50% in 50
years, rock)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
sk∆ 1.00 0.36 -.70 -.10 -.95 -.89 0.15 0.09 0.70 0.64 0.14 0.63

7
sk∆ 0.36 1.00 -.26 0.18 -.39 0.08 -.23 0.17 0.40 0.60 0.07 0.88

8
sk∆ -.70 -.26 1.00 0.73 0.61 0.57 0.16 0.12 -.66 -.51 0.23 -.27

2
sk∆ -.10 0.18 0.73 1.00 -.07 0.09 0.50 0.54 -.06 -.24 0.17 0.40

3
sk∆ -.95 -.39 0.61 -.07 1.00 0.87 -.40 -.38 -.84 -.44 0.07 -.72

9
sk∆ -.89 0.08 0.57 0.09 0.87 1.00 -.38 -.13 -.61 -.33 -.07 -.31

10
sk∆ 0.15 -.23 0.16 0.50 -.40 -.38 1.00 0.88 0.54 -.62 -.57 0.17

4
sk∆ 0.09 0.17 0.12 0.54 -.38 -.13 0.88 1.00 0.65 -.53 -.69 0.43

5
sk∆ 0.70 0.40 -.66 -.06 -.84 -.61 0.54 0.65 1.00 0.10 -.58 0.64

11
sk∆ 0.64 0.60 -.51 -.24 -.44 -.33 -.62 -.53 0.10 1.00 0.63 0.52

12
sk∆ 0.14 0.07 0.23 0.17 0.07 -.07 -.57 -.69 -.58 0.63 1.00 0.04

6
sk∆ 0.63 0.88 -.27 0.40 -.72 -.31 0.17 0.43 0.64 0.52 0.04 1.00

Table 6.6: Correlation coefficients between peak shear key deformations (10% in 50
years, rock)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
sk∆ 1.00 0.87 0.60 0.38 0.48 0.87 -.52 1.00 0.76 0.96 0.98 -.18

7
sk∆ 0.87 1.00 0.88 -.11 0.75 0.99 -.17 0.89 0.76 0.98 0.76 0.24

8
sk∆ 0.60 0.88 1.00 -.49 0.96 0.92 0.31 0.61 0.40 0.77 0.46 0.66

2
sk∆ 0.38 -.11 -.49 1.00 -.54 -.13 -.85 0.35 0.23 0.11 0.54 -.90

3
sk∆ 0.48 0.75 0.96 -.54 1.00 0.82 0.49 0.46 0.14 0.62 0.35 0.78

9
sk∆ 0.87 0.99 0.92 -.13 0.82 1.00 -.08 0.87 0.65 0.96 0.76 0.31

10
sk∆ -.52 -.17 0.31 -.85 0.49 -.08 1.00 -.55 -.66 -.36 -.61 0.92

4
sk∆ 1.00 0.89 0.61 0.35 0.46 0.87 -.55 1.00 0.82 0.97 0.96 -.19

5
sk∆ 0.76 0.76 0.40 0.23 0.14 0.65 -.66 0.82 1.00 0.81 0.68 -.33

11
sk∆ 0.96 0.98 0.77 0.11 0.62 0.96 -.36 0.97 0.81 1.00 0.88 0.04

12
sk∆ 0.98 0.76 0.46 0.54 0.35 0.76 -.61 0.96 0.68 0.88 1.00 -.31

6
sk∆ -.18 0.24 0.66 -.90 0.78 0.31 0.92 -.19 -.33 0.04 -.31 1.00
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Table 6.7: Correlation coefficients between peak shear key deformations (2% in 50
years, rock)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
sk∆ 1.00 0.51 0.23 -.05 0.44 0.70 -.18 0.34 -.03 0.77 0.78 0.48

7
sk∆ 0.51 1.00 0.84 0.51 0.96 0.94 0.25 -.03 0.31 0.77 0.59 0.38

8
sk∆ 0.23 0.84 1.00 0.52 0.85 0.73 0.70 -.20 0.46 0.36 0.14 0.42

2
sk∆ -.05 0.51 0.52 1.00 0.71 0.49 0.28 0.46 -.29 0.06 -.12 -.34

3
sk∆ 0.44 0.96 0.85 0.71 1.00 0.93 0.30 0.14 0.20 0.64 0.43 0.22

9
sk∆ 0.70 0.94 0.73 0.49 0.93 1.00 0.09 0.21 0.23 0.81 0.65 0.37

10
sk∆ .18 0.25 0.70 0.28 0.30 0.09 1.00 -.31 0.24 -.30 -.42 0.26

4
sk∆ 0.34 -.03 -.20 0.46 0.14 0.21 -.31 1.00 -.76 0.02 -.01 -.13

5
sk∆ -.03 0.31 0.46 -.29 0.20 0.23 0.24 -.76 1.00 0.21 0.13 0.35

11
sk∆ 0.77 0.77 0.36 0.06 0.64 0.81 -.30 0.02 0.21 1.00 0.96 0.37

12
sk∆ 0.78 0.59 0.14 -.12 0.43 0.65 -.42 -.01 0.13 0.96 1.00 0.28

6
sk∆ 0.48 0.38 0.42 -.34 0.22 0.37 0.26 -.13 0.35 0.37 0.28 1.00

Table 6.8: Correlation coefficients between peak pier lateral drifts (50% in 50 years,
soil)

1
p∆ 2

p∆ 3
p∆ 4

p∆ 5
p∆ 6

p∆ 7
p∆ 8

p∆

1
p∆ 1.00 0.99 0.97 0.90 0.88 0.85 0.84 0.79

2
p∆ 0.99 1.00 0.97 0.91 0.90 0.87 0.85 0.80

3
p∆ 0.97 0.97 1.00 0.93 0.93 0.91 0.87 0.82

4
p∆ 0.90 0.91 0.93 1.00 0.99 0.98 0.98 0.93

5
p∆ 0.88 0.90 0.93 0.99 1.00 0.98 0.97 0.93

6
p∆ 0.85 0.87 0.91 0.98 0.98 1.00 0.98 0.95

7
p∆ 0.84 0.85 0.87 0.98 0.97 0.98 1.00 0.98

8
p∆ 0.79 0.80 0.82 0.93 0.93 0.95 0.98 1.00

p
i∆ : peak lateral drift of Pier #i
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Table 6.9: Correlation coefficients between peak pier lateral drifts (10% in 50 years,
soil)

1
p∆ 2

p∆ 3
p∆ 4

p∆ 5
p∆ 6

p∆ 7
p∆ 8

p∆

1
p∆ 1.00 0.94 0.89 0.93 0.79 0.88 0.95 0.96

2
p∆ 0.94 1.00 0.92 0.92 0.85 0.91 0.93 0.90

3
p∆ 0.89 0.92 1.00 0.92 0.89 0.89 0.90 0.85

4
p∆ 0.93 0.92 0.92 1.00 0.85 0.84 0.91 0.90

5
p∆ 0.79 0.85 0.89 0.85 1.00 0.87 0.88 0.83

6
p∆ 0.88 0.91 0.89 0.84 0.87 1.00 0.96 0.92

7
p∆ 0.95 0.93 0.90 0.91 0.88 0.96 1.00 0.98

8
p∆ 0.96 0.90 0.85 0.90 0.83 0.92 0.98 1.00

Table 6.10: Correlation coefficients between peak pier lateral drifts (50% in 50 years,
rock)

1
p∆ 2

p∆ 3
p∆ 4

p∆ 5
p∆ 6

p∆ 7
p∆ 8

p∆

1
p∆ 1.00 0.97 0.82 0.87 0.85 0.71 0.81 0.81

2
p∆ 0.97 1.00 0.85 0.75 0.84 0.68 0.74 0.74

3
p∆ 0.82 0.85 1.00 0.70 0.98 0.92 0.87 0.87

4
p∆ 0.87 0.75 0.70 1.00 0.82 0.78 0.92 0.91

5
p∆ 0.85 0.84 0.98 0.82 1.00 0.95 0.94 0.94

6
p∆ 0.71 0.68 0.92 0.78 0.95 1.00 0.97 0.97

7
p∆ 0.81 0.74 0.87 0.92 0.94 0.97 1.00 0.99

8
p∆ 0.81 0.74 0.87 0.91 0.94 0.97 0.99 1.00
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Table 6.11: Correlation coefficients between peak pier lateral drifts (10% in 50 years,
rock)

1
p∆ 2

p∆ 3
p∆ 4

p∆ 5
p∆ 6

p∆ 7
p∆ 8

p∆

1
p∆ 1.00 0.99 0.97 0.97 0.87 0.90 0.92 0.82

2
p∆ 0.99 1.00 0.99 0.97 0.84 0.93 0.95 0.87

3
p∆ 0.97 0.99 1.00 0.99 0.90 0.97 0.98 0.93

4
p∆ 0.97 0.97 0.99 1.00 0.95 0.97 0.97 0.91

5
p∆ 0.87 0.84 0.90 0.95 1.00 0.92 0.90 0.84

6
p∆ 0.90 0.93 0.97 0.97 0.92 1.00 0.99 0.98

7
p∆ 0.92 0.95 0.98 0.97 0.90 0.99 1.00 0.98

8
p∆ 0.82 0.87 0.93 0.91 0.84 0.98 0.98 1.00

Table 6.12: Correlation coefficients between peak pier lateral drifts (2% in 50 years,
rock)

1
p∆ 2

p∆ 3
p∆ 4

p∆ 5
p∆ 6

p∆ 7
p∆ 8

p∆

1
p∆ 1.00 0.69 0.60 0.31 0.52 0.82 0.88 0.87

2
p∆ 0.69 1.00 0.97 0.55 0.79 0.73 0.91 0.83

3
p∆ 0.60 0.97 1.00 0.48 0.76 0.67 0.83 0.73

4
p∆ 0.31 0.55 0.48 1.00 0.85 0.51 0.56 0.51

5
p∆ 0.52 0.79 0.76 0.85 1.00 0.51 0.72 0.58

6
p∆ 0.82 0.73 0.67 0.51 0.51 1.00 0.92 0.95

7
p∆ 0.88 0.91 0.83 0.56 0.72 0.92 1.00 0.97

8
p∆ 0.87 0.83 0.73 0.51 0.58 0.95 0.97 1.00
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Table 6.13: Correlation coefficients between peak unseating displacements (50% in 50
years, soil)

un
LL∆ un

RL∆ un
LM∆ un

RM∆ un
LR∆ un

RR∆
un
LL∆ 1.00 0.31 -0.09 0.83 0.60 0.14
un
RL∆ 0.31 1.00 0.14 0.31 0.46 0.20
un
LM∆ -0.09 0.14 1.00 0.01 0.30 0.93
un
RM∆ 0.83 0.31 0.01 1.00 0.49 0.08
un
LR∆ 0.60 0.46 0.30 0.49 1.00 0.37
un
RR∆ 0.14 0.20 0.93 0.08 0.37 1.00

un
LL∆ : peak unseating displacement of the 1st span at the left abutment; un

RL∆ : peak

unseating displacement of the 3rd span at the left interior expansion joint; un
LM∆ : peak

unseating displacement of the 4th span at the left interior expansion joint; un
RM∆ : peak

unseating displacement of the 6th span at the right interior expansion joint; un
LR∆ : peak

unseating displacement of the 7th span at the right interior expansion joint: un
RR∆ : peak

unseating displacement of the 9th span at the right abutment

Table 6.14: Correlation coefficients between peak unseating displacements (10% in 50
years, soil)

un
LL∆ un

RL∆ un
LM∆ un

RM∆ un
LR∆ un

RR∆
un
LL∆ 1.00 -0.35 -0.11 0.05 0.13 0.49
un
RL∆ -0.35 1.00 0.76 -0.12 -0.21 -0.06
un
LM∆ -0.11 0.76 1.00 -0.19 -0.28 0.26
un
RM∆ 0.05 -0.12 -0.19 1.00 -0.46 -0.16
un
LR∆ 0.13 -0.21 -0.28 -0.46 1.00 -0.26
un
RR∆ 0.49 -0.06 0.26 -0.16 -0.26 1.00
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Table 6.15: Correlation coefficients between peak unseating displacements (50% in 50
years, rock)

un
LL∆ un

RL∆ un
LM∆ un

RM∆ un
LR∆ un

RR∆
un
LL∆ 1.00 -0.10 0.15 0.09 0.70 0.63
un
RL∆ -0.10 1.00 0.50 0.54 -0.06 0.40
un
LM∆ 0.15 0.50 1.00 0.88 0.54 0.17
un
RM∆ 0.09 0.54 0.88 1.00 0.65 0.43
un
LR∆ 0.70 -0.06 0.54 0.65 1.00 0.64
un
RR∆ 0.63 0.40 0.17 0.43 0.64 1.00

Table 6.16: Correlation coefficients between peak unseating displacements (10% in 50
years, rock)

un
LL∆ un

RL∆ un
LM∆ un

RM∆ un
LR∆ un

RR∆
un
LL∆ 1.00 0.38 -0.52 0.95 0.76 -0.18
un
RL∆ 0.38 1.00 -0.85 0.10 0.23 -0.90
un
LM∆ -0.52 -0.85 1.00 -0.37 -0.66 0.92
un
RM∆ 0.95 0.10 -0.37 1.00 0.83 0.03
un
LR∆ 0.76 0.23 -0.66 0.83 1.00 -0.33
un
RR∆ -0.18 -0.90 0.92 0.03 -0.33 1.00

Table 6.17: Correlation coefficients between peak unseating displacements (2% in 50
years, rock)

un
LL∆ un

RL∆ un
LM∆ un

RM∆ un
LR∆ un

RR∆
un
LL∆ 1.00 0.09 -0.44 0.12 0.04 0.22
un
RL∆ 0.09 1.00 -0.15 0.56 -0.41 -0.34
un
LM∆ -0.44 -0.15 1.00 -0.33 -0.03 0.58
un
RM∆ 0.12 0.56 -0.33 1.00 -0.90 -0.28
un
LR∆ 0.04 -0.41 -0.03 -0.90 1.00 0.05
un
RR∆ 0.22 -0.34 0.58 -0.28 0.05 1.00
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Table 6.18: Correlation coefficients between the peak pier lateral drift and peak shear
key deformation (50% in 50 years, soil)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
p∆ 0.79 0.58 0.63 0.32 0.43 0.87 0.35 0.75 0.48 0.73 0.81 0.76

2
p∆ 0.79 0.56 0.63 0.32 0.43 0.86 0.39 0.74 0.48 0.69 0.79 0.78

3
p∆ 0.76 0.42 0.56 0.28 0.34 0.83 0.42 0.70 0.47 0.64 0.77 0.81

4
p∆ 0.58 0.35 0.58 0.18 0.29 0.73 0.54 0.57 0.39 0.56 0.68 0.81

5
p∆ 0.59 0.34 0.53 0.20 0.30 0.71 0.60 0.58 0.41 0.51 0.61 0.83

6
p∆ 0.61 0.28 0.55 0.25 0.25 0.68 0.64 0.56 0.43 0.45 0.60 0.86

7
p∆ 0.58 0.34 0.60 0.25 0.30 0.64 0.68 0.56 0.45 0.44 0.56 0.86

8
p∆ 0.59 0.37 0.62 0.32 0.33 0.57 0.74 0.61 0.57 0.39 0.47 0.88

Table 6.19: Correlation coefficients between the peak pier lateral drift and peak shear
key deformation (10% in 50 years, soil)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
p∆ 0.52 0.43 0.40 -.18 0.59 0.76 0.03 0.18 -.21 0.36 0.45 0.50

2
p∆ 0.33 0.24 0.35 0.09 0.44 0.66 0.19 0.20 -.23 0.38 0.37 0.42

3
p∆ 0.41 0.25 0.28 0.02 0.44 0.72 0.23 0.04 -.14 0.38 0.32 0.37

4
p∆ 0.37 0.32 0.37 -.16 0.43 0.77 0.06 0.16 -.33 0.42 0.36 0.35

5
p∆ 0.42 0.20 0.27 0.14 0.12 0.52 0.47 -.10 -.24 0.22 0.06 0.37

6
p∆ 0.55 0.20 0.46 0.06 0.39 0.55 0.31 0.07 -.13 0.34 0.31 0.35

7
p∆ 0.53 0.34 0.49 -.03 0.50 0.69 0.29 0.14 -.25 0.30 0.32 0.50

8
p∆ 0.56 0.41 0.48 -.15 0.53 0.71 0.20 0.15 -.28 0.24 0.30 0.53
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Table 6.20: Correlation coefficients between the peak pier lateral drift and peak shear
key deformation (50% in 50 years, rock)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
p∆ 0.93 0.30 -.62 0.05 -.99 -.89 0.48 0.43 0.87 0.34 -.16 0.65

2
p∆ 0.97 0.45 -.60 0.08 -.99 -.85 0.33 0.32 0.81 0.52 0.01 0.76

3
p∆ 0.70 0.60 -.21 0.52 -.84 -.54 0.54 0.66 0.76 0.26 -.11 0.91

4
p∆ 0.66 -.07 -.36 0.18 -.81 -.81 0.83 0.67 0.81 -.15 -.42 0.37

5
p∆ 0.67 0.45 -.22 0.49 -.85 -.59 0.69 0.76 0.83 0.09 -.26 0.81

6
p∆ 0.49 0.29 0.07 0.70 -.70 -.50 0.80 0.81 0.65 -.10 -.20 0.69

7
p∆ 0.59 0.13 -.08 0.54 -.78 -.66 0.86 0.78 0.73 -.13 -.28 0.58

8
p∆ 0.58 0.14 -.08 0.54 -.77 -.65 0.86 0.79 0.73 -.14 -.29 0.58

Table 6.21: Correlation coefficients between the peak pier lateral drift and peak shear
key deformation (10% in 50 years, rock)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
p∆ 0.97 0.85 0.65 0.33 0.59 0.87 -.38 0.95 0.59 0.92 0.96 -.05

2
p∆ 0.99 0.91 0.71 0.26 0.60 0.92 -.39 0.98 0.69 0.97 0.95 -.03

3
p∆ 0.95 0.94 0.80 0.12 0.73 0.96 -.23 0.94 0.62 0.96 0.89 0.13

4
p∆ 0.92 0.90 0.81 0.10 0.76 0.94 -.15 0.89 0.51 0.92 0.87 0.19

5
p∆ 0.75 0.77 0.82 -.05 0.86 0.86 0.12 0.70 0.23 0.76 0.71 0.41

6
p∆ 0.86 0.96 0.92 -.11 0.85 0.99 -.04 0.86 0.57 0.94 0.77 0.34

7
p∆ 0.89 0.97 0.90 -.06 0.81 0.99 -.10 0.89 0.62 0.96 0.81 0.28

8
p∆ 0.80 0.98 0.96 -.24 0.86 0.99 0.02 0.81 0.62 0.92 0.68 0.41
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Table 6.22: Correlation coefficients between the peak pier lateral drift and peak shear
key deformation (2% in 50 years, rock)

1
sk∆ 7

sk∆ 8
sk∆ 2

sk∆ 3
sk∆ 9

sk∆ 10
sk∆ 4

sk∆ 5
sk∆ 11

sk∆ 12
sk∆ 6

sk∆

1
p∆ 0.61 0.39 0.01 -.15 0.26 0.50 -.53 0.33 -.01 0.69 0.64 0.60

2
p∆ 0.39 0.01 -.36 0.10 0.01 0.14 -.56 0.76 -.73 0.29 0.32 0.13

3
p∆ 0.27 -.14 -.53 -.05 -.17 -.05 -.64 0.63 -.75 0.23 0.31 0.03

4
p∆ 0.61 0.51 0.11 0.54 0.56 0.61 -.29 0.59 -.50 0.63 0.63 -.22

5
p∆ 0.35 0.34 -.12 0.46 0.38 0.41 -.56 0.63 -.60 0.53 0.52 -.22

6
p∆ 0.83 0.34 -.02 -.21 0.20 0.46 -.34 0.39 -.27 0.69 0.72 0.59

7
p∆ 0.65 0.31 -.08 0.02 0.24 0.43 -.46 0.61 -.45 0.58 0.57 0.45

8
p∆ 0.78 0.30 -.04 -.06 0.23 0.47 -.39 0.61 -.36 0.59 0.58 0.55

6.4 CONDITIONAL RESPONSE ANALYSIS GIVEN IM

In order to capture the system seismic performance, the following system-level

EDPs are defined for the three failure mechanisms considered: maximum peak shear

key deformation at both abutment joints SK
abut∆ , maximum peak shear key deformation

at both interior expansion joints SK
exp∆ , maximum peak shear key deformation at all six

continuous joints SK
cont∆ , maximum peak lateral drift over all eight bridge piers P∆ ,

maximum peak unseating displacement at both abutments UN
abut∆ , and at both interior

expansion joints UN
exp∆ . These system-level EDPs are used in the subsequent analysis

to calculate the MAR of the most critical component among a sub-group of similar

components (e.g., pier, shear keys at both abutments, shear keys at both interior

expansion joints, shear keys at the continuous joints, superstructure spans at the

abutments, and superstructure spans at the interior expansion joints) exceeding a
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specified damage state for each of the three failure mechanisms considered. Thus,

each computed MAR of damage state exceedance denotes the MAR that at least one

of the components of a subgroup of similar components will exceed the specified

damage state for a given failure mechanism. In other words, the probabilistic

assessment is conducted neither component by component nor at the level of joint

behavior of the components of a sub-group for any failure mechanism, In addition,

the probabilistic assessment of the joint occurrence of multiple failure mechanisms at

is also beyond the scope of this study.

As stated in the derivation of the seismic demand hazard, nonlinear structural

response simulations need to be performed to predict the conditional probability

distribution of EDPs given the IM, namely P EDP IM imδ> =   . They provide a set

of data points for each EDP at the specified IM levels, im*. At each IM level, a certain

distribution, for example lognormal, is postulated for each EDP to estimate

P EDP IM imδ ∗ > =  . Note that the structural responses to soil free-field input

motions and to rock free-field input motions are handled separately.

There are only two soil ground motion time histories at the 2% in 50 years seismic

hazard level, which are not enough to determine the probability distribution of any

EDP at that level. Therefore, the simulated structural response at that level are

ignored, i.e., for soil free-field input motions, only the simulated structural response at

50% and 10% in 50 years levels are used in the analysis. The nonlinear time history

analysis indicates that the bridge collapse in three out of fifteen 10% in 50 years soil

free-field input motions and one out of eight 2% in 50 years rock free-field input
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motions. Therefore, the estimated probabilities of collapse are 0/17 and 3/15 at 50%

and 10% in 50 years seismic hazard levels, respectively, for soil free-field input

motions; and 0/5, 0/4 and 1/8 at 50%, 10% and 2% in 50 years, respectively, for rock

free-field input motions. The conditional probability of collapse given IM,

P C IM im=   , is parameterized as

ln im a
P C IM im

b

− = =Φ      
(6.16)

where Φ denotes the standard normal CDF. The parameters a and b for simulated

response to soil free-field input motions are obtained by substituting the estimated

conditional probabilities at the two seismic hazard levels into Eq. (6.16) and solving

them simultaneously. Those for simulated response to rock free-field input motions

are obtained by least square fitting Eq. (6.16) to the estimated conditional probability

values at the three seismic hazard levels.

Two assumptions are made herein to extend the conditional probability

distribution of an EDP given IM at the specified IM levels to every possible IM level.

(1) The conditional probability distribution of each EDP given IM follows the same

distribution at every IM level, (2) The distribution parameters of an EDP are functions

of IM, approximated by fitting the estimated distribution parameters at the selected IM

levels.

Regarding the first assumption, the probability distributions of P∆ , UN
abut∆ and UN

exp∆

given IM are assumed to follow the lognormal distribution, i.e.,
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( )
( )

ln
0

im
P EDP IM im

im

δ λ
δ δ

ζ
 −

≤ = =Φ >    
 

 (6.17)

where ( )imλ and ( )imζ denote the mean and standard deviation of the natural

logarithm of the EDP; and ( )Φ L is the standard normal CDF. The conditional

probability distribution of the other EDPs, SK
abut∆ , SK

exp∆ and SK
cont∆ , given IM is assumed

to follow the hybrid lognormal distribution, truncated at the ultimate deformation

capacity sk
u∆ = 100mm (4inch), i.e.,

( )
( )

( )
( )

( )( )

( )

0

0

ln

1 0
ln

sk
usk

u

sk
u

im

im
P EDP IM im P im

im

im

P EDP IM im P im

δ λ
ζ

δ δ
λ

ζ

 −
Φ 
 ≤ = = ⋅ − < < ∆    ∆ −

Φ 
 

 = ∆ = = 

 (6.18)

At each selected seismic hazard level, 0P is estimated by the ratio of the number of

seismic inputs causing the ultimate deformation capacity to be reached over the total

number of seismic inputs; while λ and ζ are approximated through least square

fitting of the CDF in Eq. (6.17) and (6.18) to the appropriate simulated EDPs.

Regarding assumption (2) above, the distribution parameters λ as a function of im

is approximated through the empirical relation (Cornell et al. 2002)

( )( ) ( )2
1 1 2exp , 0cim c im c cλ = ⋅ > (6.19)

Here, c1 and c2 are positive constants. Note that in the case of lognormal EDPs,

( )( )exp imλ corresponds to the median of the EDP.
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In the study by Luco and Cornell (2000) on the seismic demand of steel moment-

resisting frames, ( )imζ was found to approximately remain constant across all IM

levels. Generally, however, the dispersion of the structural seismic response increases

as the response shifts from linear elastic to nonlinear inelastic (Table 8.1 in Conte et

al. 1990, Krawinkler and Miranda 2004). In this study, ( )imζ is found to vary

significantly with IM. It increases with IM for small to moderate values of IM. For

the extreme case 0im = , the structural response is null and ( )0 0ζ = . On the other

hand, as IM becomes large, the EDPs reach their corresponding ultimate capacities

with a decrease in their scatter, as observed in this study and in other work (Aslani and

Miranda 2005). Based on these observations, ( )imζ is approximated as

( ) ( ) ( )3 4 3 4exp , 0im c im c im c cζ = ⋅ ⋅ − ⋅ > (6.20)

where c3 and c4 are positive constants. Note that the above function yields 0ζ = at

0im = and at very large IM.

For the truncated EDPs, SK
abut∆ , SK

exp∆ and SK
cont∆ , the probability of reaching the

ultimate deformation capacity is parameterized as

5
0

6

ln
( )

im c
P im

c

 −
= Φ 

 
(6.21)

Here, c5 and c6 are positive constants.

The parameter pairs (c1, c2), (c3, c4) and (c5, c6) are obtained by fitting the

estimated distribution parameters of EDPs separately for soil free-field input motions

and rock free-field input motions. For the soil free-field input motions, the responses



167

are only available at two seismic hazard levels, namely 50% and 10% in 50 years.

Therefore, the parameter pairs of EDPs for the soil free-field input motions are

derived from the following equations

�

�

1 2

1 2

ln ln ln

ln ln ln

s
s s s s

I I I

s
s s s s

II II II

EDP c c im
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where subscripts I and II denote the seismic level 50% and 10% in 50 years,

respectively; superscript s denotes the soil site free-field input motions; ( )1−Φ L is the

inverse function of the standard normal CDF. 

For responses to the rock free-field input motions, the parameter pairs are

determined by the least square fitting, i.e.,

( ) ( )
1 2

2 2

1 2 1 2,
ln ln ln min ln ln ln

III III
r r r r r r
i i i i

c c
i I i I

c c im c c imλ λ
= =

 − − ⋅ = − − ⋅ 
 

∑ ∑  (6.25)
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III III
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P P
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       − − −Φ = −Φ       
        

∑ ∑  (6.27)
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where subscripts I, II and III denote the seismic hazard level 50%, 10% and 2% in 50

years, respectively; superscript r denotes the rock free-field input motions.

The conditional probability distribution of six defined system-level EDPs,

calculated by Eqs. (6.17) through (6.27), are shown in Fig. 6.6 through Fig. 6.11,

respectively. In all these figures, superscript r denotes the results of rock free-field

input motions, while superscript s denotes the results of the soil free-field input

motions.
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Fig. 6.11: Conditional response analysis of maximum peak unseating displacement at
the interior expansion joints given IM

As can be seen from the conditional probability distributions of EDPs on IM, the

dispersions of the EDPs are very high. Apparently, great aleatory and epistemic

uncertainties are involved in this analytical procedure. The predominant sources of

the epistemic uncertainties come from the important simplifications and assumptions,

made in both modeling and calculation to carry out the subsequent analysis. These

uncertainties include: (1) the biased responses prediction of the finite element model;

(2) the assumptions about the identical distribution of an EDP across every possible

IM level and the relationship between the distribution parameters and IM; (3)

insufficient number of response simulations at a given IM level to estimate the

conditional probability distribution of an EDP given IM; and (4) insufficient number

of specified seismic hazard levels to establish the relationship between the distribution

parameters and IM. Tremendous work is required to quantify these uncertainties and
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improve or remove these simplifications and assumptions. However, the effects of

these uncertainties need to be investigated to justify the accuracy of PEER PBEE

Methodology. It is also noted that the dispersion of the responses to soil free-field

input motions are higher than that of the responses to rock free-field input motions.

This is due to the different operations used to deconvolve these two sets of free-field

motions. For rock site free-field motions, the seismic incident wave at the base of the

computational soil domain is taken as half of the free-field motion. Therefore, the

seismic incident waves at the same seismic hazard level have an identical IM value,

since the free-field motions are scaled to match the IM value corresponding to the

seismic hazard level. For the soil free-field ground motions, however, the seismic

incident wave at the base of the computational soil domain is obtained by propagating

the free-field motion inversely from the ground surface, through a number of soil

layers, to the bedrock using SHAKE. The seismic incident waves at the same hazard

level obtained through this procedure exhibit appreciable dispersion in IM. Thus, the

simulated responses to the soil input excitations scatter wider than those to the rock

input excitations.

6.5 SEISMIC DEMAND HAZARD CURVES

The seismic demand hazard curve of an EDP, i.e., the MAR of exceeding a

specified value δ , is obtained by convolving the conditional probability of the EDP

exceeding the specified value δ with the seismic hazard curve, ( )IM xν , as Eq. (6.12).

Both soil free-field input motions and rock free-field input motions are used in the
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structural response simulations. Theoretically, the seismic incident waves at on the

bedrock (i.e., the base of the computational soil domain in the bridge-foundation-soil

system) computed by deconvolving these two sets of free-field surface motions should

have identical likelihood in terms of IM. And thus these two sets of input motions

should yield consistent seismic demand hazard for an EDP. However, due to the

different operations in deconvolution and conditional response analysis given IM (e.g.,

different approaches to obtain the distribution parameters), these two sets of input

motions lead to different seismic hazard curves for an EDP. The combined seismic

hazard curve is then taken as the weighted average of those estimated from the two

sets of input motions, particularly

( ) ( )
( ) ( ) ( )

( )
( ) ( ) ( )

rr
EDP EDP

r s

ss
EDP

r s

n im

n im n im

n im

n im n im

ν δ ν δ

ν δ

= = =
+

+ =
+

Y y Y y

Y y

(6.28)

where ( )rn im and ( )sn im are the number of rock input motions and soil input

motions, respectively, at the hazard level im. ( )rn im and ( )sn im are defined as

( )
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n im im g
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 <
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g im
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 <

(6.29)

Fig. 6.12 uses P∆ as an example to illustrate the procedure of probabilistic seismic

demand analysis. The seismic demand hazard curves ( )EDPν δ =Y y for the system-

level EDPs are shown in Fig. 6.13 through Fig. 6.15.
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For a specified value δ of an EDP, Eq. (6.12) aggregates the contributions from

all possible IM levels to compute the MAR of the EDP exceeding δ . Inversely, the

MAR of exceedance can be broken down into its contributions from different IM
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levels to provide insight into what is the controlling IM level. Fig. 6.16 shows the IM

deaggregation of the seismic demand hazard at 84P mm∆ = and 147P mm∆ = ,

respectively. As can be seen, a broad range of IM (from 0.1g to 1.5g) makes

significant contribution to the seismic demand hazard at both demand levels. The low

levels of IM (< 0.1g) almost make no contribution to the seismic demand hazard

because the structural response at these IM levels is much lower than the specified

demand value 84mm, i.e., 84 0P EDP mm IM> ≈   . The high levels of IM (> 1.5g)

neither make appreciable contribution because their likelihood of occurrence is too

small. Fig. 6.17 and Fig. 6.18 show the IM deaggregation of the seismic demand

hazard for SK
abut∆ and UN

abut∆ , respectively. As observed from these deaggregation

figures, as the demand increases, the range of the contributory IM becomes broader

and shifts to higher levels.
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6.6 EFFICIENCY OF IMS

As can be seen in the PEER framework equation, IM, EDP and DM are

intermediate variables, introduced to derive the probabilistic information about DV.

The selection of IM is relatively complicated with respect to the other two. The choice

of the IM must be based on its sufficiency and efficiency, as defined by Luco and

Cornell (2006), as well as its hazard computability (Giovenale et al. 2004).

Sufficiency means that the IM can comprehensively describe the ground motion

characteristics so that it renders EDP conditionally independent, given IM, of

earthquake magnitude, site-to-source distance, site conditions and other ground motion

characteristics that can affect the structural responses. As explained in Section 2.3, a

sufficient IM can simplify the calculation of MAR of EDP exceedance. It can

simplify the ground motion evaluation procedure as well, because it frees the selection

of ground motions from constraints on the values of the other ground motions

characteristics.

Efficiency means that the IM can predict the potential demand and damage a

ground motion might impose on any structure as accurately as possible so that it

results in a relatively small variability of an EDP given IM. This can consequently

reduce the number of nonlinear structural response simulations required to obtain an

accurate estimate of the probability distribution of an EDP given IM. For example,

lowering the dispersion of the EDP given IM by a factor of two would require four

times fewer nonlinear structural response simulations to achieve the probability

distribution of the EDP given IM at the same confidence level (Luco and Cornell
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2006). Apparently, this requirement is difficult as an earthquake may cause quite

different responses to different structures.

Finally, the IM should not only be able to quantify the seismic hazard in a simple

but adequate manner, but require acceptable effort to obtain the seismic hazard. The

seismic hazard of the site can be obtained from either the hazard maps or a site-

specific Probabilistic Seismic Hazard Analysis. Hazard maps are generally available

in terms of peak ground acceleration (PGA) or a discrete number of values of spectral

accelerations, together with their annual probability of exceedance. It is also worth

noting that attenuation relationships needed in Probabilistic Seismic Hazard Analysis

are currently only available for PGA and spectral acceleration. A novel proposed IM

might supersede a commonly used one in terms of sufficiency or efficiency, but the

calculation of the corresponding hazard curves might also be excessively demanding.

It is clear that search for such an IM, which satisfies the three previously mentioned

criteria is a fundamental issue in probabilistic seismic structural performance analysis.

Currently, the most common IM is the 5% damped elastic spectral acceleration at

the first small-amplitude period of the structure, ( )1, 5%aS T ξ = . It has been

demonstrated to be more efficient than PGA (Shome et al. 1998, Giovenale et al.

2004) as the former is a characteristic of only the ground motion, while the latter

somehow involves the structural information in addition. However, ( )1, 5%aS T ξ =

itself has shortcomings. In particular, it ignores the effects of the higher modes on the

overall dynamic behavior of the structure. It can neither account for the effects of

period elongation for inelastic systems. As a result, this may result in a broad
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dispersion in the probability distribution of EDPs given ( )1, 5%aS T ξ = (Conte et al.

2003).

A number of new IMs have been proposed with the aim to improve the efficiency.

Among them, a good scalar IM was suggested by Cordova et al. (2000) which

accounts for the period elongation, namely as

( ) ( )1

1 1, 5% , 5%a aSaC S T S c T
α αξ ξ−= = ⋅ = (6.30)

Here, c and α are two parameters determined by calibration on the response of four

different (relative long-period) structures to two sets of eight ground motions. The

advantage of using SaC is that its attenuation relation is a linear combination of the

attenuation functions for spectral acceleration ( )1, 5%aS T ξ = and ( )1, 5%aS cT ξ = ,

which are both available, as

( ) ( )1 1ln (1 ) ln , 5% ln , 5%a aSaC S T S cTα ξ α ξ= − ⋅ = + ⋅ = (6.31)

As expected, SaC reduces the overall scatter at larger intensities under which the

structure has yielded. It, however, increases the scatter at lower intensities under

which the structure response is elastic. Conte et al. (2003) proposed an intensity

vector, which will be described in details later in this section. As an IM vector could

include more information about both the ground motion and the structure, it thus

should be more efficient. But it raised many new problems, such as the scaling

techniques and the calculation of seismic hazard. At present, there is no consensus on

any IM that is significantly better than ( )1, 5%aS T ξ = .
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As suggested by Giovenale et al. (2004), the most direct approach to compare the

adequacy of alternative IMs is the so-called “stripes” method. It involves taking

several specified seismic hazard levels as samples for each candidate IM and selecting

a sufficient number of ground motions, say 20, for each level. Each record within a

hazard bin must be scaled to match the target IM value for the appropriate hazard

level. Recent studies have shown that the operation of scaling will not introduce any

bias in the structural response simulations (Shome et al. 1998). Next, a generic

nonlinear structure is subjected to each bin of the ground motions to obtain the

conditional probability distributions of EDPs. Then these ground motions are re-

scaled to match the target value of another candidate IM at the identical seismic hazard

levels, respectively. And the nonlinear dynamic structural response simulations are

repeated for the same structure. Finally, the appropriate dispersions of the two sets of

EDPs are compared within the same seismic hazard level to identify the more efficient

IM. For example, Giovenale et al. (2004) showed that ( )1, 5%aS T ξ = clearly

produces smaller dispersion in EDPs than PGA does, and is thus more efficient. This

approach is very straightforward and rigorous. The disadvantage is that it requires

new nonlinear dynamic structural response simulations as new candidate IM is

considered, which makes it computationally expensive, even for a SDOF system.

Other methods have also been presented to avoid re-running the simulations for

candidate IMs. But they need to make some strong or even unrealistic assumptions to

simplify the procedure and consequently introduce artificial contribution to the

dispersion of the EDPs.
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The efficiency of an IM can also be partially validated through statistical

correlation studies of the IM with various EDPs of nonlinear single-degree-of-freedom

(SDOF) and multi-degree-of-freedom (MDOF) systems (Conte et al. 2003). In order

to provide an accurate prediction of structural seismic responses, an IM needs to

correlate well with a fairly wide range of EDPs. In this section, the statistical

correlation between the IM suggest by Conte et al. (2003) and some EDPs of the

bridge-foundation-ground system considered here is investigated to determine its

effectiveness. This generic nonlinear SDOF-based IM, R rF = , is defined as

R r
y

R r elastic
y

C
F

C

=

= = (6.32)

where R denotes an EDP of a generic inelastic SDOF system, for example the peak

ductility µ , and r represents a specified value of this EDP, for example 4µ = , taken

by the generic system when subjected to the ground motion in question. R r
yC = is the

minimum yield strength required to limit the R equal to r. And elastic
yC is the minimum

yield strength required for the system to remain elastic. R rF = is proposed to serve as

the secondary IM to complement the primary one, ( )1, 5%aS T ξ = . It is a measure of

the effectiveness of a ground motion to produce the structural nonlinear response R.

Notice that R rF = is smaller or equal to one, i.e.,

1R rF = ≤ (6.33)

The closer R rF = is to one, the more effective the ground motion is to produce the

target level r of the nonlinear response R in a structure. Another property of R rF = is
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that it is a relative measure of the ground motion in the sense that it remains constant

when the ground motion is scaled up or down.

In order to fully describe the characteristics of ground motions, four SDOF-based

EDPs of two different types are considered. EDPs of the first type, peak displacement

ductility ( µ ) and number of yield reversals ( ,y revN ), are based on force-deformation

behavior of the generic SDOF system. EDPs of the second type are energy-based

responses of the SDOF system, including the normalized hysteretic energy dissipated

over the duration of the ground motion ( *
HE ) and the peak rate of normalized

hysteretic energy dissipation ( *
,maxHP ). *

HE and *
,maxHP are defined as

( )* H d
H

y y

E t
E

R U
= (6.34)

( )*
,max

0 d

H
H

t t
y y

E t
P Max

R U≤ ≤

 
=  

  

&
(6.35)

where ( )HE t is the hysteretic energy dissipated by the time instant t; td is the duration

of the ground motion; Ry is the yielding strength of the generic SDOF system; and Uy

is the yielding displacement. Conte et al (2003) conducted extensive correlation

analysis between various (1) seismological variables, conventional and newly defined

IMs, including magnitude M, site-to-source distance R, PGA, PGV, ( )1, 5%aS T ξ = ,

Fµ , *
HE

F ,
,y revNF *

,maxHP
F and so on, and (2) EDPs of the generic SDOF system. Their

work indicates that the newly defined IMs, Fµ , *
HE

F ,
,y revNF and *

,maxHP
F , are better

correlated with the EDPs than the conventional IMs, such as PGA and PGV. The
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statistical correlation analysis between IMs and the responses parameters of the

HBMC Bridge to the 49 ground motions is conducted in this section as an extension of

their work from SDOF systems to MDOF systems. The IMs are all calculated using

the original free-field surface motions. The generic SDOF system used to calculate

Fµ , *
HE

F ,
,y revNF and *

,maxHP
F is a bilinear inelastic hysteretic model with zero strain

hardening ratio. The period of the generic SDOF system is taken as the first low-

amplitude vibration period of the bridge-foundation-ground system, 0.71sec. The

correlation coefficients between various IMs and EDPs are listed in Table 6.23

through Table 6.28. As stated previously, the generic nonlinear SDOF-based IM,

R rF = , is a relative measure that is independent of the amplitude of the ground motion.

So it is only fair to conduct statistical correlation analysis with the structural responses

to the input motions scaled to have an identical primary IM, ( )1, 5%aS T ξ = in this

case.

Table 6.23: Correlation coefficients between IMs and peak pier lateral drifts (50% in
50 years, soil)

1
p∆ 2

p∆ 3
p∆ 4

p∆ 5
p∆ 6

p∆ 7
p∆ 8

p∆

* 100hE
F

= 0.78 0.78 0.77 0.69 0.70 0.70 0.71 0.73

8Fµ= 0.76 0.78 0.82 0.84 0.82 0.88 0.85 0.78

, 15y revNF = 0.25 0.26 0.21 0.17 0.16 0.21 0.27 0.34

*
,max 75HP

F
= 0.76 0.77 0.81 0.72 0.71 0.75 0.67 0.62

PGA 0.31 0.31 0.27 0.15 0.17 0.12 0.11 0.12
PGV 0.85 0.86 0.81 0.76 0.74 0.73 0.72 0.68
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Table 6.24: Correlation coefficients between IMs and peak shear key deformations and
(50% in 50 years, soil)

1
sk∆ 2

sk∆ 3
sk∆ 4

sk∆ 5
sk∆ 6

sk∆

* 100hE
F

= 0.83 0.48 0.54 0.77 0.62 0.84

8Fµ= 0.63 0.22 0.52 0.37 0.27 0.76

, 15y revNF = 0.52 0.62 0.47 0.50 0.38 0.53

*
,max 75HP

F
= 0.74 0.23 0.34 0.54 0.43 0.64

PGA 0.47 -0.096 -0.029 0.23 0.32 0.27
PGV 0.78 0.14 0.34 0.51 0.55 0.61

Table 6.25: Correlation coefficient between IMs and peak unseating displacements
(50% in 50 years, soil)

un
LL∆ un

RL∆ un
LM∆ un

RM∆ un
LR∆ un

RR∆

* 100hE
F

= 0.24 0.26 0.10 0.11 0.10 0.13

8Fµ= 0.24 0.38 0.036 0.23 0.069 0.0010

, 15y revNF = 0.27 0.15 0.10 0.018 0.34 0.39

*
,max 75HP

F
= 0.19 0.065 0.20 0.14 -0.046 0.22

PGA 0.29 0.019 0.14 -0.0029 0.19 0.52
PGV 0.63 0.18 0.36 0.071 0.37 0.38

Table 6.26: Correlation coefficients between IMs and peak pier lateral drifts (10% in
50 years, soil)

1
p∆ 2

p∆ 3
p∆ 4

p∆ 5
p∆ 6

p∆ 7
p∆ 8

p∆

* 100hE
F

= -.038 -.11 -.13 -.063 0.0074 -.074 -.050 -.029

8Fµ= 0.60 0.64 0.50 0.60 0.54 0.59 0.60 0.61

, 15y revNF = 0.41 0.55 0.49 0.42 0.40 0.40 0.35 0.32

*
,max 75HP

F
= 0.46 0.56 0.43 0.44 0.42 0.56 0.47 0.42

PGA 0.25 0.40 0.36 0.37 0.35 0.30 0.22 0.16
PGV 0.62 0.68 0.66 0.66 0.68 0.74 0.69 0.61
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Table 6.27: Correlation coefficients between IMs and peak shear key deformations
(10% in 50 years, soil)

1
sk∆ 2

sk∆ 3
sk∆ 4

sk∆ 5
sk∆ 6

sk∆

* 100hE
F

= -.32 0.11 0.18 0.42 -0.34 -0.27

8Fµ= 0.43 0.19 -0.084 0.021 0.30 0.20

, 15y revNF = 0.48 -.040 0.14 -0.17 0.23 0.72

*
,max 75HP

F
= 0.25 0.061 0.20 0.065 0.31 0.30

PGA 0.030 -0.21 0.10 -0.059 0.069 0.29
PGV 0.39 0.23 0.22 0.18 0.47 0.10

Table 6.28: Correlation coefficient between IMs and peak unseating displacements
(10% in 50 years, soil)

un
LL∆ un

RL∆ un
LM∆ un

RM∆ un
LR∆ un

RR∆

* 100hE
F

= -.074 0.10 -0.0075 0.42 -0.26 -0.0058

8Fµ= 0.45 0.37 -0.016 0.021 0.17 0.25

, 15y revNF = 0.16 0.13 0.082 -0.17 -0.16 0.59

*
,max 75HP

F
= 0.26 -.098 0.25 0.065 0.25 0.45

PGA 0.096 -0.11 0.13 -0.059 0.093 0.52
PGV 0.58 0.039 0.32 0.18 0.51 0.27

The following observations can be made from these figures:

(1) The correlation coefficients of the same IM with different EDPs vary

significantly and also as a function of the seismic hazard level.

(2) Generally, the correlation coefficients between PGA and PGV with the various

EDPs of the BFG system decrease with increasing seismic hazard level.

(3) The IMs correlate better with unbounded EDPs than unbounded EDPs, such as

the peak shear key deformation. For example, as long as the IM is sufficiently

large to make the peak shear key deformation reach its ultimate capacity, the shear
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key deformation remains constant (i.e., its ultimate capacity) even if the IM

increases, indicating low correlation between them.

(4) Unlike the correlation analysis results of SDOF system obtained by Conte et al.

(2003), PGV is found to have stronger correlations with most of the EDPs of the

bridge-foundation-ground system than PGA and the newly defined IMs, Fµ , *
HE

F ,

,y revNF and *
,maxHP

F , though no IM evidently surpasses the others. Furthermore, the

generic IM, R rF = , does not show consistently high correlation with the EDPs. One

possible explanation is that the generic IM, R rF = , is obtained for the original free-

field surface motions, while the real input motions to the bridge-foundation-ground

system are their corresponding seismic incident waves at the base of the

computational soil domain obtained through deconvolution. Even though the free-

field surface motions are scaled to have an identical ( )1, 5%aS T ξ = value,

( )1, 5%aS T ξ = of the seismic incident waves may differ significantly from each

other. This difference in the ( )1, 5%aS T ξ = will lead to low correlation between

the EDPs and R rF = . In addition, the characteristics of a seismic incident wave if

quite different from that of its corresponding free-field surface motion after it

propagates through the various damped nonlinear soil layers. This could be

another reason for the low correlation between the EDPs and R rF = .
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7 Probabilistic Seismic Damage Analysis
Part I: Deterministic System Properties

7.1 INTRODUCTION

The objective of Probabilistic Seismic Damage Analysis, also called Seismic

Reliability Analysis, is to evaluate the mean annual rate (MAR) of the structure or its

components exceeding a given damage state induced by possible earthquake

excitations. In time-invariant reliability problems, the performance function of a given

damage state can be expressed in terms of capacity and demand, which are both

random variables. The demand can be a force or deformation. The capacity is the

maximum force or deformation the structure can withstand without member or system

failure. Given the joint probability distribution of capacity and demand, the

probability of exceeding the damage state can be calculated by integration of their

joint probability density function over the failure domain. Numerical approximations,

e.g., First-Order Reliability Method (FORM) and Second-Order Reliability Method

(SORM), are generally used to evaluate the integral when the number of random

variables is large and when the damage state function is highly nonlinear. The

FORM/SORM replaces the damage state function with its first-order or second-order
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of Taylor series expansion at the design point or the most likely failure point, which

has the highest probability density among all failure points. The reliability problem

can then be solved in closed form in terms of the first two moments of the basic

random variables. Monte Carlo simulation method is also widely used for computing

the failure probability. The main disadvantage of this method lies in the large

computational effort required to obtain reasonably accurate probability estimates.

Various variance-reduction techniques, such as importance sampling method and

stratified sampling method, were developed to reduce the variance of the probability

estimate for a given number of simulations.

Seismic reliability analysis of actual structures is a very challenging task due to the

large number of factors affecting structural seismic demand and capacity and the

uncertainties characterizing these various factors. In seismic reliability analysis,

capacity and demand are typically expressed in terms of system response parameters

due to earthquake excitation, e.g., displacement/curvature ductility, inter-story drift,

energy dissipation. Generally, capacity terms depend on cyclic material properties,

geometric properties of structural members, system configuration and methods/models

used to predict the capacity. The seismic demand depends on both earthquake

excitation and structural properties. The uncertainty of the predicted structural seismic

demand emanates from the uncertainties characterizing the seismic source (fault

rupture mechanism, occurrence in space and time, magnitude), the characteristics of

the wave propagation path (seismic path), the local site/soil conditions, the ground

motion histories at the support points (i.e., foundation) of the structure, the properties
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of the structure itself, and the various methods/models used to predict each of the

above ingredients of the earthquake engineering problem from the source parameters

to the seismic response of the structure. Since earthquake ground motion excitation

and structural seismic response are random functions of time (i.e., stochastic

processes), seismic reliability is a problem of random vector process out-crossing from

a prescribed safe domain to a failure domain defined by the limit-state considered.

Unfortunately, an exact solution to this general vector out-crossing problem is not

available.

Over the last few decades, a significant body of research has been performed to

develop various ingredients of a general methodology to evaluate the seismic

reliability of structures accounting consistently for all pertinent sources of uncertainty

mentioned above. Pioneering work was made in the context of seismic safety

assessments of nuclear power plants using a probabilistic computational procedure

(Kennedy et al. 1980, Smith et al. 1981). In these studies, a three-step procedure was

developed to evaluate the probability of earthquake initiated core melt: (1) estimate

the ground motion (PGA) and its uncertainty in this estimate as functions of annual

probability of occurrence; (2) estimate the conditional (on PGA) probability of failure

and its uncertainty for structures, equipment, piping, controls, etc.; and (3) combine

these estimates to obtain probabilities of earthquake induced failure and uncertainties

in such estimates to be used in event tress, system models, and fault trees for

evaluating the probability of earthquake initiated core melt. Kennedy and Ravindra

(1984) developed seismic fragilities of critical structures and equipment as families of
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conditional failure frequency curves plotted against PGA. Later, research interest

focused on seismic reliability evaluation of building structures (Park et al. 1983,

Tzavelis and Shinozuka 1988, Esteva and Ruiz 1989, Hwang and Jaw 1990, Singhal

and Kiremidjian 1996). Recently, Wen and co-workers (Wen 1995, Han and Wen

1997) proposed a method to estimate the probabilities of exceeding various limit-states

of MDOF building structures so as to calibrate the design parameters in reliability-

based seismic codes. In order to alleviate the enormous computational effort, they

replace the MDOF structure with a simplified equivalent nonlinear system (ENS) that

retains the dynamic characteristics of the first two vibration modes and the global

yielding behavior of the system. The response of the MDOF structure to a seismic

excitation is obtained by multiplying the response of the ENS to the same seismic

excitation by either a global or local correction factor. They use a large number (on

the order of hundred) of artificial ground motion records to evaluate the statistical

properties of the structural response from the ENS. The synthetic records are

generated using Monte Carlo simulation, based on the seismological features of the

region around the site, such as the magnitude and site-to-source distance, recurrence

model and so on, in order to statistically represent all possible future events. For any

given causative fault, the conditional probability of exceeding a limit-state is evaluated

by fitting an extreme-value probability distribution model through the MDOF

response data obtained by modifying the ENS response values with the correction

factor. Finally, for the MDOF building structure, the annual probability of limit-state

exceedance is computed by summing the contributions of all faults. Song and
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Ellingwood (1999) studied the seismic reliability of special moment steel frames with

welded connections. They calculated the probabilities of exceeding various limit-

states as convolution of the derivative of the building fragility curve and the seismic

hazard curve. In their approach, the fragility of a structure is defined as its probability

of limit-state exceedance conditioned on the spectral acceleration (at the fundamental

period of the building). They show that under certain assumption on the hazard curve,

the probability of failure can be approximated as the product of the seismic hazard

evaluated at the median capacity and a correction factor that accounts for randomness

in the capacity. Cornell and co-workers (Bazzurro and Cornell 1994, Shome et al.

1998, Cornell et al. 2002, Yun et al. 2002) developed a formal probabilistic framework

to estimate the annual probability of exceeding a given target level of post-elastic

response in a specific MDOF structure located at a given site due to potential seismic

loads. Their dual-procedure framework convolves both the randomness and

uncertainty characteristics of the ground motion intensity, structural “demand”, and

structural system “capacity” to derive an expression for the probability of exceeding a

specified performance level. The first step couples the seismic hazard and structural

seismic demand conditioned on the ground motion intensity measure (IM) to produce

the seismic demand hazard curve, which provides the annual probability that the

demand exceeds any specified value. The second step combines the seismic demand

hazard curve and the probability information of capacity to produce the annual

probability of exceeding a specified performance level. With some assumptions and
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simplifications, a closed form solution can even be derived for the annual probability

of exceeding a specified limit-state.

The PEER Performance-Based Earthquake Engineering (PBEE) methodology

(Porter 2003, Moehle and Deierlein 2004) builds on the previous work by Cornell and

his co-workers. The mean annual rates (MAR) of exceeding various specified limit-

states are intermediate results of the performance evaluation (Cornell and Krawinkler

2000). This chapter presents the seismic reliability analysis of the Humboldt Bay

Middle Channel (HBMC) Bridge Testbed based on the PEER PBEE methodology.

Seismic reliability analysis couples the seismic hazard, demand hazard, and

probability information on the capacity through the Total Probability Theorem (TPT).

7.2 RELIABILITY FORMULATION AND COMPUTATION

For simplification and convenience, a set of discrete damage states (chosen from

the continuum of damage states characterizing the real structure) is defined to

represent critical stages of formation of member and/or system failure mechanisms. In

structural reliability analysis, a damage state is expressed mathematically in terms of a

damage state or performance function of the form

( ),g R S R S= − (7.1) 

where R and S denote the resistance or capacity and load effect or demand,

respectively, related to this damage state. Assuming that the effects of the ground

motion excitation (e.g., load cycle sequence effects) on the structural capacity can be

neglected, the damage state function can be expressed in the form
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( ) ( )ˆ , , , ,R G I R Gg R S R EDP g IMε ε ε ε ε= − = + − + =y y (7.2) 

where ( )R̂ y is the deterministic capacity predicted based on the nominal values of the

system properties y ; Iε is a random variable representing the uncertainty in the

demand due to the record-to-record variability; and Rε and Gε are random variables

representing the uncertain level of inaccuracy of the capacity model used (e.g.,

discrepancy between deterministic predictions based on nominal geometric and

material parameter values and experimental measurements of the capacity) and the

inexactness of the damage state function (due to missing variables), respectively.

These two uncertainty terms are both time-invariant, i.e., they do not renew at each

earthquake occurrence. As a result, the censored events { }0g < in a random sequence

of earthquakes cannot be considered statistically independent. Therefore, they do not

constitute Poisson events in time (Der Kiureghian 2005). However, defining

R Gε ε ε= + , for a given value of eε = , the conditional events ( ){ }, , , 0Ig IM eε <y

are Censored Poisson in time with the mean rate of occurrence

( ), , , 0IP g IM eν ε <  y , where the probability term can be calculated using the TPT

as

( ) ( ) ( ), , , 0 , , , 0I I IM

IM

P g IM e P g IM e IM im f im dimε ε< = < =      ∫y y (7.3) 

where ( )IMf im is the PDF of IM for a random earthquake and is related to the seismic

hazard curve, ( )IM imν , as
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( ) [ ]( ) [ ] ( )IM
IM

d P IM imd im P im IM im dim
f im

dim dim dim

νν
ν ν

> < ≤ +
= = =  (7.4) 

Using Eq. (7.4), the mean rate of occurrence of events ( ){ }, , , 0Ig IM eε <y can be

expressed as

( ){ } ( ) ( ), , , 0 , , , 0I I IM

IM

g IM e P g IM e IM im d imν ε ε ν< = < =  ∫y y (7.5) 

The mean rate of occurrence of random events ( ){ }, , , 0Ig IM ε ε <y , accounting for

the uncertainty in the inexactness of the capacity model and damage state function as

represented by random variable ε , is obtained by applying the TPT to the conditional

mean rate of occurrence ( ){ }, , , 0Ig IM eν ε <y in Eq. (7.5) (Der Kiureghian 2005):

( ){ } ( ){ } ( ), , , 0 , , , 0I Ig IM g IM e f e deε
ε

ν ε ε ν ε< = <∫y y (7.6) 

where ( )f eε is the probability density function (PDF) of ε . Substituting Eq. (7.5) 

into Eq. (7.6) and applying the TPT to account for all possible values of EDP and their

relative likelihood, the above mean rate of occurrence becomes

( ){ } ( )

( ) ( )

, , , 0 , , , 0 ,I I

IM EDP

IM

g IM P g IM e EDP IM im

dP EDP IM im d im f e de

ε

ε

ν ε ε ε δ

δ ν

< = < = =  

⋅ > =  

∫ ∫ ∫y y
(7.7) 

in which dP EDP IM im P EDP d IM imδ δ δ δ> = = < ≤ + =       . For convenience,

the explanatory variables of EDP, { }, , IIM εy , are not shown explicitly in the above

and following equations. Considering that the damage state function is conditionally
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independent, given EDP, of IM and Iε , and rearranging the order of integration, Eq.

(7.7) simplifies to

( ){ } ( ) ( )

( )

, , , 0 , 0I

IM EDP

IM

g IM P g e EDP f e de

dP EDP IM im d im

ε
ε

ν ε ε δ

δ ν

 
< = < =   

 
⋅ > =  

∫ ∫ ∫y y
(7.8) 

Given eε = , the conditional probability ( ), 0P g e EDP δ< =  y is a step function

(along the EDP axis) with the step located at EDP δ= . Therefore, the inner integral

in Eq. (7.8) can be rewritten as

( ) ( ) ( )
( ){ }

( )
: , 0

, 0

, 0

e g e EDP

P g e EDP f e de f e de

P g EDP

ε ε
ε δ

δ

ε δ

< =

< = =  

= < =  

∫ ∫
y

y

y
(7.9) 

The conditional probability of exceeding the damage state function (i.e., ( ), 0g ε <y )

conditional on EDP δ= , ( ), 0P g EDPε δ< =  y , accounts for the uncertainties in

the predictive (nominal) capacity model and damage state function and is referred to

as fragility function in the technical literature. Fragility function are obtained through

comparing capacity model predictions with real world observations, either in the field

or in the laboratory, and performing statistical model assessment (Gardoni et al. 2002).

Substituting the fragility function in Eq.(7.8), changing the order of integration, and

taking the fragility function out of the integral over IM yields

( ){ } ( )

( )

, , , 0 , 0I

EDP

IM

IM

g IM P g EDP

d P EDP IM im d im

ν ε ε ε δ

δ ν

< = < =  

 
⋅ > =   
 

∫

∫

y y

(7.10)
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Note the inner integral over IM in Eq. (7.10) gives the seismic demand hazard

( )EDPν δ , as derived in the previous chapter. Then the above expression for

( ){ }, , , 0Ig IMν ε ε <y reduces to

( ){ } ( ) ( ), , , 0 , 0I EDP

EDP

g IM P g EDP dν ε ε ε δ ν δ< = < =  ∫y y (7.11)

Thus, according to Eq.(7.11), the mean rate of exceedance of a specified damage state

can be expressed as the convolution of the fragility curve and the seismic demand

hazard curve of the EDP used in defining the damage state function.

7.3 PERFORMANCE-BASED DAMAGE STATES FOR VARIOUS
FAILURE MECHANISMS

7.3.1 Definition of Damage States

Five discrete stages of mechanism formation, called damage states, are defined for

each failure mechanisms considered in this study. The possible damage states must be

defined to be mutually exclusive and, with the addition of the undamaged state,

collectively exhaustive. The selection of the five damage states (Hose and Seible

1999) was based on field investigations following a seismic event, detailed assessment

of laboratory experiments and detailed analyses. The classification of the five damage

states is related to socio-economic effects as well as required repair effort, as shown in

Table 7.1. The five damages states range from “no visible damage” to “local

failure/collapse” of components or the entire system. Damage State I is described as

barely visible hairline cracks that close after a seismic event and require no repair.
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Damage state II consists of visible cracking that does not likely require repair.

Damage state III is characterized by the onset of concrete spalling, which is typically a

good indicator of local damage, and would require minimum repair. However, in

some cases like squat columns or steel-jacketed components, this damage state may be

reached without the occurrence of spalling. Therefore, the damage state must be

described by other damage indicators such as wide-open cracks for squat columns, or

damage in adjacent members for steel-jacketed components. Damage State IV is

defined by large crack widths and extensive spalling which require significant repair.

Finally, Damage State V can be classified by permanent visible deformation such as

buckling and rupture of reinforcement and crushing of the concrete core. This damage

state usually requires replacement of the component or structure.

Table 7.1: Damage states description, socio-economic effects and repair effort

Level
Damage
Classification

Damage Description
Repair
Description

Socio-
economic
Description

I No Barely visible cracking No repair
Fully
Operational

II Minor Cracking Possible repair Operational

III Moderate
Open Cracks
Onset of spalling

Minimum
Repair

Life Safety

IV Major
Very wide cracks
Extended concrete spalling

Repair
Near
Collapse

V
Local Failure
/Collapse

Visible permanent
deformation
Buckling/rupture of
reinforcement

Replacement Collapse

The five damage states also relates explicitly to the component/structure capacity,

as shown in Table 7.2.  Qualitative and quantitative performance descriptions
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corresponding to the five damage states are also given in this table. They represent

simple descriptions of the performance levels that can be observed visually. The

criteria for the classification of damage and performance are based on the current state

of knowledge, which will be adapted to reflect new information. Damage Sate I is

again described as the onset of barely visible cracks. Damage State II is associated

with the Minor damage level. It is defined when reinforcement has yielded, and can

be quantified by cracks that are clearly visible after the seismic event but are less than

1mm in width. The yielding of the reinforcement can be measured experimentally by

strain gauges, and can also be analytical evaluated by cross-sectional moment

curvature analyses. Damage State III correlates to the Moderate damage level. It is

qualitatively described as the onset of inelastic deformation, and depending on the

prevalent failure mechanism, consists of the development of significant diagonal

cracks or spalling of the cover concrete. This performance level can be quantified

visually when crack widths between 1~2mm and/or length of spalled regions greater

than 1/10 the cross-section depth develop. Damage State IV correlates with the Full

Development of local mechanism performance level. Qualitatively, this level can be

described when cracks and spalling extend over the full region of the local

mechanism. Cracks greater than 2mm in width and lengths of spalled regions that

extend significantly beyond 25mm (for typical members this is roughly half the section

depth in the loading direction) are commonly observed. The finial performance level,

Strength Degradation, occurs when the structural component or system experiences a

significant reduction in observed or calculated strength, such that the load-carrying
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capacity of the component can no longer be relied upon. This performance level is

reached when buckling of the main reinforcement is initiated, and hoop or tie

reinforcement fails due to anchorage or rupture. It can also be defined by crushing of

the concrete core. For field investigation following a seismic event, this level can be

characterized by crack widths greater than 2mm within the concrete core, or when the

measurable concrete dilation of the member is greater than 5% of the original member

dimension. For laboratory experiments, level V can be identified when the lateral

capacity of the component drops below 85% of the maximum. However, in some

instances a large reduction in strength of a component may not necessarily lead to

overall failure of the system, but large residual deformations may impair the

serviceability of these components, sub-assemblages, and systems.

Table 7.2: Qualitative and quantitative performance descriptions

Level
Performance
Level

Qualitative Performance
Description

Quantitative Performance
Description

I Cracking Onset of hairline cracks Cracks barely visible

II Yielding
Theoretical first yield of
longitudinal reinforcement

Cracks width < 1mm

III
Initiation of
local
mechanism

Initiation of inelastic
deformation.
Onset of concrete spalling.
Development of diagonal
cracks.

Crack widths 1~2 mm.
Length of spalled region >
1/10 cross-section depth.

IV

Full
development
of local
mechanism

Wide crack widths/spalling
over full local mechanism
region

Crack widths > 2 mm.
Diagonal cracks extend over
2/3 cross-section depth.
Length of spalled region
>1/2 cross-section depth.

V
Strength
degradation

Buckling of main
reinforcement.
Rupture of transverse
reinforcement.
Crushing of core concrete

Crack widths > 2 mm in
concrete core.
Measurable dilation > 5% of
original member dimension.
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7.3.2 Damage States for Pier Flexural Failure Mechanism

In the HBMC Bridge, all pier longitudinal reinforcement is lap spliced

immediately above the foundation, with a lap length of 20 times the bar diameter.

Tests indicate that this length is insufficient for the longitudinal bars to develop the

yield strength, especially when large-diameter bars are involved (Chai et al. 1991). As

a consequence, inadequate flexural strength results from lap-splice bond failure and

degrades rapidly under cyclic loading. Fig. 7.1 depicts the five damage states of the

pier flexural failure (Hose and Seible 1999). At damage state I, horizontal cracks are

visible up the height of the column. At damage state II, the horizontal flexural cracks

become significant and the first vertical cracks are identified near the base of the

column, indicating the splitting effect of the column reinforcement lap splices. At

damage state III, spalling of the cover concrete is observed indicating the initiation of

the local failure mechanism, which consists of debonding of the lap splice on the

tension face of the column. Damage state IV is characterized by continued spalling of

the cover concrete over the entire lap-splice region. Finally, damage state V is

dominated by bond/slip of the lapped reinforcement in the plastic hinge region.
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(a) Damage state I (b) Damage state II

(c) Damage state III (d) Damage state IV

(e) Damage state V

Fig. 7.1: Pictorial description of damage states of pier flexural failure in the lap-splice
region (Hose and Seible 1999)
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As stated in the previous chapter, the lateral (or tangential) pier drift ∆ is selected

as the EDP for pier flexural failure in the lap spliced region. The five damage states

for the pier flexural failure mechanism are marked in Fig. 7.2, which represents the

analytically predicted base shear versus lateral drift response of a typical pier (with

average height of 12m) of the HBMC Bridge. It was found that within the range of the

varying pier axial load ratio (0.9~7.1%) experienced in the earthquake response

simulations, damage states III, IV and V occur at very close lateral drift values,

indicating the brittle nature of this failure mechanism for the HBMC Bridge. Since a

pier is fully functional and requires no repair at damage state I, this damage state is

neglected for the purpose of system reliability analysis and loss analysis. Thus, only

two damage states were considered for this failure mechanism, namely damage state II

(yielding) and the joint damage state III-IV-V (peak capacity and immediate collapse).
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Fig. 7.2: Damage states of pier flexural failure mechanism
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7.3.3 Damage States for Shear Key Failure Mechanism

Fig. 7.3 depicts the five damage states of the shear key failure (Megally et al.

2001). Damage state I is characterized by onset of cracking. Damage state II is

defined when the reinforcement has yielded. Damage state III is characterized by the

onset of concrete spalling or large open cracks. At damage state IV, cracks and

spalling extend over the full region of the shear key. Damage state V is defined when

the load carrying capacity of the shear key is compromised due primarily to fracture of

the reinforcement. Simplified mechanistic capacity models (e.g., strut-and-tie model)

show that the (longitudinal) shear keys of the HBMC Bridge are also characterized by

a brittle behavior, due to the low amount of steel reinforcement as well as the short

anchorage length of the rebars specified in the “as built” configuration. For the shear

key failure mechanism, the maximum peak deformation across the weaker shear key

in each pair of shear keys is selected as the associated EDP. The damage states I, II,

and III for this failure mechanism fall within a very small deformation range.

Therefore the five damage states are reduced to joint damage state I-II-III, damage-

state IV and damage-state V.
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(a) Damage state I (b) Damage state II

(c) Damage state III (d) Damage state IV

(e) Damage state V

Fig. 7.3: Pictorial description of damage states of shear key failure (Megally et al.
2001)
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7.3.4 Damage States for Unseating Failure Mechanism

For the unseating failure mechanism, only damage state V (collapse) is considered

and the associated EDP, referred to hereafter as unseating displacement, is defined as

the peak horizontal displacement of the superstructure away from its supports at both

abutments and both interior expansion joints.

7.4 DETERMINISTIC CAPACITY MODELS

Predictive capacity models in current structural engineering practice are typically

deterministic. These models generally were developed using simplified mechanics

rules and calibrated using available experimental data. As a rule, they do not

explicitly account for the uncertainty inherent in the model and they provide biased

estimates of the capacity. In this study, available capacity models were adopted and

new capacity models were developed to predict the capacities against the various

damage states of the failure mechanisms considered.

7.4.1 Predictive Model of Pier Flexural Capacity

This model is based on integration of curvatures along the length of the pier. A

pier is divided into three regions, illustrated in Fig. 7.4. Region A, the strain

penetration region in the foundation, captures the response at the base of the pier. The

response in this region is contributed by the starter bars. It is assumed that moment-

curvature response in this region can be obtained from a conventional moment-
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curvature analysis and that the fixed-end rotation caused by strain penetration in the

bars anchored in the foundation is given by the curvature at the base of the column

times a penetration length, Lsp. Region B in Fig. 7.4 comprises the equivalent lap

spliced region of length, Lls. The response in this region can be obtained from a

modified moment-curvature analysis that accounts for bond-slip between the lapped

bars. Region C comprises the remaining part of the column. The response in Region

C is also obtained from a conventional moment-curvature analysis, which assumes

perfect bond between the reinforcing bars and the surrounding concrete. The

nonlinear material behavior induced by concrete fibers along the section is captured

using the unconfined concrete model developed by Mander et al. (1988).
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Fig. 7.4 Curvature distribution in lap spliced columns



208

Modified steel
constitutive law

Elligehausen et. al.1983
(test series 1.4)

Elligehausen et. al.1983
(test series 1.3)

Perfectly bonded bar

Modified steel constitutive
law in tension

εst

f s
t

Viwatharatepa et. al., 1979

Loading branch

εcre

fyte

fcre

fsde

1

2

3

4εyte εsde εue

fse

εse

Es

Est

fy

Modified steel
constitutive law

Elligehausen et. al.1983
(test series 1.4)

Elligehausen et. al.1983
(test series 1.3)

Perfectly bonded bar

Modified steel constitutive
law in tension

εst

f s
t

Viwatharatepa et. al., 1979

Loading branch

εcre

fyte

fcre

fsde

1

2

3

4εyte εsde εue

fse

εse

Es

Est

fy

Fig. 7.5: Bonded and spliced tensile branch of the steel constitutive law

A modified constitutive law is applied to the reinforcing steel in Region B to

account for flexibility of the lap spliced-bars-concrete system. As shown in Fig. 7.5,

the tensile branch is modified in accordance to the parameters described below, while

the compression branch of the steel constitutive law remains unchanged. Point 1 in

the tensile branch is defined by concrete cracking, as

ct
cre

c

f

E
ε

′
= and 2cre s cref E ε= (7.12)

where cE is the concrete modulus of elasticity; ctf ′ is the tensile strength of

unconfined concrete; sE is the steel modulus of elasticity. The factor 2 in the stress

term is in recognition that each pair of fully bonded spliced bars act as a single bar

with an equivalent material of elastic modulus twice that of steel. After
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decompression and cracking has occurred, a truss model suggested by Priestley et al.

(1996) can be used to predict the peak capacity of lap spliced bars, depicted as point 2

in Fig. 7.5. It is assumed that the maximum tensile stress in starter bars is the yield

stress of steel, i.e.,

yte yf f= (7.13)

And the flexibility can be evaluated using the simple model depicted in Fig. 7.6.
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Fig. 7.6: Force Transfer Mechanism between Spliced Bars

The stiffness of the lapped bars-concrete can be expressed by an equivalent inter-lug

axial spring of stiffness, Kst, defined as

b st
st

r

A E
K

S
= (7.14)

where Ab is the area of the reinforcing bars; st sE Eα= is the tensile modulus of

elasticity of the modified steel constitutive law; and Sr is the inter-lug spacing. In the

simplified model, the inter-lug bar axial spring with stiffness Ks, depicted between
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points A and B in Fig. 7.6, transfers the bar force through a diagonal compressive

concrete strut between points B and C with axial stiffness cK ′ . This compressive

stress field in the concrete is assumed to be at 45o, and the stiffness Kc of the resulting

compressive strut in the slip direction can be expressed as

2

2 42 2
c c c b c

c
clcl

K A E d mE
K

LL

β′
= = =  (7.15)

where 2c b rA d Sβ= is the axially effective area of the concrete inter-lug spring; Lcl

is the average clearance between the two lap spliced bars; r bm S d= . This

compressive stress field transfers the force from the column bar to the starter bar with

inter-lug stiffness, Ks,

4
b s b c

s
r

A E d nE
K

S m

π
= =  (7.16)

where s cn E E= denotes the steel-to-concrete modular ratio. The tensile stress field

in the concrete transfers part of the load from A to D as shown in Fig. 7.6. It is

assumed that before the concrete cracking capacity is reached, the axial stiffness of the

concrete tie is identical to that of the concrete compressive strut. Therefore, the

effective or equivalent inter-lug bar tensile stiffness (Kst) can be evaluated as the

resulting stiffness of the two parallel spring arrangements shown in Fig. 7.6, and can

be expressed as

1 12 22 1 2
1 1

4
b c b

st c
s c cl cl

d mE d m
K K

K K L nL

β β
π

− −    
 = + + = + +        

(7.17)

The elastic modulus reduction coefficient α can be expressed as
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Therefore, the strain of the point 2 is given by

( )yte cre

yte cre
s

f f

E
ε ε

α
−

= +  (7.19)

From this point on, the force transfer becomes a frictional mechanism, which is

characterized by the two descending branches shown in Fig. 7.5. The descending

branches are adaptations of the response of the Test Series 1.4 by Eligehausen et al.

(1983). The coordinates for points 4 and 5 are given by

5sde yte yε ε ε= +  and
3

y
sde

f
f = (7.20)

20ue yte yε ε ε= +  and 0ytef = (7.21)

A Gauss point is defined at each center of Region A and B. These points are used

as center of rotation to compute the lateral displacement contribution from these two

regions. A Gauss-Lobatto integration scheme with 3 Gauss points is used to integrate

curvatures along region C. In Region A, the curvature is assumed constant throughout

the entire strain penetration length. The strain penetration depth into the concrete

block, Lsp, is evaluated based on Priestley et al. (1996) as

0.022sp b yL d f= (7.22)

The above formulation has experimental validation in Chai et al. (1991). This source

of deformation does not contribute significantly to the total deformation of the system

but can have a significant effect on the column stiffness prior to damage state II. The

main source of lateral displacement in a lap spliced column takes place in the spliced
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region (Region B). In this model, the concept of equivalent plastic hinge length is

used to define the effective splice length, Lls. It was evident from the test results that

the equivalent lap-splice length heavily depends on the length of the yield plateau of

the steel in the column longitudinal bars. Lls can be expressed as

( )7 1000ls
sh y

b

L

d
ε ε= + − (7.23)

The estimated value of Lls based on the above formulation and using the mean values

for the yield plateau leads to 13db and 21db for Grade 60 and 40, respectively. The

validity of this model was justified by comparing the predicted and measured

capacities of ten lap spliced column specimens (Acero et al. 2006).

The deformation-based pier flexural capacity should also be a function of the axial

load, which varies continuously within an earthquake, and the height of the pier.

Though all the bridge piers have identical cross section configurations, their predicted

flexural capacities for each damage state differ from each other due to their different

axial load ratio (ALR) and height. Rigorously speaking, in order to identify the most

critical moment for each damage state of all bridge piers, it is necessary to trace the

demand of each pier within an earthquake and compare it to the capacity under the

axial load at the same instant for each time step. However, this formidable

requirement needs to be simplified to make subsequent reliability analysis of bridge

pier flexural failure practically feasible. As showed in section 6.2.2.1, the

deformation-based pier flexural capacities are insensitive to changes in ALR among

the range (0.9% ~ 7.1%) possibly experienced within an earthquake. That means the

capacities of all bridge piers can be deemed time-invariant within an earthquake. For
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the sake of simplicity, the capacity is taken as that of a bridge pier with average height

(12m) and under the gravity load alone. The deformation capacities for Damage State

II and Damage State III-IV-V predicted using the mechanistic model and the nominal

geometric and material parameter values described in Chapter 5 are 84mm and

147mm, respectively.

7.4.2 Predictive Model of Shear Key Capacity

It has been proposed that shear keys be categorized according to their aspect ratio

α (the height-to-depth ratio) (Caltrans 1993). The capacity of a shear key would be

calculated based on its category and an appropriate analytical evaluation approach is

also proposed for each category. Analysis of shear keys of the HBMC Bridge shows

that they all belong to category II, bracket and corbel. Therefore, their capacities are

predicted with the strut-and-tie approach along diagonal crack pattern. This approach

assumes shear keys behave similarly to a truss. The reinforcement steel is assumed to

act as a tension, or tie member, while the concrete acts as a compression strut

(Megally et al. 2001).

Fig. 7.7 shows the load versus displacement relationship observed by Megally et

al. (2001) in a test. This figure depicts both the movement of the loading arm and that

of the shear key itself during the monotonic portion of the test. The 1inch (25mm)

layer of expanded polystyrene causes an offset in the two profiles, which have the

same overall shape. The performance of the shear key during the test can be described

as follows: (1) Closure of the initial gap. This zone is the initial region of very low
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stiffness up to about 0.75inch (19mm) displacement, over which the applied load was

resisted only by the expanded polystyrene. (2) Resistance of the key though the strut-

and-tie load transfer mechanism. This region is characterized by its high stiffness,

beginning at the closure of the gap and terminating when the peak capacity of the

strut-and-tie is reached, at about 1inch (25mm) displacement. Fig. 7.7 also shows the

following locations in this region: first cracking, yielding of the first row of

reinforcement nearest tot the location of the applied load, and yielding of the second

row. (3) Resistance through a shear friction mechanism. This region began when the

crack at the interface propagated completely through the key, effectively separating

the concrete of the key from that of the base. This resulted in a significant decrease in

the load as the load transfer mechanism switched to sliding shear friction, with the key

itself behaving as a rigid body connected to the base by the reinforcement. The

friction was provided in the crack developed at the interface. This region is

characterized by a constant load level, which was maintained until the load was

reversed. (4) Cyclic shear friction. As the key was further displaced, the load

increased, but at much lower stiffness then that of the strut and tie mechanism. This

stiffness was maintained through the target displacement, barring any fracture of the

reinforcement. As the load was cycled at this displacement, the damage of the

concrete at the interface resulted in substantial stiffness degradation. When the target

displacement was increased, the stiffness observed during the last cycle at the previous

displacement was maintained until the new target displacement was reached, again
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barring any fracture of the reinforcement. The sides of the keys also showed

substantial spalling, rendering the outer lines of reinforcing bars ineffective.
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Fig. 7.7: Load versus displacement – test unit 1A (Megally et al. 2001)

The load versus displacement curves of the other test units show remarkable

similarities in the performance. All test units showed the same gap closure (zero

stiffness and resistance), high stiffness after the closure of the gap, and a dramatic

strength drop after the peak capacity.

A strut-and-tie model was developed by Megally et al. (2001) and calibrated with

their test results. According to this model, the cracking strength of a shear key is

2

7.5

3 9 4

c
cr

f bd
V

k k

′
=

+ +
(7.24)
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where cf ′ is the compressive strength of the concrete; b and d are the width and depth

of the shear key, respectively; and k a d= and a is the distance from the top of the

stem wall to center of application of the lateral load. The shear key top displacement

at damage state II, II∆ , can be computed as

( ) ( )
2 2

2II y d a

h d
L L

h d
ε

+
∆ = +

+
(7.25)

where yε is the strain corresponding to the yield strength of the reinforcing steel, h is

the height of the stem wall, La is the cracked region as shown in Fig. 7.8 and is

approximately the width of the stem wall based on the test observations, and Ld is the

reinforcement development length given by

[ ],
25

b y
d

c

d f
L psi in

f
=

′
(7.26)

where bd is the diameter of the reinforcement bars and yf is the yielding strength of

the reinforcement steel. The shear key top displacement at damage state III, III∆ , is

computed by assuming that all the rebars crossing the cracked zone have reached

yielding, i.e.,

( ) ( )
2III y d a

h d
L L

s
ε

+
∆ = +  (7.27)

where s is the reinforcement spacing in the stem wall. Test results show that damage

state IV is likely to occur at a steel strain of approximately 0.005. Thus, theoretically

top deflection at damage state IV may be computed as
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( ) ( )
0.0052IV d a

h d
L L
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ε

+
∆ = +  (7.28)

The test units presented in Megally et al. (2001) all showed that shear key capacity

degraded to essentially zero at displacement about 4½inch (114mm). Based on the test

results, it appears that the ultimate displacement is not affected by the parameters

investigated, except the diameter of the reinforcing bars or the aggregate size.

V
La LdLd

Leq = 2 Ld + La

fy

fs

(a) Shear Key Deformed Shape

(b) Strain Distribution

A

d

h

d

Fig. 7.8: Shear keys response mechanism (Megally et al. 2001)

The strut-and-tie model described above is applied to calculate the deformation-

based capacities of the shear keys of the HBMC Bridge. It shows that for each shear

key, damage state I, II, and III occur at very close and low deformation levels due to

the low amount of steel reinforcement as well as the short anchorage length of the

rebars specified in the “as built” configuration. Thus, damage state I, II and III is

reduced to a joint one. The deformation capacities for all the shear keys are reported

in Table 7.3. The deformation capacity at damage state V is set 4inch (100mm) for all
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shear keys because of the small diameter (0.5inch) of the rebars used in these shear

keys.

Table 7.3: Deformation capacity of shear keys against each damage state

Deformation capacity (mm)
Location

Damage state I-II-III Damage state IV Damage state V
Abutments 1 5 100

Interior expansion joints 1 3 100

Continuous joints 1 2 100

7.4.3 Predictive Model of Unseating Capacity

For the unseating failure mode, only damage state V (collapse) is considered. The

deformation capacity is taken here as the width of the abutment seat, 735mm (29in), at

the abutment joints or half width of the pier, 610mm (24in), at the interior expansion

joints.

7.5 FRAGILITY ANALYSIS

Fragility curves are useful tools to assess whether the damage states have been

reached. A fragility curve for a given damage state is defined as the probability of

exceeding this damage state conditioned on the demands associated with this damage

state, namely

P g 0< =  S s (7.29)
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where S is the vector of demands associated with the damage state, g is the safety

margin of the damage state, defined in Eq. (7.1). In this study, it is assumed that a

single (scalar) EDP (demand) is associated to each damage state of each potential

failure mechanism for the sake of simplicity. Uni-variate fragility curves with the

form of normal cumulative distribution function are developed for the damage states

of the three failure mechanisms considered and the input variable is the ratio of the

demand over the capacity, i.e.,

s r
P g 0 S s

−µ ≤ = =Φ     σ 
(7.30)

where s and r are the demand (or load effect) and capacity (or resistance) of the

damage state, respectively; µ and σ are the mean and standard deviation of the fitted

normal distribution. The capacity, r, is calculated using the existing and newly

developed deterministic models described above, while µ and σ are obtained by

least square fitting the normal CDF to the empirical CDF defined by the ratios of

measured (experimental) capacity over calculated (predicted) capacity. For each

damage state considered, a set of experimental data was collected from previous tests

and/or field observations. For each experimental data point, the ratio of the measured-

to-predicted capacity is computed. These ratios were used to develop the fragility

curve. If the deterministic predictive capacity model were perfect and in the absence

of inherent and modeling uncertainties and measurement noise/errors, these

experimental over calculated capacity ratios would all be unity. And if the adopted

EDP is sufficient to describe the damage state, i.e., the damage state depends only on
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the adopted EDP, its fragility function would take the form of a step function centered

at the unit value. However, in reality, these ratios exhibit a scatter due to imperfect

capacity models, missing explanatory variables, and various sources of

randomness/uncertainty. The uncertainty of the capacity ratio decreases with increase

of the slope of the fragility curve, while the bias of the predictive capacity model is

given by the ratio corresponding to a fragility value of 50%. If the bias is unity, then

the predictive capacity model is unbiased.

The experimental data used to develop the fragility curves of the lap spliced pier

flexural failure originate from 10 column specimens (4 tested at UCSD (Hose and

Seible 1999) and the other 6 tested at UCLA (Melek et al. 2003)). Each test specimen

provides two data points (in the push and pull directions, respectively) for each

damage state. Table 7.4 shows the ratios of the measured lateral drift over the

calculated value for all the specimens collected. The fragility curves shown in Fig. 7.9 

were thus obtained by fitting a normal cumulative distribution function (CDF) to the

empirical CDF defined by the 20 values of the experimental over calculated capacity

ratio displayed in Table 7.4. 
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Table 7.4: Capacity ratios (measured-to-predicted) of collected lap spliced column
specimens

Lateral drift ratio
Case ID

Column
description Damage state II Damage state III

Reference

1 C-1 Push 1.12 1.27 Hose and Seible 1999
2 C-1 Pull 1.05 0.86 Hose and Seible 1999
3 C-5 Push 0.96 1.14 Hose and Seible 1999
4 C-5 Pull 0.96 0.81 Hose and Seible 1999
5 R-1 Push 0.96 1.00 Hose and Seible 1999
6 R-1 Pull 0.87 0.75 Hose and Seible 1999
7 R-3 Push 1.21 1.61 Hose and Seible 1999
8 R-3 Pull 1.46 1.26 Hose and Seible 1999
9 S10MI Push 0.86 1.04 Melek et al. 2003
10 S10MI Pull 1.14 1.52 Melek et al. 2003
11 S20MI Push 1.04 1.33 Melek et al. 2003
12 S20MI Pull 0.93 0.92 Melek et al. 2003
13 S30MI Push 1.15 1.31 Melek et al. 2003
14 S30MI Pull 0.94 1.39 Melek et al. 2003
15 S20HI Push 1.15 1.19 Melek et al. 2003
16 S20HI Pull 0.96 1.38 Melek et al. 2003
17 S20HIN Push 0.98 0.94 Melek et al. 2003
18 S20HIN Pull 1.07 1.03 Melek et al. 2003
19 S30XI Push 1.09 1.47 Melek et al. 2003
20 S30XI Pull 0.95 1.29 Melek et al. 2003
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Fig. 7.9: Fragility curves for pier flexural failure: (a) damage state II, and (b) joint
damage state III-IV-V 

 

Experimental tests for (unconfined) shear keys are scarce, and the fragility curves

for shear key failure were derived based on the following experimental results: 3 tests

(a) (b)
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by Megally et al. (2001) and 2 tests by Bozorgzadeh et al. (2004). Table 7.5 lists the

deformation capacity ratios (measured-to-predicted) for the collected unconfined shear

key specimens. And Fig. 7.10 shows the fragility curves for each damage state

derived from these capacity rations.

Table 7.5: Capacity ratios (measured-to-calculated) of collected unconfined shear key
specimens

Shear key deformation ratio
Case
ID

Test
unit Damage state

III
Damage state

IV
Damage state

V
Reference

1 1A 0.99 1.02 0.85 Megally et al. 2001
2 1B 1.01 0.84 0.80 Megally et al. 2001
3 2A 0.95 1.12 0.95 Megally et al. 2001
4 4A 0.98 0.91 0.69 Bozorgzadeh et al. 2004
5 4B 0.90 0.95 0.69 Bozorgzadeh et al. 2004
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Fig. 7.10: Fragility curves of shear key failure: (a) joint damage state I-II-III, (b)
damage state IV, and (c) damage state V
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Unfortunately, no experimental or field data could be found for the unseating

failure mode and the fragility curves are then postulated based on engineering

judgment.
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Fig. 7.11: Fragility curve for unseating

7.6 SEISMIC RELIABILITY ANALYSIS

For the three potential failure mechanisms considered, the MAR of exceeding a

damage state is obtained by convolving the appropriate fragility curve with the

demand hazard curve of the associated EDP, ( )EDPν δ , as expressed in Eq. (7.11).

This procedure is illustrated in Fig. 7.12. The MAR of exceeding each damage state is

summarized in Table 7.6. 
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Fig. 7.12: Convolution of the fragility curve and demand hazard curve for pier
flexural failure

The seismic reliability assessment results obtained in this study reveal that, among

the potential damage states considered, the most critical ones are the initiation (return

period from 12 to 22 years) and full development (return period from 14 to 26 years)

of the shear key failure mechanism, especially at the abutments and interior expansion

joints. However, the return period of the strength degradation damage state (V) of the

shear key failure mechanism is significantly larger (100 years at the abutment shear

keys and 172 years at the expansion joint shear keys) than the return period for the

lower damage states I-II-III and IV. The results obtained indicate that the strength

degradation damage state of the shear keys at the continuous joints is virtually

impossible. The lap spliced pier flexural failure mechanism is also critical with a

return period of 29 years for the yielding damage state (II) and 48 years for the



225

strength degradation damage state (III-IV-V). Thus, the pier flexural failure

mechanism is the most critical one causing an overall collapse of the bridge. It is also

observed from the results in Table 7.6 that unseating is a very unlikely failure

mechanism of the bridge. Two possible explanations for the high return period of the

unseating failure mechanism are worth mentioning. First, it could be due to the

typical deformation pattern of this bridge-foundation-ground system when subjected to

seismic excitation (Fig. 5.55). Due to lateral soil spreading, the superstructure of the

bridge, including the abutments, is in an overall compressive mode, thus increasing the

safety of the bridge against unseating. Second, the shear keys were modeled using

elasto-perfectly plastic gap-hook material models with a relatively long yield plateau

before reaching an ultimate fracture deformation. In reality, the force-deformation

behavior of shear keys is brittle immediately after reaching the peak capacity as shown

in Fig. 7.7. Therefore, the finite element models of the shear keys may have

overestimated their actual capacity, thus leading to an underestimation of the risk of

unseating. Overall, the seismic reliability results given in Table 7.6 justify the retrofit

efforts performed by Caltrans on the HBMC Bridge described in Chapter 3.
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Table 7.6: Mean annual rate of exceedance of each limit-state considered

Failure Mechanism Limit-State MAR of
Exceedance

Return
Period
(Years)

II: Yielding of reinforcement 0.034 29.4

Flexural failure at lap
spliced piers

III-IV-V: Initiation of failure
mechanism; full formation of
failure mechanism; strength
degradation

0.021 47.6

I-II-III: Onset of cracking;
yielding of reinforcement; large
open cracks and onset of concrete
spalling

0.080 12.5

IV: Cracks and spalling over the
full region of the shear key

0.069 14.5
Failure of shear keys
at abutments

V: Loss of load-carrying
capacity; fracture of
reinforcement

0.010 100

I-II-III: same as above 0.046 22
IV: same as above 0.039 26

Failure of shear keys
at continuous joints

V: same as above 8.0×10-5 12,500
I-II-III: same as above 0.064 15.6
IV: same as above 0.058 17.2

Failure of shear keys
at interior expansion
joints V: same as above 0.0058 172.4
Unseating at
abutments

V: Collapse 0.0011 909

Unseating at interior
expansion joints

V: Collapse 0.0012 833

A further insight into the MAR values listed in Table 7.6 is provided by the

nonlinear static pushover analysis. For example, nonlinear pushover analysis of the

bridge-foundation-ground system under a uniform load pattern was conducted. In this

load pattern, an external force proportional to the nodal mass is applied to each node

in the bridge superstructure and on the top of each pier in the same horizontal

direction. It is observed that shear key at the left abutment yields when the total

applied load is equal to 9000kN and breaks at 15000kN, which are equivalent to the
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inertia forces generated by an acceleration of 0.3g and 0.5g, respectively. This load

pattern corresponds to the first small amplitude natural vibration mode of the bridge-

foundation-ground system with a period of 0.71sec. For a SDOF system with the

period of 0.71sec, seismic hazard curves shown in Fig. 4.2 give the MAR of exceeding

the spectra acceleration 0.3g and 0.5g. The MAR of exceeding 0.3g (corresponding to

yielding limit-state of shear key at the abutments) is 0.04 for soil site and 0.03 for rock

site, respectively. And the MAR of exceeding 0.5g (corresponding to break limit-state

of shear key at the abutments) is 0.02 for soil site and 0.012 for rock site, respectively.

These numbers are in good agreement with the results shown in Table 7.6. 
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Fig. 7.15: EDP deaggregation of the MAR of exceeding damage states V of
unseating mechanism at the abutments

The MAR of exceedance of each limit-state can be disaggregated to reveal its

controlling EDP level. For example, Fig. 7.13 shows the deaggregation results of
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damage states II and III-IV-V of the pier flexural failure mechanism. As can be seen,

for both damage states, the contribution curve can be divided into three segments: zero

contribution below a certain EDP value, fast increase until the peak contribution, and a

long tail after the peak contribution. These three segments correspond to those of the

fragility curve: zero fragility, fast increasing fragility between zero and unit, and unit

fragility, respectively. Note that the range of the contributing EDP values to limit-

state II is narrower than that of limit-state III-IV-V, because the fragility curve of the

former limit-state has a stiffer slope than that of the latter limit-state. Fig. 7.14 and

Fig. 7.15 show the EDP deaggregation of MAR of damage state for shear key failure

at the continuous joints and unseating at the abutments, respectively. For damage state

V of the shear key failure at the continuous joints, a contribution of 21% is made by

the EDP value equal to its ultimate deformation capacity.
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The MAR of exceeding each damage state can also be disaggregated in terms of

IM. For example, Fig. 7.16 shows the contribution of IM to the MAR of exceeding the

two limit-states of pier flexural failure. As can be seen, a broad range of IM makes

significant contribution to the MAR. IM levels below 0.1g hardly make any

contribution because their corresponding structural response is so small that the

damage states cannot be reached. IM levels above 1.5g neither make appreciable

contribution because the likelihood of earthquakes with such high IM is quite unlikely.

Fig. 7.17 shows IM deaggregation of MAR of damage state exceedance for the shear

key failure at the abutments.
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8 Probabilistic Seismic Damage Analysis
Part II: Random System Properties

8.1 INTRODUCTION

A large number of uncertainties, both aleatory (inherent) and epistemic (modeling

and statistical), are involved in the factors that affect the structural seismic demand,

capacity and thus reliability. However, it is typically assumed that uncertainties in the

system properties, such as material, geometric, damping and inertia properties, have

negligible effects on the probabilistic seismic demand of the structure as compared to

that of the uncertainty in the seismic input. This premise is the basis for using a

deterministic finite element model of the structure in the probabilistic seismic demand

analysis presented in the companion paper (Zhang et al. 2006b). As a result, only the

uncertainties related to the seismic excitation, structural capacities (against various

limit-states) and limit-state functions were considered in the seismic reliability

analysis, thus ignoring the randomness in the system properties. In fact, these system

properties have clearly significant effects on both structural demand and capacity in

the deterministic sense. Their randomness is an important source of uncertainty

incorporated in time-invariant (i.e., static load case) structural reliability analysis. The
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inclusion of this randomness becomes an increasingly important issue in seismic

(time-variant) reliability analysis. In this chapter, the seismic reliability analysis

methodology presented in the previous chapters is extended to incorporate the

randomness in the system properties.

A large body of literature is devoted to time-variant reliability analysis methods

for structural systems with random parameters subjected to stochastic excitation (e.g.,

earthquake, wind, ocean waves, and atmospheric turbulence). For example, Gueri and

Rackwitz (1986), Wen and Chen (1987), and Igusa and Der Kiureghian (1988)

proposed a First-Order Reliability Method (FORM) to solve this problem for

stationary white noise and filtered white noise excitations by introducing auxiliary

random variables and reducing the reliability problem to a time invariant one. Igusa

and Der Kiureghian (1988) also derived measures of sensitivity of the reliability

(probability of a critical response exceeding a specified threshold) of linear systems

with respect to their uncertain parameters. They found that randomness in the

parameters of certain systems (e.g., primary-secondary systems) may have significant

influence on their reliability. Incorporating the methods in the previous papers, a

nested FORM has been proposed by Madsen and Tvedt (1990) with system parameter

uncertainty described in terms of a vector of random variables with arbitrary joint

probability density function and stochastic loading characterized by a stationary

Gaussian vector process. This method provides not only an estimation of the failure

probability, but also the sensitivities of this estimate with respect to deterministic

design (or limit-state) parameters or distribution parameters of the random variables or
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Gaussian vector process. In recent years, a number of researchers (Hagen and Tvedt

1991, Li and Der Kiureghian 1995, Vijalapura et al. 1999, Der Kiureghian 2000,

Haukaas and Der Kiureghian 2004) contributed to a computational finite element

reliability analysis framework for time-invariant and time-variant reliability analysis

of deterministic or uncertain linear/nonlinear structural systems subjected to

deterministic or stochastic loading using first-order and second-order reliability

methods (FORM/SORM). This framework requires finite element response

sensitivities which are computed using the Direct Differentiation Method (Barbato and

Conte 2005). Time-variant reliability problems are reformulated into time-invariant

ones, which then reduce to solving a nonlinear constrained optimization problem in a

high-dimensional space in order to compute the mean rate of a critical response

parameter exceeding a specified threshold at a given instant of time. This

methodology has the potential to be drastically more efficient than Monte Carlo

simulation and its variants. Franchin (2004) used this framework to study the time-

variant reliability of inelastic reinforced concrete frame structures subjected to

nonstationary stochastic earthquake excitation. Barbato and Conte (2006) examined

the implications of using smooth versus non-smooth material constitutive models in

finite element structural response sensitivity and reliability analyses. The results

obtained from this computational framework are promising, but the method is still

demanding and challenging from the computational, optimization and implementation

viewpoints. In this framework, finite element algorithms and material constitutive law

integration schemes for all elements and material models used in the finite element
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model of the analyzed structure must be extended for sensitivity (gradient)

computation. Applications of this methodology to large-scale nonlinear finite element

models such as the one used in this study still pause a number of computational and

numerical challenges. In another words, these semi-analytical methods have not yet

reached the level of maturity to be readily applied to large-scale nonlinear finite

element models of structural and/or geotechnical systems.

Song and Ellingwood (1999) employed the Latin hypercube sampling method to

represent the inherent uncertainty in structural parameters in calculating, by

simulation, the response statistics of moment steel frames with welded connections,

using nonlinear FE dynamic response analysis. The probability of failure or limit-state

probability was calculated by convolving the derivative of the fragility function and

the seismic hazard curve. They found that median-centered estimates of connection

hysteretic behavior are essential to assess the seismic performance of buildings, but

the uncertainties in the moment-rotation relations and in other structural parameters

are relatively unimportant in comparison to uncertainties in ground motion. Porter et

al. (2002) examined the sensitivity of the future economic performance (repair cost)

for earthquake hazard of a high-rise nonductile reinforced concrete moment-frame

building to a number of basic uncertain variables including shaking intensity, ground

motion time history, structural characteristics (mass, damping, force-deformation

relations), relationship between structural response and physical damage, and repair

costs. For this purpose, they used a deterministic sensitivity study commonly

employed in decision analysis, called a tornado-diagram analysis. They found that for
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this building, the overall economic performance is primarily sensitive to member

fragility and shaking intensity, moderately sensitive to details of the ground motion,

and less sensitive to uncertainties in structural characteristics. This tornado-diagram

analysis, however, suffers some limitations as it cannot consider the effect of the joint

statistical behavior (i.e., statistical correlation) of the basic random variables. In

addition, it cannot provide an accurate prediction of the sensitivity if the target

response parameter does not vary monotonically with the basic random variables.

Baker and Cornell (2003) proposed a procedure to study the propagation of the various

sources of uncertainty in the seismic performance assessment of structures using the

first-order second-moment (FOSM) method. Using this method, several conditional

random variables, namely engineering demand parameter (EDP) given the ground

motion intensity measure (IM), element damage measure (DM) given EDP, element

damage value given DM, and total repair cost given the element damage values, are

collapsed into a single conditional random variable, namely the total repair cost given

IM. Numerical integration can then be performed over IM to incorporate the seismic

hazard, which is treated accurately since considered as the dominant contributor to the

total uncertainty of the seismic loss. This method also involves some derivatives that

are difficult to calculate for large-scale structures. Lee and Mosalam (2005) applied

the FOSM method to study the seismic demand sensitivity of a modern reinforced

concrete shear-wall building to the uncertainties in future earthquake ground motions

and in structural properties. They found that (1) the intensity measure (IM) is the

dominant source of uncertainty for all global (e.g., peak absolute roof
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displacement/acceleration, maximum interstory drift ratio) and local (peak curvatures

at critical cross-sections) EDPs, (2) uncertainties in ground motion are more

significant for global EDPs than those in structural properties, and (3) for global and

local EDPs, the combined effect of randomness in structural properties is more

significant than the uncertainty in the ground motion time history at lower IM levels,

while the opposite is true at high IM levels. In their study, first-order estimates of the

coefficient-of-variation of the EDPs are obtained using local sensitivities of the EDPs

to the various basic random variables, computed using the finite difference method. It

has been shown (Barbato et al. 2006) that estimates of the variance of EDPs using the

FOSM method may become very inaccurate in the case of highly nonlinear structural

behavior.

This chapter is aimed at explicitly incorporating, using the Total Probability

Theorem (TPT), the inherent randomness in the system properties into the seismic

reliability analysis framework presented in the previous chapters. The methodology

presented in this chapter uses full probability distribution information on the system

properties, not just the first- and second-moment information, and propagates the

randomness of the system properties together with the inherent uncertainty in future

ground motions to system reliability measures. It is applied to the Humboldt Bay

Middle Channel (HBMC) Bridge. The effects of the randomness of the system

properties on the structural seismic demand, capacity and reliability are evaluated by

comparing the results of the probabilistic performance assessment with those obtained

in the previous chapter which accounts only for the randomness in future earthquake
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ground motions at the HBMC Bridge site and the uncertainty in the inexactness of the

capacity models and limit-state functions.

8.2 UNCERTAINTIES EXPLICITLY CONSIDERED IN PEER
FRAMEWORK EQUATIONS

The seismic reliability analysis methodology presented in the previous chapters

consists of two main steps. The first step convolves the seismic hazard curve,

( )IM imν , and the complementary cumulative distribution function of the seismic

demand (EDP) conditioned on the ground motion intensity measure (IM) to produce

the seismic demand hazard curve ( )EDPν δ =Y y as

( ) ( ) ( ), ,EDP I IM

IM

P EDP IM IM im d imν δ ε δ ν= = > =  ∫Y y y (8.1) 

where the vector Y denoted the system (material, geometric, damping and inertia)

properties, EDP is an Engineering Demand Parameter characterizing the structural

seismic demand, and Iε represents the randomness in the ground motion time history

at a given IM level (i.e., record-to-record variability). The uncertainties associated

with IM are accounted for in the seismic hazard curve. They include the uncertainty in

the occurrence time, epicenter location, rupture surface, magnitude, wave propagation

path and local site conditions. The uncertainty in IM is typically considered the

dominant source of uncertainty in the structural seismic reliability (Baker and Cornell

2003). The conditional probability in the integral in Eq. (8.1) reflects the uncertainty

in the structural seismic demand due to record-to-record variability only.
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The second step of the seismic reliability analysis methodology convolves the

seismic demand hazard curve and the structural fragility function for a specified limit-

state to produce the mean annual rate (MAR) of the structure exceeding this limit-

state, i.e.,

( ){ }
( ) ( )

, , , , 0

, , 0

I R G

R G EDP

EDP

g IM

P g EDP d

ν ε ε ε

ε ε δ ν δ

<

= < = =  ∫
y

y Y y (8.2) 

where g is the limit-state function, Rε and Gε are random variables representing the

prediction error of the capacity model (e.g., discrepancy between deterministic

predictions based on nominal geometric and material parameter values and

experimental measurements of the capacity) and the inexactness of the limit-state

function (due for example to missing variables), respectively. The conditional

probability in the integral in Eq. (8.2), referred to as fragility function, reflects the

uncertainty in the limit-state function resulting from the inexactness of the capacity

model and limit-state function (i.e., Rε and Gε , respectively).

Note that the above two equations were derived for given (fixed, nominal) system

properties, =Y y , i.e., the MARs of EDP and limit-states exceedance are conditioned

on the system properties =Y y . Thus, the inherent uncertainty in the system

properties is not incorporated in these framework equations.



239

8.3 SEISMIC RELIABILITY ANALYSIS METHODOLOGY INCLUDING
RANDOMNESS IN SYSTEM PROPERTIES

In reality, the system properties Y are subject to inherent uncertainty (i.e.,

randomness) and should therefore be modeled as random variables. In this study, it is

assumed that the structure does not deteriorate in time and that it is restored to its

initial state after each damaging earthquake. Accordingly, the random variables Y are

time-invariant (i.e., they keep the same probability distribution over time). In other

words, the system properties Y do not renew at each earthquake occurrence. In

stochastic process theory, the random variables Y are said to be non-ergodic in time as

their statistical properties cannot be obtained through temporal averaging, in contrast

with the Poisson (increment) earthquake occurrence process which is ergodic. Thus,

the outcomes of Y in successive earthquake events cannot be considered as statistically

independent, which implies that events of the type { }>Y y or ( ){ }0f ≤Y do not

constitute Poisson events in time (Der Kiureghian 2005). However, for specified

values of Y, the conditional demand events ( ){ }, , IEDP IM ε δ>y follow a (censored)

Poisson process in time with the MAR ( )EDPν δ =Y y . Applying the Total

Probability Theorem (TPT), one can get the MAR of the EDP exceeding δ

accounting for the randomness in system properties Y as

( ) ( ) ( )EDP EDP f dν δ ν δ= =∫ Y

Y

Y y y y (8.3) 

where ( )fY y is the joint probability density function (PDF) of Y. Substituting Eq.

(8.1) into Eq. (8.3) and switching the order of integration, the latter yields to
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( ) ( ) ( ) ( ), ,EDP I IM

IM

P EDP im f d d imν δ ε δ ν
 

= >   
 
∫ ∫ Y

Y

y y y (8.4) 

The inner integral in Eq. (8.4) incorporates both the record-to-record variability and

the randomness in Y for a given intensity measure IM = im. In this study, IM is

defined as the 5% damped elastic spectral acceleration, ( )1, 5%aS T ξ = , at the first

low-amplitude vibration period (T1 = 0.71sec) of the deterministic computational

model of the bridge-foundation-ground system (with nominal system properties)

presented in Chapter 5, and referred to herein as the baseline computational model.

Neglecting the variability in T1 and therefore in ( )1, 5%aS T ξ = due to random system

properties in Eq. (8.4) enables the joint probabilistic simulation of the randomness in

ground motion time histories and system properties while keeping the convenient

uncoupling between seismic hazard analysis and conditional probabilistic response

analysis (given IM). The simplification from Eq. (8.3) to Eq. (8.4) is justified on the

ground that the coefficient of variations of T1 and ( )1, 5%aS T ξ = remain below 10

percent, which corresponds to a relatively small change in the seismic hazard curve.

This simplification retains the major effect of the randomness in the system properties

reflected in the broader probability distribution of the EDP given IM (represented by

the integral inside the curly brackets in Eq. (8.4)) as compared to the probability

distribution of the EDP given both IM and Y (i.e., [ ]( , , )IP EDP im ε δ>y ). This

probability distribution of EDP given IM for random system properties is obtained

through ensembles of nonlinear time history analyses combined with Latin hypercube
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sampling (Mckay et al. 1979) of the system properties, the details of which will be

presented in a subsequent section.

Likewise, the MAR of limit-state exceedance ( gν ) incorporating the effects of the

randomness in system properties can be calculated using the TPT as

( ){ } ( ){ } ( ), , , , 0 , , , , 0g I R G I R Gg IM g IM f dν ν ε ε ε ν ε ε ε= < = <∫ Y

Y

Y y y y (8.5) 

According to the above equation, gν can be computed as the expected value, with

respect to the random system properties, of the MAR of limit-state exceedance

conditional on the system properties given in Eq. (8.2). However, this computation is

prohibitively expensive and an approximate way to calculate gν efficiently and with

acceptable accuracy is developed below. Substituting Eqs. (8.1) and (8.2) into Eq.

(8.5) and rearranging the order of integration yields

( )

( ) ( ) ( )

, , 0

, ,

g R G

EDP IM

I IM

P g EDP

dP EDP im f d d im

ν ε ε δ

ε δ ν

≈ < =  

⋅ >  

∫ ∫ ∫
Y

Y

y

y y y
(8.6) 

where ( ) ( ), , , ,I IdP EDP im P EDP im dε δ δ ε δ δ> = < ≤ +      y y . Obviously, the

randomness in Y affects both the structural seismic demand and the fragility function.

As a result, probabilistic seismic demand analysis and fragility analysis are coupled as

shown in the equation above.

It was found in this study and by other researchers (Song and Ellingwood 1999,

Zhao et al. 1999, Porter et al. 2002, Lee and Mosalam 2005) that at a given IM level,

(1) record-to-record variability is the dominant source of uncertainty in regards to
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structural response (EDPs); (2) the randomness in the structural mass and geotechnical

properties affects appreciably the probability distributions of the EDPs; while (3) the

randomness in other structural properties, such as structural material (steel, concrete)

properties, has insignificant effects on the variability of the EDPs. On the other hand,

the capacity of the structure against a limit-state generally depends on the structure

geometric and material properties only and is independent of the geotechnical,

damping and inertia properties of the system, as well as the seismic input motion. As

a result, the system properties Y can be partitioned into two disjoint subsets Y1 and Y2,

such that Y1 includes those properties whose randomness affects the capacity (e.g.,

structural material and geometric properties) and Y2 includes the remaining properties

(e.g., geotechnical material properties, damping and inertia properties) that only affect

the probability distribution of the structural seismic response/demand. Generally, Y1

and Y2 are statistically independent. So the joint PDF of Y can be expressed as the

product of the joint PDF of Y1 and joint PDF of Y2 and Eq. (8.6) simplifies to

( ) ( )

( ) ( ) ( )
1

1 2 1

, , 0 , , ,g R G I

EDP IM

IM

P g EDP dP EDP im

f f d d d im

ν ε ε ε δ

ν

≈ < >      ∫ ∫ ∫ ∫

2�

2

1 2

1 1 2

Y Y

Y Y

y y y

y y y y
(8.7) 

Since the effects of the randomness in Y1 on the probability distribution of the

structural response can be neglected, parameters Y1 are set deterministic at their best-

estimate values 1y (e.g., mean, median) in the nonlinear time history analyses. After

rearranging the double integral over Y1 and Y2, Eq. (8.7) can be rewritten as
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( ) ( )

( ) ( ) ( )
2

1

1 2
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g R G
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P g EDP f d
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(8.8) 

Where ( ) ( ) ( )1 2 2 1, , , , , , .I Id P EDP im f d P EDP im dε δ δ ε δ δ> = < ≤ +      ∫
2

22Y 2

Y

y y y y y Y

Note that the integral over Y2 is similar to the inner integral over Y in Eq. (8.4) and can

be estimated through nonlinear time history analysis combined with Latin hypercube

sampling. The integral over Y2 in Eq. (8.8) gives

( ) ( ) ( ), , , , ,I IP EDP im f d P EDP im IM imε δ ε δ> = > =      ∫ 2

2

1 2 2 2Y

Y

y y y y Y (8.9) 

Similarly, the integral over Y1 in Eq. (8.8) provides

( ) ( ) ( )
11, , 0 , , 0R G R GP g EDP f d P g EDPε ε ε ε< = <      ∫

1

1 1Y 1

Y

y y y Y (8.10)

It is noted that ( ), , 0R GP g EDPε ε <  1Y is a fragility function that incorporates the

randomness in the structural properties in contrast with the conditional probability in

the integral in Eq. (8.2) which does not account for this source of randomness. Using

Eqs. (8.9) and (8.10), Eq. (8.8) can be re-written as

( )

( ) ( )

, , 0

, ,

g R G

EDP IM

I IM

P g EDP

dP EDP im IM im d im

ν ε ε

ε δ ν

≈ <  

⋅ > =  

∫ ∫
Y

1Y
(8.11)

Taking the fragility function out of the integral over IM and using Eq. (8.4), the above

equation further reduces to the following form similar to Eq. (8.2): 
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( ) ( ), , 0g R G EDP

EDP

P g EDP dν ε ε ν δ≈ <  ∫ 1Y (8.12)

Thus, the MAR of the structure exceeding a specified limit-state can again be obtained

as the convolution of the fragility function and the demand hazard curve of the

associated EDP, both of which incorporate the inherent randomness in the system

properties.

In order to incorporate the possibility of collapse, the MAR of occurrence of

events { }EDP δ> is re-expressed as, using the TPT,

( ) ( )

( ) ( ), 1

EDP IM

IM

c
IM

IM

P C IM d im

P EDP IM C P C IM d im

ν δ ν

δ ν

=   

 + > −    

∫

∫
(8.13)

where C and cC denote collapse and no collapse, respectively, and P C IM im=   is

the conditional probability of collapse given IM. Here, it is assumed that the EDP

takes a very large value (in theory, EDP = ∞) when collapse occurs, thus

, 1P EDP IM Cδ> =   . The MAR of limit-state exceedance is still computed

according to Eq. (8.12). 

In order to investigate the effects of the inherent randomness in the system

properties, the seismic reliability analysis methodology described above is applied to

the Humboldt Bay Middle Channel (HBMC) Bridge. The results are compared to

those obtained from the seismic reliability analysis of the bridge without incorporating

the randomness in system properties.
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8.4 INHERENT RANDOMNESS IN STRUCTURAL AND GEOTECHNICAL
PROPERTIES

8.4.1 Uncertainty in Structural Mass and Gravity Loads

Primary sources of uncertainty in the structural mass include as-built member

dimensions varying from the design (nominal) values and the natural variability in the

material densities. For the sake of simplicity, the structural mass is treated herein as a

single basic random variable, i.e., all nodal masses are assumed perfectly (statistically)

correlated. Ellingwood et al. (1980) summarized the conclusions from several authors

and suggested a Normal probability distribution for dead loads with a mean value

equal to the nominal (calculated) dead loads, and a typical coefficient variation of

0.10. This probability distribution model is adopted for both the structural mass and

gravity load in this study.

8.4.2 Uncertainty in the Structural Material Properties

Uncertainties in the structural material behavior are considered by representing the

material constitutive model parameters at the uni-axial stress-strain level (e.g., initial

stiffness, strength) as random variables. For the concrete material in the bridge piers,

the compressive strength, cf ′ , and the initial tangent modulus in compression, cE , are

modeled as random variables. Mirza et al. (1979) suggested that the Normal

probability distribution is an appropriate model for both of these parameters. The

mean of cf ′ is assumed as the nominal (design) value of this parameter, namely
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34MPa (5ksi), as suggested by other researchers (Lee and Mosalam 2005). A

coefficient of variation (c.o.v.) of 0.18 is assumed for cf ′ as suggested by Mirza et al.

(1979). The mean and c.o.v. of cE are taken as the nominal (design) value (28GPa)

and 0.12, respectively. According to Mirza et al. (1979), a high degree of correlation

exists between cf ′ and cE ; a correlation coefficient of 0.90 is assumed in this study.

For the Grade 40 longitudinal reinforcing steel in the bridge piers, the yield strength,

yf , and Young’s modulus of elasticity, sE , are treated as random variables.

According to Mirza and MacGregor (1979), yf for Grade 40 steel is well represented

by a beta distribution with a mean of 337MPa (48.8ksi) and c.o.v. of 0.107. The

probability distribution of sE can be considered Normal with a mean value of 201GPa

and a c.o.v. of 0.033 (Mirza and MacGregor 1979). The yield strength and modulus of

elasticity of reinforcing steel are known to be weakly correlated and are thus modeled

as statistically independent random variables in this study.

The probability distributions and corresponding distribution parameters (mean and

coefficient of variation) of all structural properties modeled as random variables are

summarized in Table 8.1. 
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Table 8.1: Distributions and coefficients of variation of structural parameters

Property Description Distribution Mean c.o.v.
m Structural mass Normal Nominal 0.10

cf ′
Compressive strength of concrete in the
bridge piers

Normal
34MPa
(5ksi)

0.18

cE Initial tangent modulus of concrete in the
bridge piers

Normal 28GPa 0.12

yf Yield strength of reinforcing steel in the
bridge piers

Beta
337MPa
(48.8ksi)

0.107

sE Modulus of elasticity of reinforcing steel
in the bridge piers

Normal 201GPa 0.033

8.4.3 Uncertainty in the Soil Material Properties

In general, variability of soil properties is an important contributor to the

uncertainty in the structural earthquake response. Field surveys at the HBMC Bridge

site reveal that the foundation soil is composed of the following soil layers (see Fig.

3.7): (1) dense to very dense, fine to medium grained sand, (2) organic silt, (3) dense

to very dense, fine to medium grained sand, (4) very stiff clay, (5) medium dense, silty

sand, (6) dense sand, (7) loose sandy silt, silty sand with organic matter, (8) soft

organic silt, and (9) abutment fill. Among the various soil properties, the saturated

unit weight, initial shear modulus and shear strength are the most important ones.

Thus, the saturated unit weight and initial shear modulus of each soil layer, the friction

angle of each sand layer (layers 1, 3, 5, and 6), and the undrained shear strength of

each clay or silt layer (layers 2, 4, 7, 8 and 9) are treated as random variables in this

study. Lacasse and Nadim (1996) and Wolff et al. (1996) suggest the normal

distribution for the saturated unit weight of all soil layers and the friction angle in
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sands. They also suggest the lognormal distribution for the undrained shear strength

in clays and silts. For each of these soil material parameters, the mean value is taken

as the nominal value defined in Table 5.1 and the c.o.v. is selected from the literature

(Harr 1987, Phoon and Kulhawy 1999). However, no statistical information about the

variability in the initial shear modulus could be found in the literature. In this study, it

is assumed that the initial shear modulus of each soil layer also follows a lognormal

distribution with the same c.o.v. as the soil elastic modulus as given by Otte (1978)

and Kennedy (1978). The marginal probability distributions and corresponding

distribution parameters (mean and c.o.v.) of the random soil parameters of all layers

are summarized in Table 8.2. The random soil parameters of different layers are

assumed statistically independent in this study. The correlation coefficients of the

random soil parameters within the same layer, as shown in Table 8.2, are derived from

their respective correlations with the Standard Penetration Test (SPT) N value

(Kulhawy and Mayne 1990) and their marginal probability distributions.
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Table 8.2: Probability distribution and coefficient of variation of soil material
parameters

Soil
layer

Soil material
parameter

Distribution Mean
Coefficient
of variation

References

Saturated unit weight Normal 2.1 (ton/m3) 0.10 4
Initial shear modulus Lognormal 1.32×105 (kPa) 0.30 1,2

1, 3 and
6

Friction angle Normal 42 (degree) 0.12 3
Saturated unit weight Normal 2.0 (ton/m3) 0.10 4
Initial shear modulus Lognormal 1.2×105 (kPa) 0.30 1,22
Undrained shear
strength

Lognormal 70 (kPa) 0.22 4

Saturated unit weight Normal 1.8 (ton/m3) 0.10 4
Initial shear modulus Lognormal 1.0×105 (kPa) 0.30 1,24
Undrained shear
strength

Lognormal 100 (kPa) 0.22 4

Saturated unit weight Normal 1.9 (ton/m3) 0.10 4
Initial shear modulus Lognormal 0.6×105 (kPa) 0.30 1,25
Friction angle Normal 35 (degree) 0.12 3
Saturated unit weight Normal 1.9 (ton/m3) 0.10 4
Initial shear modulus Lognormal 0.6×105 (kPa) 0.30 1,27 and 8
Undrained shear
strength

Lognormal 35 (kPa) 0.22 4

Saturated unit weight Normal 1.9 (ton/m3) 0.10 4
Initial shear modulus Lognormal 0.3×105 (kPa) 0.30 1,29
Undrained shear
strength

Lognormal 30 (kPa) 0.22 4

1. Otte (1978) 2. Kennedy (1978) 3. Harr (1987) 4. Phoon and Kulhawy (1999)
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Table 8.3: Correlation coefficients of soil material parameters

Soil layer Soil material parameter Saturated
unit weight

Friction angle/
undrained shear
strength

Initial shear
modulus

Saturated unit weight 1.00 0.30 0.45
Friction angle 0.30 1.00 0.35

1, 3 and 6

Initial shear modulus 0.45 0.35 1.00
Saturated unit weight 1.00 0.35 0.20
Undrained shear strength 0.35 1.00 0.55

2

Initial shear modulus 0.20 0.55 1.00
Saturated unit weight 1.00 0.45 0.30
Undrained shear strength 0.45 1.00 0.60

4

Initial shear modulus 0.30 0.60 1.00
Saturated unit weight 1.00 0.15 0.35
Friction angle 0.15 1.00 0.20

5

Initial shear modulus 0.35 0.20 1.00
Saturated unit weight 1.00 0.40 0.25
Undrained shear strength 0.40 1.00 0.60

7 and 8

Initial shear modulus 0.25 0.60 1.00
Saturated unit weight 1.00 0.40 0.30
Undrained shear strength 0.40 1.00 0.60

9

Initial shear modulus 0.30 0.60 1.00

8.5 NONLINEAR TIME HISTORY ANALYSIS WITH LATIN HYPERCUBE
SAMPLING

At each of the three selected seismic hazard levels (i.e., 50%, 10%, 2% probability

of exceedance in 50 years), the finite element model of the bridge-foundation-ground

system with the random system properties is subjected to the selected seismic input

motions to estimate probabilistically the structural seismic demand. Generally, using

basic Monte Carlo simulation, a large number of seismic response simulations is

required in order to obtain accurate statistics of the structural EDPs of interest. Latin

hypercube sampling (LHS) is a variance reduction technique that provides reliable
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estimates of the response statistics with a significantly smaller number of samples than

required by basic Monte Carlo simulation (Imam and Conover 1980, O’connell and

Elllingwood 1981). In Latin hypercube sampling, the range of each random system

property is divided into the same number of segments with equal probability as the

number of input motions at the specified seismic hazard level. From each segment,

one representative sample, taken as the median value of the segment, is selected. In

the nonlinear time history simulations, the samples of all variables are randomly

matched without replacement in sets containing one sample from each input random

variable; these sets are then also matched randomly to the input ground motions, as

illustrated in Fig. 8.1. Latin hypercube sampling causes the entire range of each

random variable to be represented in the set of variables used in the simulation. For a

given number of random samples (of all random system properties), the variance in

the response statistics obtained from Latin hypercube sampling is smaller than that

obtained from basic Monte Carlo simulation.

Simulation #2Simulation #1 Simulation #5

#1 #2 #5

. . .

. . .

Response
sample #1

Response
sample #2

Response
sample #5

. . .

. . .

Seismic
input

Fig. 8.1: Latin hypercube sampling
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8.6 SENSITIVITY OF STRUCTURAL SEISMIC DEMAND TO
RANDOMNESS IN SYSTEM PROPERTIES

Extensive nonlinear time history analyses combined with Latin hypercube

sampling were performed to investigate the sensitivity of the statistics of the structural

EDPs to the randomness in system properties considered in this study combined with

the record-to-record variability. The EDPs considered herein are the peak pier lateral

drifts, peak shear key deformations, and peak unseating displacements, as defined in

the previous chapter. Since the computational cost of seismic response simulation of

the bridge-foundation-ground system is prohibitive, the FE model of the bridge only

down to the pile caps (corresponding to the FE model of the bridge-foundation-ground

system truncated along an imaginary line passing through all pier bases and the

abutment seats) was used to investigate the sensitivity of the probabilistic seismic

demand of the bridge structure to the randomness in the structural properties defined

above. This model of the bridge structure only is identical to its counterpart in the

bridge-foundation-ground system except that it is fixed in all three degrees of freedom

at the base of each pier and in the vertical direction at both ends of the superstructure.

Six tests were conducted with the bridge only model at each of the following three

IM levels: 0.4g, 1.0g, and 1.5g for the 5 percent damped elastic spectral acceleration at

the fundamental period of the bridge only model (0.33sec). Test #1 includes the

record-to-record variability only, while Tests #2, #3 and #4 incorporate the record-to-

record variability combined with the randomness in the structural mass, concrete

material properties ( cE and cf ′ ), and reinforcing steel material properties ( sE and yf ),
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respectively. Test #5 incorporates the record-to-record variability and the randomness

in the concrete and reinforcing steel material properties combined. Finally, Test #6

includes the record-to-record variability and the randomness in the structural mass,

concrete and reinforcing steel material properties all combined together. The

seventeen 50% in 50 years soil free-field input motions were properly scaled to match

the above IM values and were used as “rigid base” seismic excitations for Tests #1-6.

The randomness in structural properties is represented using LHS to evaluate the

response statistics (mean and standard deviation or c.o.v.) through simulation. In

order to assess the magnitude of the statistical uncertainty of the response statistics,

each test was repeated five times with different random combinations of the

representative samples (defined above) of the random structural properties and the

seismic input motions. For each of the five repeated sets of Test #2-6, hypothesis tests

(Montgomery and Runger 2007) were performed to compare the large (sample size =

5× 17 = 85) and each small (sample size = 17) LHS populations in terms of their mean

and standard deviation. First, the hypothesis that the standard deviations of the two

populations are equal is tested using a two-sided F statistic test and a 95% probability

of accepting the hypothesis when it is true. If the first test is passed, then the

hypothesis that the means of the two populations are equal assuming the standard

deviations are unknown but equal is tested using a two-sided t statistic test with a level

of significance 0.05α = . These two hypotheses were accepted for each of the five

repeated sets of Tests #2-6, indicating that the small populations of size 17 are

representative of the large population of size 85 in terms of the first- and second-order
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statistical moments. For each of Tests # 1 through 6 at each intensity level considered

(IM = 0.4g, 1.0g, and 1.5g), the average sample mean and average sample c.o.v. of the

five repeated LHS simulation sets (Test # 1 includes a single simulation set) are

reported in Table 8.4, Table 8.5, and Table 8.6 and represented graphically in Fig. 8.2,

Fig. 8.3, and Fig. 8.4 for the peak pier lateral drifts, peak shear key deformations, and

peak unseating displacements, respectively. It is observed from these results that,

given the IM level, the average mean and average c.o.v. of the various EDPs

considered do not vary significantly from Test to Test. In other words, the effects of

the randomness in structural properties (structural mass, steel and concrete properties)

on the mean and c.o.v. of the EDPs (for the bridge only model) are small compared to

the effect of record-to-record viability, which is clearly the dominant source of

uncertainty in the structural seismic response at any given IM level. These results are

consistent with the findings of other researchers obtained through deterministic

sensitivity analysis (Porter et al. 2002, Lee and Mosalam 2005). The large c.o.v. of

the EDPs driven mainly by record-to-record variability is worth noting. Among the

various sources of randomness investigated on the bridge only model, the randomness

in the structural mass appears to play a larger role than the randomness in the other

parameters as can be seen from Table 8.4, Table 8.5, and Table 8.6 and Fig. 8.2, Fig.

8.3, and Fig. 8.4. 
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Table 8.4: Mean and coefficient of variation of peak pier lateral drifts (bridge only model on rigid base excitation)

Pier #1 Pier #2 Pier #3 Pier #4 Pier #5 Pier #6 Pier #7 Pier #8
IM
(g) mean

(mm)
c.o.v.

mean
(mm)

c.o.v.
mean
(mm)

c.o.v.
mean
(mm)

c.o.v.
mean
(mm)

c.o.v.
mean
(mm)

c.o.v.
mean
(mm)

c.o.v.
mean
(mm)

c.o.v.

Test #1 71 0.68 71 0.68 65 0.58 66 0.58 67 0.58 70 0.59 70 0.59 70 0.59
Test #2 72 0.69 72 0.69 65 0.58 66 0.59 66 0.59 71 0.60 71 0.60 71 0.60
Test #3 72 0.69 72 0.69 65 0.58 67 0.59 67 0.59 71 0.60 71 0.60 71 0.60
Test #4 71 0.68 71 0.68 65 0.58 66 0.58 67 0.58 70 0.59 70 0.59 70 0.59
Test #5 71 0.69 71 0.69 65 0.58 67 0.59 67 0.59 71 0.60 71 0.60 71 0.60

0.4

Test #6 72 0.69 72 0.69 65 0.59 66 0.60 66 0.59 71 0.60 71 0.60 71 0.60
Test #1 198 0.49 198 0.49 184 0.54 187 0.55 187 0.55 200 0.56 201 0.56 201 0.56
Test #2 199 0.49 199 0.49 183 0.55 186 0.55 186 0.55 197 0.54 198 0.54 198 0.54
Test #3 199 0.49 199 0.49 184 0.55 187 0.55 187 0.55 201 0.56 201 0.56 201 0.56
Test #4 200 0.50 200 0.50 186 0.56 188 0.56 188 0.56 201 0.57 201 0.56 201 0.56
Test #5 200 0.49 200 0.49 185 0.56 187 0.56 187 0.56 201 0.56 201 0.56 202 0.56

1.0

Test #6 199 0.49 199 0.49 183 0.56 185 0.56 185 0.56 198 0.54 198 0.54 199 0.54
Test #1 413 0.61 412 0.61 390 0.63 381 0.64 381 0.64 370 0.58 370 0.58 370 0.58
Test #2 408 0.61 408 0.61 385 0.63 381 0.63 381 0.63 368 0.59 367 0.59 368 0.59
Test #3 416 0.60 416 0.60 392 0.63 387 0.64 387 0.64 374 0.59 375 0.58 375 0.58
Test #4 409 0.59 408 0.59 384 0.62 379 0.62 379 0.62 368 0.57 369 0.57 369 0.57
Test #5 407 0.59 407 0.59 383 0.62 380 0.63 380 0.62 376 0.59 377 0.59 377 0.59

1.5

Test #6 406 0.59 406 0.59 383 0.62 380 0.62 380 0.62 368 0.58 368 0.58 368 0.58

255
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Table 8.5: Mean and coefficient of variation of peak shear key deformations (bridge only model on rigid base excitation)

SK1 SK2 SK3 SK4 SK5 SK6IM
(g) mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v.

Test #1 6 1.22 8 1.55 2 1.35 5 1.55 4 1.75 1 1.26
Test #2 6 1.27 9 1.52 2 1.34 4 1.61 3 1.78 1 1.29
Test #3 6 1.23 9 1.54 2 1.32 5 1.54 4 1.75 1 1.33
Test #4 6 1.22 8 1.56 2 1.34 5 1.55 4 1.75 1 1.23
Test #5 6 1.23 9 1.54 2 1.33 5 1.54 4 1.75 1 1.30

0.4

Test #6 6 1.28 9 1.53 2 1.35 4 1.61 3 1.78 1 1.26
Test #1 43 0.87 43 0.81 10 0.73 27 0.81 17 1.00 6 0.65
Test #2 42 0.86 41 0.80 10 0.71 27 0.89 18 0.96 6 0.65
Test #3 43 0.87 43 0.80 10 0.76 27 0.83 17 1.00 6 0.68
Test #4 43 0.86 44 0.80 10 0.76 28 0.83 17 1.00 6 0.67
Test #5 43 0.87 44 0.80 10 0.79 27 0.84 17 1.00 6 0.68

1.0

Test #6 43 0.86 42 0.79 10 0.73 26 0.89 17 0.96 6 0.71
Test #1 62 0.52 69 0.51 12 0.47 30 0.84 32 0.84 5 0.60
Test #2 59 0.54 70 0.50 12 0.48 32 0.87 26 0.66 5 0.58
Test #3 60 0.53 70 0.50 12 0.45 30 0.85 30 0.84 5 0.58
Test #4 61 0.54 70 0.50 13 0.47 30 0.85 30 0.82 5 0.51
Test #5 60 0.54 70 0.51 12 0.46 30 0.87 29 0.84 5 0.57

1.5

Test #6 59 0.54 70 0.51 12 0.46 31 0.90 26 0.75 5 0.61

SK1: the shear key at the left abutment; SK2: the shear key at the right abutment; SK3: the left shear key at the left interior expansion joint; SK4: the right shear key at
the left interior expansion joints; SK5: the left shear key at the right interior expansion joint; SK6: the right shear key at the right interior expansion joint.

256
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Table 8.6: Mean and the coefficient of variation (c.o.v.) of the maximum unseating displacements

1st span 9th span 3rd span 4th span 6th span 7th spanIM
(g) mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v. mean (mm) c.o.v.

Test #1 39 0.34 40 0.49 24 0.86 4 1.75 25 0.90 1 1.26
Test #2 39 0.35 40 0.48 23 0.87 3 1.78 26 0.88 1 1.29
Test #3 39 0.35 41 0.48 23 0.87 4 1.75 25 0.90 1 1.33
Test #4 39 0.34 40 0.49 24 0.86 4 1.75 25 0.90 1 1.23
Test #5 39 0.35 41 0.48 23 0.87 4 1.75 25 0.90 1 1.30

0.4

Test #6 39 0.36 41 0.48 23 0.89 3 1.78 26 0.89 1 1.26
Test #1 114 0.90 90 0.65 47 0.22 17 1.00 65 0.34 6 0.65
Test #2 110 0.89 90 0.69 48 0.18 18 0.96 65 0.39 6 0.65
Test #3 114 0.90 90 0.65 47 0.22 17 1.00 65 0.34 6 0.68
Test #4 115 0.91 90 0.64 47 0.23 17 1.00 66 0.35 6 0.67
Test #5 114 0.90 90 0.65 47 0.22 17 1.00 65 0.35 6 0.68

1.0

Test #6 111 0.90 90 0.68 47 0.20 17 0.96 64 0.38 6 0.71
Test #1 196 1.01 276 0.94 50 0.12 32 0.84 108 1.64 5 0.60
Test #2 191 1.07 269 0.92 50 0.11 26 0.66 115 1.70 5 0.58
Test #3 202 1.04 277 0.93 50 0.11 30 0.84 115 1.76 5 0.58
Test #4 204 1.01 270 0.92 51 0.11 30 0.82 113 1.72 5 0.51
Test #5 212 1.04 272 0.92 50 0.11 29 0.84 113 1.70 5 0.57

1.5

Test #6 191 1.09 267 0.90 50 0.11 26 0.75 115 1.71 5 0.61
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Fig. 8.2: Comparison of mean and coefficient-of-variation (c.o.v.) based on set of 85
simulations and each subset of 17 simulations (for Tests # 2-6) for peak pier lateral
drift of bridge only model: (a) IM = 0.4g, (b) IM = 1.0g, and (c) IM =1.5g



259

1 2 3 4 5 6
0

5

10

M
ea

n
[m

m
]

1 2 3 4 5 6
0

0.5

1

1.5

2

c.
o.

v.

Shear key #

test #1 test #2 test #3 test #4 test #5 test #6

test #1 test #2 test #3 test #4 test #5 test #6

(a)

1 2 3 4 5 6
0

20

40

60

M
ea

n
[m

m
]

1 2 3 4 5 6
0

0.5

1

1.5

c.
o.

v.

Shear key #

test #1 test #2 test #3 test #4 test #5 test #6

test #1 test #2 test #3 test #4 test #5 test #6

(b)

1 2 3 4 5 6
0

50

100

M
ea

n
[m

m
]

1 2 3 4 5 6
0

0.5

1

c.
o.

v.

Shear key #

test #1 test #2 test #3 test #4 test #5 test #6

test #1 test #2 test #3 test #4 test #5 test #6

(c)
Fig. 8.3: Comparison of mean and coefficient-of-variation (c.o.v.) based on set of 85
simulations and each subset of 17 simulations (for Tests # 2-6) for peak shear key
deformation of the bridge only model: (a) IM = 0.4g, (b) IM = 1.0g, and (c) IM =1.5g
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Fig. 8.4: Comparison of mean and coefficient-of-variation (c.o.v.) based on set of 85
simulations and each subset of 17 simulations (for Tests # 2-6) for peak unseating
displacement of the bridge only model: (a) IM = 0.4g, (b) IM = 1.0g, and (c) IM =1.5g
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Nonlinear time history simulations of the bridge-foundation-ground (BFG) system

based on LHS to represent the randomness in the structural mass and soil material

properties (referred to as simulation case R2 henceforth) were also performed using

the total of 49 earthquake ground motions records, described in the previous chapter,

corresponding to the three seismic hazard levels (50%, 10% and 2% probability of

exceedance in 50 years). An earlier simulation of the BFG system (referred to as

simulation case R1 henceforth) was performed, which did not include the randomness

in the soil weight density (taken as deterministic equal to the mean values in Table

8.2) and did not account for the statistical correlation among the soil material

parameters within the same soil layer (i.e., all correlation coefficients in Table 8.3 

were taken as zero). Below, the results of the simulation with deterministic system

properties (referred to as simulation case D henceforth), cases R1 and R2 are

presented, discussed and compared. The simulation case D gave rise to three

“collapse” cases for soil free field input motions at the 10% in 50 years hazard level

and one “collapse” case for rock free field input motions at the 2% in 50 years hazard

level. The simulations with random structural mass and soil material properties

(simulation cases R1/R2) produced six/six “collapse” cases for soil free field input

motions at 10% in 50 years hazard level and one/one “collapse” case for rock free

field input motions at 2% in 50 years hazard level. The sample mean and sample

c.o.v. of each EDP for the “non-collapsed” cases and the three sets of simulations

(simulation cases D, R1 and R2) are reported in Table 8.7, Table 8.8 and Table 8.9,

and represented graphically in Fig. 8.6, Fig. 8.6 and Fig. 8.7, respectively. From these
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three sets of simulation results, it appears that in general the randomness in the soil

material properties has relatively larger effects on the mean and c.o.v. of the EDPs,

compared to the randomness in structural material properties, although statistical

parameter uncertainty for some of the small sample sets used herein partially distorts

the true underlying statistics. The greater effect of the randomness in soil material

properties can be explained by the facts that (1) their scatter as measured by the c.o.v.

is significantly larger than that of structural material properties, and (2) the variation in

soil material properties changes the seismic motions at the interface of the soil and the

structure/foundation (which drive the seismic response of the structure and its

foundations), thus further increasing the record-to-record variability, which is the

dominant source of uncertainty of the EDPs. Comparison of these three sets of

simulation results reveals that the effects on the EDP statistics of the randomness in

the soil material properties increase with the severity of the seismic input motion

(defined by IM). This is due to the fact that some of the soil material parameters (e.g.,

strength related parameters) do not affect significantly the response of the BFG system

in the quasi-linear response regime. As the severity of the response increases, the

randomness in these system properties plays an increasingly important role in the

response of the BFG system, and therefore on its statistics. In addition, the sensitivity

of the deformation-based EDPs considered herein to some system properties generally

increases with the severity of the BFG system response. It is also observed that the

effects of the randomness in the structural mass and soil material properties on the

statistics of EDPs are larger for local EDPs (i.e., peak shear key deformations and
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peak unseating displacements) than for global EDPs (i.e., peak pier lateral drifts). For

the peak pier lateral drifts, the sample means for random system properties (Cases R1

and R2) do not differ significantly from the sample mean for deterministic system

properties (Case D), especially at low seismic hazard level. For the other EDPs, both

the sample mean and sample c.o.v. change significantly from deterministic to random

system properties. These observations also apply to the simulation results of the

bridge only model presented earlier. Even though the effects of the randomness in the

structural mass and structural material properties on the statistics of the EDPs were

found small overall, yet the local EDPs are more sensitive to this randomness than the

global EDPs as can be seen from Fig. 8.2, Fig. 8.3, and Fig. 8.4. 
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Table 8.7: Mean and coefficient of variation of the peak pier lateral drifts (bridge-foundation-ground system)
Pier #1 Pier #2 Pier #3 Pier #4

IM
Type of

simulation mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v.
Case D 100 26 0.26 123 32 0.26 151 38 0.25 155 31 0.20
Case R1 100 23 0.23 125 30 0.24 154 46 0.30 156 31 0.20

50%/50yrs
rock

Case R2 99 32 0.32 115 37 0.32 152 46 0.30 153 46 0.30
Case D 190 125 0.66 213 130 0.61 233 126 0.54 253 157 0.62
Case R1 187 107 0.57 212 114 0.54 223 114 0.51 255 150 0.59

50%/50yrs
soil

Case R2 175 112 0.64 200 124 0.62 229 126 0.55 251 148 0.59
Case D 190 103 0.54 231 157 0.68 253 147 0.58 281 143 0.51
Case R1 193 116 0.60 238 169 0.71 235 134 0.57 236 76 0.32

10%/50yrs
rock

Case R2 222 153 0.69 230 131 0.57 247 126 0.51 259 124 0.48
Case D 484 261 0.54 547 235 0.43 562 230 0.41 534 246 0.46
Case R1 419 415 0.99 467 416 0.89 487 429 0.88 533 453 0.85

10%/50yrs
soil

Case R2 545 354 0.65 575 397 0.69 556 378 0.68 631 423 0.67
Case D 410 160 0.39 477 119 0.25 499 130 0.26 560 196 0.35
Case R1 363 182 0.50 472 208 0.44 489 186 0.38 526 179 0.34

2%/50yrs
rock

Case R2 446 98 0.22 457 91 0.20 515 144 0.28 594 125 0.21

Pier #5 Pier #6 Pier #7 Pier #8
IM

Type of
simulation mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v.

Case D 164 39 0.24 158 44 0.28 129 37 0.29 126 37 0.29
Case R1 166 45 0.27 163 39 0.24 136 33 0.24 129 35 0.27

50%/50yrs
rock

Case R2 162 47 0.29 157 47 0.30 137 40 0.29 134 35 0.26
Case D 254 150 0.59 237 140 0.59 188 117 0.62 173 100 0.58
Case R1 248 139 0.56 241 137 0.57 192 104 0.54 178 93 0.52

50%/50yrs
soil

Case R2 268 153 0.57 253 152 0.60 198 119 0.60 185 107 0.58
Case D 250 90 0.36 278 161 0.58 214 105 0.49 193 93 0.48
Case R1 263 124 0.47 274 145 0.53 216 93 0.43 194 81 0.42

10%/50yrs
rock

Case R2 270 146 0.54 302 196 0.65 217 141 0.65 211 135 0.64
Case D 535 257 0.48 543 228 0.42 442 212 0.48 389 206 0.53
Case R1 509 397 0.78 489 362 0.74 401 349 0.87 347 298 0.86

10%/50yrs
soil

Case R2 633 411 0.65 685 438 0.64 529 333 0.63 491 300 0.61
Case D 525 210 0.40 461 184 0.40 412 157 0.38 353 152 0.43
Case R1 543 255 0.47 501 261 0.52 412 190 0.46 351 179 0.51

2%/50yrs
rock

Case R2 551 121 0.22 543 119 0.22 425 111 0.26 393 110 0.28
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Table 8.8: Mean and the coefficient of variation of the peak shear key deformations (bridge-foundation-ground system)
SK #1 SK #2

IM
Type of

simulation mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v.
Case D 45 25 0.55 11 10 0.89
Case R1 42 28 0.67 15 14 0.90

50%/50yrs
rock

Case R2 49 22 0.45 26 16 0.61
Case D 62 32 0.52 36 32 0.90
Case R1 60 35 0.58 30 28 0.92

50%/50yrs
soil

Case R2 68 33 0.48 36 27 0.75
Case D 54 25 0.46 46 23 0.49
Case R1 40 22 0.55 43 17 0.40

10%/50yrs
rock

Case R2 64 40 0.62 64 25 0.39
Case D 85 26 0.30 52 33 0.63
Case R1 63 35 0.55 54 36 0.67

10%/50yrs
soil

Case R2 93 19 0.20 57 34 0.59
Case D 90 18 0.20 42 17 0.41
Case R1 76 31 0.41 49 31 0.64

2%/50yrs
rock

Case R2 99 7 0.07 66 32 0.49

SK #3 SK #4 SK #5 SK #6
IM

Type of
simulation mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v.

Case D 16 9 0.59 12 10 0.85 29 15 0.53 5 3 0.50
Case R1 14 7 0.49 10 12 1.24 26 9 0.34 5 3 0.67

50%/50yrs
rock

Case R2 14 5 0.36 7 6 0.80 29 17 0.60 7 6 0.79
Case D 22 10 0.44 34 31 0.92 38 24 0.62 24 22 0.93
Case R1 25 15 0.60 35 30 0.87 37 27 0.74 24 26 1.09

50%/50yrs
soil

Case R2 21 14 0.69 22 22 1.00 40 29 0.73 25 28 1.13
Case D 33 11 0.33 41 42 1.03 49 19 0.39 24 22 0.90
Case R1 28 12 0.42 44 46 1.05 54 29 0.54 23 20 0.85

10%/50yrs
rock

Case R2 18 5 0.29 20 15 0.76 36 15 0.42 32 46 1.43
Case D 26 27 1.02 61 34 0.56 37 23 0.62 64 40 0.63
Case R1 27 29 1.09 50 37 0.73 43 35 0.81 64 42 0.65

10%/50yrs
soil

Case R2 43 32 0.74 50 35 0.70 33 27 0.82 51 30 0.58
Case D 29 12 0.43 75 36 0.48 59 30 0.51 65 42 0.65
Case R1 43 22 0.52 62 37 0.59 72 30 0.42 67 44 0.65

2%/50yrs
rock

Case R2 33 29 0.89 51 37 0.73 70 40 0.57 69 37 0.53
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Table 8.9: Mean and coefficient of variation of the peak unseating displacements (bridge-foundation-ground system)
1st span 9th span

IM
Type of

simulation mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v.
Case D 149 54 0.36 136 50 0.37
Case R1 147 46 0.31 139 47 0.34

50%/50yrs
rock

Case R2 137 58 0.42 121 34 0.28
Case D 225 113 0.50 216 145 0.67
Case R1 235 110 0.47 235 165 0.70

50%/50yrs
soil

Case R2 212 114 0.54 178 141 0.79
Case D 168 86 0.51 361 112 0.31
Case R1 176 100 0.57 369 118 0.32

10%/50yrs
rock

Case R2 209 171 0.82 316 114 0.36
Case D 689 613 0.89 633 563 0.89
Case R1 591 762 1.29 599 617 1.03

10%/50yrs
soil

Case R2 579 376 0.65 564 547 0.97
Case D 155 109 0.70 720 626 0.87
Case R1 166 90 0.54 748 778 1.04

2%/50yrs
rock

Case R2 248 186 0.75 640 698 1.09

3rd span 4th span 6th span 7th span
IM

Type of
simulation mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v. mean (mm) std (mm) c.o.v.

Case D 54 10 0.18 29 15 0.53 49 13 0.27 5 3 0.50
Case R1 52 7 0.13 26 9 0.34 44 19 0.43 5 3 0.67

50%/50yrs
rock

Case R2 52 5 0.10 29 17 0.60 42 12 0.28 7 6 0.79
Case D 60 10 0.16 74 164 2.22 92 109 1.18 24 22 0.93
Case R1 62 16 0.26 72 165 2.29 79 58 0.73 30 49 1.64

50%/50yrs
soil

Case R2 59 15 0.25 87 164 1.89 59 24 0.40 25 28 1.13
Case D 71 11 0.15 49 19 0.39 186 255 1.37 24 22 0.90
Case R1 66 12 0.18 54 29 0.54 193 261 1.35 23 20 0.85

10%/50yrs
rock

Case R2 56 5 0.09 36 15 0.42 58 15 0.26 87 155 1.78
Case D 115 199 1.73 37 23 0.62 201 265 1.32 354 439 1.24
Case R1 105 167 1.59 74 124 1.67 154 243 1.58 318 407 1.28

10%/50yrs
soil

Case R2 145 213 1.47 131 320 2.44 267 451 1.69 165 361 2.19
Case D 67 12 0.18 166 236 1.42 455 400 0.88 291 308 1.06
Case R1 82 23 0.28 264 285 1.08 288 400 1.39 350 406 1.16

2%/50yrs
rock

Case R2 72 30 0.41 238 238 1.00 146 177 1.21 178 183 1.03
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Fig. 8.5: Comparison of mean and coefficient-of-variation (c.o.v.) for three sets of
simulations (simulation cases D, R1 and R2) for peak pier lateral drift of bridge-
foundation-ground system: (a) 50% in 50 years, rock, (b) 50% in 50 years, soil, (c)
10% in 50 years, rock, (d) 10% in 50 years, soil, and (e) 2% in 50 years, rock
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Fig. 8.6: Comparison of mean and coefficient-of-variation (c.o.v.) for three sets of
simulations (simulation cases D, R1 and R2) for peak shear key deformation of
bridge-foundation-ground system: (a) 50% in 50 years, rock, (b) 50% in 50 years, soil,
(c) 10% in 50 years, rock, (d) 10% in 50 years, soil, and (e) 2% in 50 years, rock
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Fig. 8.7: Comparison of mean and coefficient-of-variation (c.o.v.) for three sets of
simulations (simulation cases D, R1 and R2) for peak unseating displacement of
bridge-foundation-ground system: (a) 50% in 50 years, rock, (b) 50% in 50 years, soil,
(c) 10% in 50 years, rock, (d) 10% in 50 years, soil, and (e) 2% in 50 years, rock

It is worth noting that in some cases, the standard deviation of some EDPs is

observed to decrease after including the randomness in the structural mass and soil

material properties into the BFG seismic response simulations. This could be most

likely due to the small sample size estimation error. However, it is also possible that

the true standard deviation decreases as shown below. In general, an EDP can be
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expressed as a function of the system properties Y, the intensity measure (IM) of the

seismic input motion, and other characteristics of the seismic input motion (EQ) as

( ) ( ) ( ), , , , ,IEDP IM EQ g IM IM EQε= +Y Y Y (8.14)

where Iε is a random function representing the effect of record-to-record variability,

and g is the mean response (EDP) with respect to all the seismic input motions defined

as

( ) ( )EQg IM, E EDP IM, ,EQ  �Y Y (8.15)

Thus, function Iε has the following property

( ) ( ), , , , , 0I EQ IE IM EQ IM im E im EQε ε= = = =      Y Y y y (8.16)

Since the following discussion is carried out for a fixed IM, the latter is omitted from

the list of augments for the sake of simplicity. For given system properties =Y y , the

mean and variance of an EDP are given by

( )EQE EDP E EDP g= = = =      Y y Y y y (8.17)

EQ EQ IVar EDP Var EDP Var ε= = = = =          Y y Y y Y y (8.18)

In simulation case D, the system properties are taken as the nominal value ˆ=Y y

(taken as the mean of Y in general) and the variance of the EDP is given by

ˆ ˆEQ IVar EDP Var ε= = =      Y y Y y (8.19)

For random system properties Y, the mean of an EDP is calculated as

[ ] ( ) ( )IE EDP E g E ,EQε= +      Y Y (8.20)
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Using Eq. (8.16), the second term on the right hand side of the above equation reduces

to

( ) ( ) 0I EQ IE ,EQ E E ,EQε ε = = =       YY Y Y y (8.21)

Thus, Eq. (8.21) becomes

[ ] ( )E EDP E g=   Y (8.22)

From Eq. (8.14) for given IM, the variance of an EDP can be calculated as

[ ] ( ) ( ) ( ) ( ), 2 , ,I IVar EDP Var g Var EQ Cov g EQε ε= + +          Y Y Y Y (8.23)

Using Eq. (8.16), the second term on the right hand side of the above equation can be

expressed as (Ang and Tang 2007)

( ) ( )

( )

, ,

,

I EQ I

EQ I

EQ I

Var EQ Var E EQ

E Var EQ

E Var

ε ε

ε

ε

 = =       
 + =   
 = =   

Y

Y

Y

Y Y Y y

Y Y y

Y y

(8.24)

Using again Eq. (8.16), the covariance term on the right hand side of Eq. (8.23) can be

shown to be zero as

( ) ( ) ( ) ( ) ( ) ( )
( ) ( ) ( )

( ) ( )
( )

, , , ,

, 0

,

0 0

I I I

EQ I

EQ I

Cov g EQ E g EQ E g E EQ

E E g EQ E g

E g E EQ

E g

ε ε ε

ε

ε

= −              
 = = − ⋅       
 = ⋅ =   

= ⋅ =  

Y

Y

Y

Y Y Y Y Y Y

Y Y Y y Y

Y Y Y y

Y

(8.25)

Substituting Eqs. (8.24) and (8.25) into Eq. (8.23) yields

[ ] ( ) EQ IVar EDP Var g E Var ε = + =       YY Y y (8.26)
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Using Eqs. (8.15) and (8.18), the two terms on the right hand side of Eq. (8.23) can be

rewritten as

( ) EQVar g Var E EDP = =       YY Y y (8.27)

EQ I EQE Var E Var EDPε   = = =         Y YY y Y y (8.28)

By substituting the above two equations back into Eq. (8.28), the following classical

form of [ ]Var EDP is obtained:

[ ] EQ EQVar EDP Var E EDP E Var EDP   = = + =         Y YY y Y y (8.29)

From Eqs. (8.19) and (8.26), it is possible that ˆVar EDP =  Y y is greater than

[ ]Var EDP , i.e., the variance of an EDP in simulation case D could be greater than its

variance in simulation case R1 and R2.

Finally, by comparing the EDP statistics of simulation cases R1 and R2, it appears

that the randomness in the soil weight density and the statistical correlation of the soil

material properties within the same layer may have appreciable effects on the statistics

of the EDPs.

In summary, based on the simulation results presented in this section, it was found

that the randomness in the structural material properties does not have a significant

effect, relative to that of record-to-record variability, on the first two statistical

moments of the EDPs. This result justifies the partition of the system properties (Y)

into two subsets, Y1 (structural material properties) and Y2 (structural mass and soil

material properties), in the seismic reliability analysis methodology presented earlier

in this paper. Thus, the effects of the randomness in Y1 on the structural seismic
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response are neglected, but these effects of the randomness in Y1 on the capacity terms

are incorporated in the fragility analysis as shown in a section below. Conversely, the

effects of the randomness in Y2 on the structural seismic response is accounted for in

the seismic response simulation and subsequent probabilistic seismic demand analysis,

but the system properties Y2 do not affect the capacity terms defined in this study and

therefore do not appear in the fragility analysis.

8.7 PROBABILISTIC SEISMIC DEMAND ANALYSIS

The seismic demand hazard curves for the system-level EDPs considered here

were derived using exactly the same procedure as in the previous chapter, namely

through convolution of the conditional complementary cumulative distribution

function of each EDP and the seismic hazard curve. For example, Fig. 8.8 shows a

comparison of the fitted (lognormal) probability distributions of the maximum peak

pier lateral drift simulated assuming deterministic system properties (simulation case

D) and random system properties (simulation case R2) at the specified seismic hazard

levels. As can be seen, the fitted probability distributions of these two sets of

simulated EDPs are quite close at low seismic hazard level and become significantly

different at high seismic hazard level. Fig. 8.9 through Fig. 8.13 show comparisons of

the fitted probability distributions of the other system-level EDPs simulated assuming

deterministic system properties (simulation case D) and random system properties

(simulation case R2) at the specified seismic hazard levels. The seismic demand

hazard curves ( )EDPν δ for the system-level EDPs simulated assuming deterministic
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(simulation case D) and random (simulation cases R1 and R2) system properties are

shown and compared in Fig. 8.14. It is observed that for all system-level EDPs

considered, the seismic demand hazard curves for cases R1 and R2 are relatively close

compared to their differences with the seismic demand hazard curve for case D. For

the maximum peak pier lateral drift, the seismic demand hazard curve corresponding

to random structural mass and soil material properties (cases R1 and R2) almost

coincide with the one for deterministic system properties up to about 400mm (return

period of about 250 years), above which the former become progressively higher than

the latter. The difference between these curves above 400mm is the combined effect

of (1) the difference of the fitted probability distributions of this EDP for cases D and

R1/R2 with increasing seismic hazard level (see Fig. 8.8), and (2) the increase of the

probability of collapse from case D to cases R1 and R2 at the high seismic hazard

level. For the other system-level EDPs, the seismic demand hazard curves for

deterministic and random system properties are significantly different, but no clear

trend can be observed from the results. It is noteworthy that random modeling of the

system properties in the probabilistic seismic demand analysis does not necessarily

increase the seismic demand hazard.

Fig. 8.15 shows the IM deaggregation of the seismic demand hazard for the

maximum peak pier lateral drift at 84mm and 147mm and for the three simulation

cases D, R1 and R2. As can be seen, the range of IM which makes significant

contribution to the seismic demand hazard remains the almost same in these three

simulation case, with just slight changes in the contribution weight.
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Fig. 8.8: Comparison of fitted (lognormal) probability distributions of maximum peak
lateral drift simulated with deterministic and random system properties at the specified
seismic hazard levels
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Fig. 8.9: Comparison of fitted (hybrid lognormal) probability distributions of
maximum peak shear key deformation at the abutments simulated with deterministic
and random system properties at the specified seismic hazard levels
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Fig. 8.10: Comparison of fitted (hybrid lognormal) probability distributions of
maximum peak shear key deformation at the continuous joints simulated with
deterministic and random system properties at the specified seismic hazard levels
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Fig. 8.11: Comparison of fitted (hybrid lognormal) probability distributions of
maximum peak shear key deformation at the interior expansion joints simulated with
deterministic and random system properties at the specified seismic hazard levels
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Fig. 8.12: Comparison of fitted (lognormal) probability distributions of maximum
peak unseating displacement at the abutments simulated with deterministic and
random system properties at the specified seismic hazard levels
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Fig. 8.13: Comparison of fitted (lognormal) probability distributions of maximum
peak unseating displacement at the interior expansion joints simulated with
deterministic and random system properties at the specified seismic hazard levels
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Fig. 8.14: Seismic demand hazard curves for deterministic (simulation case D) and
random (simulation cases R1 and R2) system properties; (a) maximum peak pier
lateral drift, (b) maximum peak shear key deformation at abutments, (c) maximum
peak shear key deformation at continuous joints, (d) maximum peak shear key
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abutments, and (f) maximum peak unseating displacement at interior expansion joints.

(d)

(f)

(a)

(c)

(e)

(b)



279

0 0.5 1 1.5 2
0

0.5

1

1.5

2

2.5

IM = Sa(T
1
,x=5%) [g]

C
on

tr
ib

ut
io

n
of

IM

Deterministic (D)
Random (R1)
Random (R2)

DP = 84 mm

DP = 147 mm

Fig. 8.15: IM deaggregation of the seismic demand hazard for maximum peak pier
lateral drift at 84mm and 147mm for the three simulation cases D, R1 and R2

8.8 FRAGILITY CURVES INCORPORATING RANDOMNESS IN
STRUCTURAL PROPERTIES

Univariate fragility functions were developed in the previous chapter

( )0 ,
R

P g EDP F R
δ µδ δ

σ
− < = =Φ      

Θ� (8.30)

where Φ denotes the standard normal CDF, Θ is the vector of parameters of the

fragility function ( µ and σ in this case), δ and R are the given demand and

predicted capacity pair for the limit-state considered. In the previous chapter, the

capacity was predicted using the nominal material parameters. Thus, the fragility

curves defined and derived in the previous chapter account for the uncertain level of

accuracy of the capacity model used (i.e., discrepancy between deterministic

predictions based on nominal values of geometric and material parameters and

experimental measurements) as well as the inexact nature (due to missing variables for
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example) of the limit-state function. In this chapter, these fragility functions are

updated to incorporate the uncertainty in the capacity due to the randomness in the

structural material properties.

For each limit-state considered, a set of experimental data was collected. Then, as

described in the previous chapter, a point estimate of the fragility function was

obtained by (1) using the best estimate values of the structural material properties to

calculate the capacity pR of each specimen in the experimental database, and (2)

fitting a normal distribution to the empirical CDF of the measured-to-predicted

capacity ratio, m pR R , for all specimens considered, i.e.,

( ) ˆˆˆ ,
ˆ

m p
m p

R R
F R R

µ
σ
− 

=Φ 
 

Θ (8.31)

The uncertainty in the parameters Θ is neglected in this study, but could be readily

incorporated in the present methodology by following the same approach as for Y1

below. The fragility incorporating the inherent randomness in the structural material

properties Y1 is the expected value of the point estimate of the fragility function with

respect to the structural material properties, i.e.,

( ) ( )( ) ( )

( ) ( )

1

1

1

1

1 1 1

1
1 1

|

ˆ

ˆ
p

F F R f d

R
f d

δ δ

δ µ
σ

= =

− 
= Φ 

 

∫

∫
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1 1 Y

Y

Y

Y

Y Y y y y

y
y y

(8.32)

The capacity against each limit-state of the pier flexural failure mechanism

depends on the material properties of concrete and reinforcing steel, which are treated

as random variables in this study. The fragility curves for pier flexural failure
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accounting for random material properties are obtained by evaluating the integral

shown in Eq. (8.32) using the Latin hypercube sampling method, since there is no

closed-form formula for the predicted capacity. For this purpose, the range of each

random structural material property was divided into 100 intervals with equal

probability. The median of each interval was taken as a representative sample. One

sample of each structural material property was randomly selected without

replacement and substituted into the pier flexural capacity model described in the

previous chapter to generate one prediction of the monotonic lateral force - drift

response envelope of the pier and the corresponding capacity against each limit-state

considered. Then, from Eq. (8.32), the fragility function incorporating the randomness

in material properties is estimated

( ) ( )100
1,

1

ˆ1
ˆ100

p i

i

R
F

δ µ
δ

σ=

 −
= Φ  

 
∑%

y
(8.33)

Fig. 8.16 shows the fragility functions for pier flexural failure assuming both

deterministic and random structural material properties. As can be seen, randomness

in material properties has the effect to shift the fragility functions to the right (the safe

side). This shift is due to the fact that the nominal yield strength (276MPa, 40.0ksi) of

the reinforcing steel, the predominant material parameter for the pier flexural capacity,

used to derive the fragility curves for deterministic material properties is much smaller

than the mean yield strength (337MPa, 48.8ksi) for Grade 40 bars. It is also observed

that the slope of the fragility curves decreases after incorporating the randomness in
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structural material properties, indicating an increase of the uncertainty in the limit-

state functions or damage measures.
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Fig. 8.16: Fragility curves for pier flexural failure with deterministic and random
material properties

The capacity against each limit-state of the shear key failure mechanism is

predicted with the strut-and-tie approach along diagonal crack pattern (Megally et al.

2001). According to this approach, the deformation capacities for limit-states III and

IV depend on the material properties of concrete and steel ( , ,c y sf f E′ ), while the

deformation capacity for limit-state V is taken as 102mm (4inches) for all shear keys

and does not depend on the material properties considered here. The fragility curves

of the limit-state III and IV including the randomness in structural material properties

are also obtained through Latin hypercube sampling (with 10000 simulations)

according to Eq. (8.33). The fragility curves for shear key failure assuming both

deterministic and random material properties are displayed in Fig. 8.17. It can be
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observed that randomness in material properties has the effect to slightly shift to the

right (safe side) and slightly decrease the slope of the fragility curve for limit-state I-

II-III, and has practically no effect on limit-state IV.
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Fig. 8.17: Fragility curves for shear key failure mechanism with deterministic and
random material properties: (a) at abutments, (b) at continuous joints, and (c) at
interior expansion joints
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The capacity against unseating is not a function of any of the random structural

properties considered. Therefore, the fragility curve for unseating remains the same as

that in the previous chapter.

8.9 SEISMIC RELIABILITY ANALYSIS

For the three potential failure mechanisms considered, the MAR of limit-state

exceedance is obtained by convolving the fragility curve of the limit-state with the

demand hazard curve of the associated EDP, ( )EDPν δ , according to Eq. (8.12). The

MAR of limit-state exceedance and corresponding return period for each limit-state

considered are reported in Table 8.10 for three cases: deterministic system properties

(D), random system properties with deterministic soil weight density and no statistical

correlation between soil material properties within the same layer (R1), and random

system properties with random soil weight density and statistical correlation between

soil material properties within the same layer (R2), see Table 8.1, Table 8.2 and Table

8.3. The following observations can be made from the results shown in Table 8.10:

(1) For each limit-state of the flexural failure mechanism at lap spliced piers, the

MAR of exceedance assuming random system properties (simulation cases R1 and

R2) is smaller (more so for R2 than R1) than that obtained by assuming deterministic

system properties. This is caused by the shift of the fragility curves to the safe side

(i.e., fragility functions decrease), see Fig. 8.16, after incorporating the randomness in

structural material properties, due to the significant difference between the nominal

and mean yield strengths of the reinforcing steel, while the seismic demand hazard
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curves for random system properties (both R1 and R2) are close to the one with

deterministic system properties, except at the high EDP level where they are higher.

(2) For the local failure mechanisms such as shear key failure and unseating, the

effects of the randomness in system properties on the MARs of limit-states

exceedance are complicated. For limit-states I-II-III and IV of the shear key failure

mechanism at the abutments and interior expansion joints, inclusion of the randomness

in system properties leads to an increase in the MAR of exceedance for both cases R1

and R2. For limit-states I-II-III and IV of the shear key failure mechanism at the

continuous joints, randomness in system properties increases the MAR of exceedance

for case R1, but decreases it for case R2. The maximum peak shear key deformation

over the continuous joints for all three cases (D, R1 and R2) remains much smaller

than the deformation capacity (100mm) against limit-state V as shown in Fig. 8.18.

The mean annual rate of exceeding limit-state V of shear key failure at the continuous

joints is mainly contributed by the invalidated tail behavior of the fitted probability

distribution of the maximum peak shear key deformation at any given IM. Therefore,

the MAR of exceedance of this limit-state is most likely significantly inaccurate. At

the abutments and at the interior expansion joints, unseating can occur only after

failure of the shear key. It follows that the MAR of exceeding limit-state V of the

shear key failure mechanism must be larger than that of exceeding limit-state V of

unseating at the abutments and at the expansion joints. As can be seen from Table

8.10, this is satisfied by the reliability analysis results for all three cases (D, R1 and
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R2). In addition, the MARs of exceeding limit-state V of shear key failure and

unseating have the same trend of variation over cases D, R1 and R2.
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Fig. 8.18: Simulated data and fitted (lognormal) probability distributions for maximum
peak shear key deformation at the continuous joints

(3) The difference between cases R1 and R2 in MAR of limit-state exceedance

(for all limit-states considered here) is found to be noticeable to significant (depending

on the limit-state). This indicates that the randomness in the soil weight density and

the statistical correlations between the soil material properties within the same soil

layer may have appreciable effects on the seismic reliability results.

Fig. 8.19 shows the deaggregation results of damage states II and III-IV-V of the

pier flexural failure mechanism with respect to the EDP, maximum peak pier lateral

drift, for simulation cases D, R1 and R2. The deaggregation curves in the three

simulation cases have the same shape. The deaggregation curves in simulation cases

R1 and R2 are shifted to the right due to the shift of the corresponding fragility curves.
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Table 8.10: Mean annual rate of exceedance and return period for limit-states considered

Simulation Case D Simulation Case R1 Simulation Case R2

Failure Mechanism Limit-State MAR of
exceedance

Return
period
(years)

MAR of
exceedance

Return
period
(years)

MAR of
exceedance

Return
period
(years)

II: Yielding of reinforcement 0.034 29 0.032 31 0.029 34
Flexural failure at lap spliced
piers

III-IV-V: Initiation of failure mechanism;
total formation of failure mechanism;
strength degradation

0.021 48 0.019 52 0.018 56

I-II-III: Onset of cracking; yielding of
reinforcement; large open cracks and onset
of concrete spalling

0.080 13 0.085 12 0.085 12

IV: Cracks and spalling over the full region
of the shear key

0.069 15 0.080 12 0.082 12
Failure of shear keys at
abutments

V: Loss of load-carrying capacity; fracture
of reinforcement

0.010 100 0.0057 175 0.012 83

I-II-III: same as above 0.046 22 0.066 15 0.040 25
IV: same as above 0.039 26 0.058 17 0.031 31

Failure of shear keys at
continuous joints

V: same as above 8.0× 10-5 12,500 3.7× 10-5 27,324 3.1× 10-5 32,258
I-II-III: same as above 0.064 16 0.076 13 0.070 14
IV: same as above 0.058 17 0.075 13 0.068 15

Failure of shear keys at interior
expansion joints

V: same as above 0.0058 172 0.0052 192 0.0043 233
Unseating at abutments V: Collapse 0.0011 909 5.6× 10-4 1,799 0.0012 833
Unseating at interior expansion
joints

V: Collapse 0.0012 833 0.0010 1,000 0.0008 1,250

287
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Fig. 8.19: Contribution of EDP to the MAR of exceedance (MARE) in the simulation
cases D, R1 and R2, damage states II and III-IV-V of pier flexural failure

8.10 CONCLUSIONS

This chapter presents an extension of the PEER seismic reliability analysis

framework to incorporate the inherent randomness in structural and geotechnical

properties and assess their effects on the seismic reliability of structural and/or

geotechnical systems. This extended methodology is also applied to assess the seismic

reliability of the Humboldt Bay Middle Channel Bridge. Results of seismic reliability

analyses for deterministic and two levels of random system properties are compared.

Based on this study, the following conclusions can be drawn:

(1) At a given IM level, the record-to-record variability is the dominant contributor

to the uncertainty of the Engineering Demand Parameters (EDP) of the bridge-

foundation-ground (BFG) system considered here. The effects of randomness in the

structural mass and structural material (concrete and steel) properties on the EDP
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statistics are not very significant. On the other hand, randomness in the soil material

properties appears (in the midst of large statistical parameter uncertainty due to small

sample size) to have appreciable effects on the first- and second-order statistics of the

EDPs and these effects increase with the severity of the seismic response of the BFG

system.

(2) The randomness in the system properties affects both the structural seismic

demand and the structural capacity. It was found that the randomness in structural

material properties affects significantly the structural capacity, but not as significantly

the structural seismic demand. Conversely, the randomness in the geotechnical,

inertial, and damping properties affects only the uncertainty in the structural seismic

demand, and not the structural capacity against the various limit-states considered

here. Therefore, the system (structural and geotechnical) properties can be partitioned

into two disjoint groups. The first group includes all the structural material properties

the randomness of which affects significantly only the structural capacity, while the

second group consists of the remaining properties whose randomness only affects

significantly the structural seismic demand. This partitioning greatly simplifies the

seismic reliability analysis framework by decoupling the probabilistic seismic demand

analysis from the fragility analysis.

(3) The randomness in system properties generally increases the uncertainty

(scatter) in the structural seismic demand, although in some cases it was found to

reduce it. This reduction, which could be true, is however likely to be due to statistical

estimation error induced by small sample size. The randomness in system properties
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also generally increases the uncertainty in the structural capacity. As a result,

incorporating the randomness in system properties generally changes the reliability

analysis results appreciably.

(4) The randomness in system properties has different effects on the various limit-

states considered in this study. It does not necessarily increase the mean annual rate of

exceedance of every limit-state. It may increase the MAR of exceedance of some

limit-states and reduce that of other limit-states.

It is worth pointing out that significant epistemic uncertainties, e.g., statistical

uncertainty due to small sample size and modeling uncertainty, are involved in seismic

structural reliability. These uncertainties are likely to play a significant role (possible

even greater than the randomness in system properties investigated herein) in seismic

structural reliability analysis. For example, the probability distributions of the EDPs

at any IM level are interpolated/extrapolated from those at the selected IM levels (two

levels for soil input motions and three levels for rock input motions), which in turn are

fitted based on a relatively small number of response simulations. The accuracy of the

seismic reliability analysis is greatly influenced by the aleatory and epistemic

uncertainties associated with each and every analytical step of the seismic reliability

analysis framework. Therefore, it is important to understand the effects of all these

pertinent uncertainties and their propagation in the seismic reliability analysis results,

which should be the object of future studies in performance-based earthquake

engineering.
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9 Probabilistic Seismic Loss Analysis

9.1 INTRODUCTION

In each of recent earthquakes (e.g., Loma Prieta 1989, Northridge 1994, Kobe

1995, Taiwan Chi-Chi 1999, and Turkey 1999), severe damage to structures and their

contents led to the loss of billions of dollars. Spurred in part by this rising economic

costs of earthquake hazard, there has been a dramatic increase in efforts aimed at

estimating the earthquake losses of facilities that may result from future earthquakes

based on current scientific and engineering knowledge. Economic loss caused by

earthquakes can be categorized as direct and indirect loss. Direct loss is the total

repair or replacement cost of the structure and its components, while indirect loss

results from the temporary loss of function (downtime) of the structure and casualties.

Many studies on seismic loss estimation have been conducted recently. Some

studies have been aiming at estimating losses on a regional basis for a large number of

facilities (NIBS 1997), while the other ones focus on the accurate seismic loss

estimation of individual structures. Porter et al. (2001) developed an assembly-based

method to evaluate the seismic vulnerability and performance (including the economic

loss) for individual buildings. This method uses a multilayer Monte Carlo simulation
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approach from ground motion time history, to the structural response, to the damage

state, to the repair and replacement cost, and finally to the vulnerability.

The Pacific Earthquake Engineering Research (PEER) Center, funded by the U.S.

National Science Foundation, has focused for several years on the development of a

Performance-Based Earthquake Engineering (PBEE) Methodology for comprehensive

seismic performance assessments of individual buildings and bridges (Porter 2003,

Moehle and Deierlein 2004). In this methodology, performance objectives of a

specific structure at a given location are defined as a vector of certain key decision

variables (DVs) and their mean annual rates (MAR) of exceedance, e.g., the MAR of

the loss exceeding a certain amount. The DVs considered are the direct and indirect

economic losses, such as the total repair and replacement cost, downtime, and

casualties. The present work focuses on the direct economic loss estimation. Peer

researchers (Miranda et al. 2004) applied this methodology to estimate the economic

loss for a specific building.

This chapter presents probabilistic seismic loss assessment of the Humboldt Bay

Middle Channel Bridge using multilayer Monte Carlo simulation approach. The total

repair and replacement cost due to physical damage to the bridge is treated as a

random variable. This probabilistic analysis explicitly incorporates the uncertainties

in the seismic hazard at the site, in the structural demands, in the structural capacity

and the damage states, and in the cost associated with the repair and replacement

actions of individual structural components. This chapter does not account for the

inherent uncertainty (randomness) in the system properties. The probabilistic result is
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expressed in the form of seismic loss hazard curve, which depicts the MAR of

exceedance versus the total repair and replacement cost.

9.2 BUILDING-SPECIFIC LOSS ESTIMATION

The objective of Probabilistic Seismic Loss Analysis is to predict for the subject

DV the MAR, ( )DV zν , of exceeding the specified threshold value z. In this study, DV

is chosen as the total annual cost needed to restore a structure to its pre-earthquake

state. In the case of collapse, a new structure is going to be built rather than repairing

the damaged components individually. Thus, the total cost is the construction cost of

the new structure. In the case of no collapse, it is assumed that all damage occurs on a

component level and the total cost (LT) of the structure is equal to the summation of

the cost of each damaged component, i.e.,

1

n

T j
j

L L
=

=∑ (9.1) 

where Lj is the cost of the jth damaged component, and n is the number of damaged

components in the structure. The repair/replacement cost of each damaged component

is generally associated with a specified repair scheme, which is again associated with

the damage state of the component. The cost data for each possible damage state are

needed for all failure mechanisms under consideration. The MAR of exceedance,

( )
jL zν , can be computed for the repair/replacement cost of a damaged component as

( )
1

1
j k k

N

L j DM j DS DS
kDM

z P L z DM d P L z DM kν ν ν ν
+

=

   = > = > = −   ∑∫ (9.2) 
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where m is the total number of damage states defined for the failure mechanism

associated with the jth damaged component;
kDSν is the MAR of exceeding the kth

damage state and
1

0
mDSν
+
= . Note that damage measures used in current practice are

discrete, i.e., only a set of discrete damage states is considered for each failure

mechanism. Even if the loss hazard curve for the annual repair cost of the jth damaged

component, ( )
jL zν , has been obtained, it is still tedious to compute the loss hazard

curve for the total annual cost, ( )
TL zν , since it would be an nth fold integration of the

joint PDF of the annual repair/replacement cost of each damaged component, and n

generally is a large number. To overcome these difficulties, multilayer Monte Carlo

simulation approach is used to estimate the total cost and its uncertainty.

Monte Carlo simulation is wildly used in probabilistic structural analysis to solve

integration problems. This technique is straightforward and can incorporate and

propagate the uncertainties in all random variables involved in the structural seismic

economic loss analysis, namely IM, EDP, DM, and DV. However, it is

computationally expensive since a large number of simulations are required to obtain

an accurate estimate of the probability distribution of the total repair cost and each

simulation needs to go through the four steps described above.
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Fig. 9.1: Multilayer Monte Carlo simulation for structural seismic loss estimation

Fig. 9.1 shows the procedure for one simulation. First, the number of earthquakes

in one year is randomly generated according to the Poisson occurrence model as

( ) { } ( )( ) ( )( )
1

0 exp 0
0 0,1,2

!

n

IM IM

NP N IM n n
n

ν ν−
> = = =   K (9.3) 

For each earthquake, an IM value is generated randomly according its PDF derived

from the seismic hazard curve as

( ) ( )
( )1

0
IM

IM
IM

d im
f im

dim

ν
ν

= (9.4) 

Here, ( )IMf im is the conditional PDF of IM given the occurrence of earthquakes. For

this IM value, the event of collapse or no collapse needs to be randomly generated

according to the conditional probability P C IM im=   . In the case of collapse, the

total cost is randomly generated according to the probability distribution of the

rebuilding cost and this simulation is ended. In the case of no collapse, an ensemble

of EDP values needs to be generated. As described in the section of Probabilistic
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Seismic Demand Analysis, nonlinear time history analyses of the subject structure are

performed at discrete seismic hazard levels to estimate the marginal conditional

probability distribution of each EDP given IM and the correlation coefficients of the

EDPs at those IM levels. These conditional probability distributions and correlation

coefficients of the EDPs are interpolated/extrapolated over the continuum range of IM

values. Then at the randomly generated IM level, the joint PDF of the EDPs is

constructed using the NATAF model based on their marginal probability distributions

and their correlation coefficients, and an ensemble of vector EDPs is randomly

generated accordingly. As shown in Fig. 9.2, each of these EDP values is entered into

its corresponding fragility curves to determine the probability of each damage state of

the appropriate component as

10 0k kP DM k EDP P Z EDP P Z EDPδ δ δ+= = = < = − < =           (9.5) 

For each damaged component, a damage state is generated according to the probability

mass function given by Eq. (9.5) and then a repair cost is also generated according to

its probability distribution. The total cost, LT, is equal to the sum of all the simulated

component repair costs. This simulation is repeated a large number of times to derive

the empirical conditional complementary Cumulative Distribution Function of the

total annual repair cost, 0TP L l IM> >   , given the occurrence of earthquakes in the

year. Using TPT, the probability of the total annual cost exceeding a certain amount,

0l > , is given by

[ ] [ ] [ ]0 0 0 0T T TP L l P L l IM P IM P L l IM P IM> = > = = + > > >        (9.6) 
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Since the total annual cost is zero provided no earthquake occurrence in the year, i.e.,

0 0TP L l IM> = =   , Eq. (9.6) reduces to

[ ] [ ]0 0T TP L l P L l IM P IM> = > > >    (9.7) 

As described earlier, the conditional probability on the right hand side of Eq. (9.7) is

estimated using the multilayer Monte Carlo simulation approach. Using Eq. (2.5), the

probability [ ]0P IM > can be calculated from the seismic hazard curve, as

[ ] ( ) ( )0 1 exp 0 0IM IMP IM ν ν> = − − ≈    (9.8) 
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9.3 LOSS ANALYSIS THROUGH MULTILAYER MONTE CARLO
SIMULATION

9.3.1 Random Generation of IM

As stated in section 4.3, the seismic hazard curves for both soil site and rock site were

obtained by separately fitting IM values at the three seismic hazard level with

Cumulative Distribution Function (CDF) of Gumbel distribution. So the CDF of the

IM has the form

[ ] ( ) ( ){ }exp exp > 0IMP IM im F im imα β α≤ = = − − −    (9.9) 

where α and β are distribution parameters determined by fitting. If x is a random

variable uniformly distributed in the range [ ]0, 1 , then im can be randomly generated

as

( )1 1 1
ln lnIMim F x

x
β

α
−  = = −  

 
(9.10)

9.3.2 Random Generation of EDPs

EDPs are randomly generated based on their conditional probability distribution

on IM and covariances obtained in Probabilistic Seismic Demand Analysis as

described in Chapter 6. Since the repair cost is computed for each damaged

component, the component-level EDPs are used in the loss analysis instead of the

system-level EDPs used in the previous chapter. These component-level EDPs
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include the peak lateral drift of each pier, the peak deformation of each shear key and

the peak unseating displacement at each movement joint.

The marginal conditional CDF of each EDP given IM can be obtained by

following the procedure described in section 6.4. The correlation coefficient of each

pair of the EDPs at the selected seismic hazard levels, I
ijρ , II

ijρ and III
ijρ , is also

calculated using the simulated EDP values. This correlation coefficient at the other

IM levels, ( )ij imρ , is parameterized as

( )
( )

( ) ( )
( )

if 0 2

if 2 2

if 2

I I II
ij

II I II II III
ij ij

III II III
ij

im im im

im im im im im im

im im im

ρ

ρ ρ

ρ

 < ≤ +
= + < ≤ +


+ <

(9.11)

where the superscripts I, II and III denote the seismic hazard levels of 50%, 10% and

2% probability of exceedance in 50 years, respectively.

The joint PDF of all EDPs considered in this study to rock and soil free-field

ground motions is then constructed separately using the NATAF model based on their

marginal probability distributions and their covariances. First, a set of statistically

independent standard normal variates ( )1 2, , , nU U U= LU is randomly generated, i.e.,

( ),N 0 1�U . U is transformed to Z to have the correlation matrix ′R , i.e.,

( ),N ′0�Z R , as

⋅Z = L U (9.12)

where T ′⋅ =L L R . Then each variate Zi is again transformed to an EDP as
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( )1

ii iEDP IMEDP F Z−= Φ   (9.13)

where ( )Φ L is the standard normal CDF and ( )|iEDP IMF L is the marginal conditional

CDF of EDPi given IM. The joint PDF of the vector of EDPs is

( ) ( ) ( )
( )

( ) ( ) ( )

1 2| | 1 | 2 |

1 2

( )

,
nIM EDP IM EDP IM EDP IM n

n

n

f f edp f edp f edp

z z z

φ
φ φ φ

= ⋅

′
⋅

EDP edp

z R

L

L

(9.14)

where ( )φ L is the standard normal PDF, and ( )nφ L is the n-dimensional normal

PDF of zero means, unit standard deviations, and correlation matrix ′R . The elements

ijρ′ of ′R are defined in terms of the correlation coefficients ijρ between EDPi and

EDPj, and can be expressed in the form (Liu and Der Kiureghian 1986)

( ), ,
i jij ij ij EDP EDPA F Fρ ρ ρ′ = (9.15)

in which A, satisfying 1A ≥ , is a function of ijρ and the marginal distributions of EDPi

and EDPj. For each pair of EDPi and EDPj, the empirical formulae assuming they

both follow lognormal distribution is used, i.e.,

( )
( ) ( )2 2

ln 1

ln 1 ln 1

ij i j

ij i j

A
ρ δ δ

ρ δ δ

+
=

+ +
 (9.16)

Where iδ and jδ are the coefficient of variation for EDPi and EDPj, respectively.

9.3.3 Random Generation of DMs

The randomly generated EDPs in the previous step are entered into their

appropriate fragility curves to calculate the probability of each component exceeding
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its associated damage states. The probability of kth damage state is calculated as Eq.

(9.5). Here, it is reasonably assumed that damage state k+1 can only be reached after

damage state k has been reached. Then a DM is again randomly generated for each

component according to the probability mass distribution of its damage states.

9.3.4 Random Generation of Component Repair/Replacement Cost

The probability distribution of repair costs for each component in each damage

state is needed in this calculation. In this study, repair actions required for each

damaged component were figured out based on the two Caltrans retrofits on this

bridge described in section 3.4 and similar work done on highway bridges in different

districts throughout California. And their costs are calculated based on the recent

empirical unit cost data (Caltrans 2003) and the quantities of repair work required for

the HBMC Bridge. The empirical unit cost, including costs of materials, equipment,

transport and labor, are estimated from previous retrofit projects of the similar size,

recent bids of similar work, published costs from industry periodicals, inquiries to

major suppliers, trending of price/cost fluctuations, and assessment of known risks or

market uncertainties. Regardless of source used to obtain the unit cost, it must be

increased to account for inflation, carried forward to the retrofit project date.

Quantities must be derived solely from the HBMC Bridge without aid from other

sources. It is essential that the development of the quantities be closely coordinated

with the specifications to ensure that all elements of work are covered either as

individual pay items or included with an individual pay item. The repair cost for each
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damage state is assumed to follow normal distribution and the mean and standard

deviation are given in Table 9.1. The zero repair cost for Damage State II of pier

flexural failure means that no repair is required for this damage state in practice. The

repair costs for Damage State IV and V of shear key failure are identical because the

same repair actions are required for both damage states.

Table 9.1: Repair cost statistics for each damage state

Repair cost
Failure mechanism Damage state

Mean c.o.v.
II: Yielding 0 --Pier flexural failure

at lap spliced region IV: Full development of mechanism $246,500 0.10
III: Initiation of mechanism $10,400 0.10
IV: Full development of mechanism $137,600 0.16

Failure of shear keys
at abutments

V: Strength degradation $137.600 0.16
III: Initiation of mechanism $10,400 0.10
IV: Full development of mechanism $137,600 0.16

Failure of shear keys
at continuous joints

V: Strength degradation $137.600 0.16
III: Initiation of mechanism $10,400 0.10
IV: Full development of mechanism $137,600 0.16

Failure of shear keys
at interior expansion
joints V: Strength degradation $137.600 0.16
Unseating at
abutments

V: Collapse $22,300 0.18

Unseating at interior
expansion joints

V: Collapse $22,300 0.18

Collapse N/A $24,000,000 0.12

Fig. 9.3 shows the mean and mean ± standard deviation of the total repair cost per

earthquake at different IM levels obtained through multilayer Monte Carlo

simulations. At each IM level, 10,000 simulations of seismic event, EDP vector, DM

vector and LT were performed for both soil and rock site conditions. Fig. 9.4 shows

the contribution of different failure mechanisms to the expected total annual repair



303

cost per earthquake at different IM levels. For low IM level (< 0.2g), the total repair

cost is mostly contributed by shear key failure at the abutments and the expansion

joints, because it is the only likely failure mechanism activated at these low IM levels.

For IM between 0.2g and 1.5g, the total annual cost is predominantly contributed by

the shear key failure and the pier flexural failure. For IM above 1.5g, the loss due to

collapse becomes increasingly significant, and the steep slope of total repair cost for

IM between 2g and 3g is due to fast increase of the conditional probability of collapse

P C IM   in this range. The variance of the total repair cost per earthquake is

predominantly contributed by the collapse failure since the variance of the repair cost

associated with the collapse failure is much greater than those of the other failure

mechanisms (see Fig. 9.5). The expected total annual repair cost per earthquake

finally converges to the mean rebuilding cost as IM increases. Note that unseating

hardly make any contribution to expected total annual repair cost per earthquake

because of its small probability of occurrence and its relative low repair cost
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10,000 simulations of years with 0IM > , which could have more than one

earthquake, the corresponding EDP vector, DM vector and LT were performed for

each of soil and rock site conditions. The loss hazard curve for rock or soil site

condition is calculated using Eq. (9.7). The solid curve shown in Fig. 9.6 is the

average of the loss hazard curve for soil site condition and the one for rock site

condition. Like the seismic hazard curve, the loss hazard curve drops very fast at low

loss levels. According to this figure, the total annual repair cost is very unlikely to



305

exceed $3.6 millions, which has an average return period of 1000 years. The expected

total annual repair cost is about $1.3 million given the occurrence of at least one

earthquake. The contributions to this expected total annual repair cost from the pier

flexural failure mechanism, shear key failure mechanism, unseating and collapse are

32%, 65%, 1% and 2%, respectively. This means that the loss hazard is dominated by

the non-collapse cases, especially the shear key failure mechanism. The expected total

annual repair cost including the years of both with and without seismic activity is

about $0.1 million.
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Fig. 9.6: Annual probability of exceedance of the total annual repair cost

Obviously, the seismic loss assessment procedure presented herein is rigorously

based on probability theory. The uncertainties in earthquake occurrences in space and

time, ground motion intensity, structural response (due to record-to-record variability),

structural capacity, physical damage, and repair costs are explicitly incorporated in the

loss analysis presented here. It is of interest to understand how the uncertainty in each

layer propagates in the probabilistic seismic loss analysis and their effects on the loss
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hazard results. For this purpose, additional parametric studies were conducted. In the

first study, the uncertainties in the structural capacities and the damage states are

neglected, i.e., each fragility curve becomes a step functions with the step located at

the predicted capacity. In the second study, the repair cost associated with each

damage state is treated deterministically at the mean value. It is found that the

individual effects of the uncertainty in the repair cost and the uncertainty in the

capacities and damage measures on the loss hazard curve are negligible. Then both of

these uncertainties are removed in the loss analysis and the corresponding loss hazard

curve is the dashed one shown in Fig. 9.6. As can be seen, the combined effects of

these two sources of uncertainty are insignificant. In the last study, only the record-to-

record variability was removed in the loss analysis, i.e., each EDP at any given IM

level is set deterministic equal to its mean value. The corresponding loss hazard curve

is the dotted one shown in Fig. 9.6. As can be seen, the record-to-record variability

has appreciable effects on the loss hazard curve. These studies indicate that the

uncertainties in IM, representing the uncertainties in earthquake occurrence in space

and time, earthquake magnitude, wave propagation path, and the local site/soil

conditions and characterized in the form of seismic hazard curve, is the dominant

source of uncertainty in the probabilistic seismic loss analysis
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10 Concluding Remarks

10.1 SUMMARY OF WORK

This document presents a probabilistic seismic performance assessment

methodology and its application to a real world bridge-foundation-ground system, the

Humboldt Bay Middle Channel Bridge. The performance is defined herein as the

mean annual rate of the total repair cost of the bridge caused by earthquakes exceeding

a specified amount. Two intermediate variables, namely, Engineering Demand

Parameters (EDP) and Damage Measures (DM), are introduced and the task of seismic

performance assessment is broken into four analytical steps: Probabilistic Seismic

Hazard Analysis, Probabilistic Seismic Demand Analysis, Probabilistic Seismic

Damage Analysis, and Probabilistic Seismic Loss Analysis. The major sources of

uncertainty in each analytical step have been explicitly accounted for. The four

analytical steps are integrated rigorously through the Total Probability Theorem.

Three estimates of the seismic hazard of the Humboldt Bay Bridge site were

evaluated, namely, the USGS probabilistic seismic hazard maps for rock site

conditions, Geomatrix Consultants, and PG&E. After comparison, the rock spectra at

the site were developed based on the USGS spectra and modified to include the near-
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fault rupture directivity effects. Soil spectra were generated from the rock site spectra

by multiplying the rock spectra by the ratio of soil to rock spectra. Three seismic

hazard levels, namely, 50%, 10% and 2% probability of exceedance in 50 years, were

selected, at which subsequent structural seismic response simulations were performed.

The deaggregation of the seismic hazard was performed to find out the magnitude and

distance combinations of the dominant seismic source at each of three selected seismic

hazard levels. A total of 51 ground motion records were selected to satisfy to the

extent possible the magnitude and distance combinations revealed by the

deaggregation analysis. These records were scaled to match the IM value at the

corresponding seismic hazard level.

An advanced two-dimensional nonlinear finite element (FE) model was developed

for the bridge-foundation-ground system to probabilistically estimate the bridge

seismic demands. A large body of the underlain foundation soil layers (three times of

the bridge length in the bridge longitudinal direction and down to the bedrock in the

depth) was included in the FE model to simulate the soil structure interaction. The

bridge superstructure was modeled with linear elastic beam-column elements. The

bridge piers, pile caps, and the pile foundations were represented using force-based

nonlinear material fiber beam-column elements. And the various soil layers were

discretized using four-noded, bilinear, isoparametric elements. Realistic nonlinear

constitutive models were used for the structure (concrete and steel) and soil materials

under cyclic loading conditions. The materials in the various soil layers were modeled

using multi-yield-surface Von Mises and Drucker-Prager plasticity models
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incorporating liquefaction effects. A detailed mechanics-based model of the bridge

piers is developed to account for the effects of lap splicing of the longitudinal

reinforcement steel at the base of the piers. Lysmer-Kuhlemeyer absorbing

boundaries were incorporated in the model of the bridge-foundation-ground system so

as to avoid the spurious wave reflections along the boundaries of the computational

soil domain. Seismic excitations were applied to the FE model in the form of

equivalent nodal forces at the base of the computational soil domain, which were

proportional to the velocity of the seismic incident wave. The 51 free-field ground

motions were deconvolved to obtain the seismic incident waves at the base of the

computation soil domain. Monotonic static pushover analysis, small amplitude

vibration analysis, and extensive earthquake response analyses were conducted with

this FE Model.

Three potential failure mechanisms were identified based on the preliminary

analysis and extensive structural seismic response simulations, namely, pier flexural

failure in lap spliced region, shear key failure and unseating. For each failure

mechanism, an EDP was defined to characterize the formation of the mechanism.

Extensive correlation analyses were conducted for various EDPs using the simulated

response data. Probabilistic conditional response analysis was performed for each

EDP to derive its seismic demand hazard curve. In particular, at each of the selected

seismic hazard levels, a log-normal or hybrid log-normal distribution was fitted to the

simulated data of a given EDP. The probability distribution of the given EDP at other

seismic hazard levels was approximated by assuming the same probability distribution



310

and interpolating/extrapolating the distribution parameters at the selected seismic

hazard levels. The seismic demand hazard curve was derived for each EDP as the

convolution of the conditional probability of the EDP exceeding a certain value with

the seismic hazard curve. Deaggregation analysis of the demand hazard was

conducted to find out the contributory Intensity Measure (IM) levels. Correlation

analysis between the various EDPs and several IMs (traditional PGA, PGV, aS and

nonlinear SDOF based IMs) was conducted to investigate the efficiency of IMs.

Damage states, which characterize the critical formation stages of each failure

mechanism, were defined based on field investigations following a seismic event,

detailed assessment of laboratory experiments and detailed analyses. A mechanics-

based model was developed to predict the flexural capacity of lap spliced columns. A

strut-and-tie model was adopted to predict the shear key capacities. Experimental test

results of lap spliced columns and exterior shear keys were collected. Fragility curves

for pier flexural failure in the lap spliced region and shear key failure were developed

based on these predictive capacity models and the experimental data. The fragility

curve for unseating was developed based on engineering judgment. The mean annual

rate of the bridge structure exceeding each damage state was computed by convolving

its fragility curve with the seismic demand hazard curve of the associated EDP.

The PEER framework equation was extended to incorporate the randomness in the

system properties, such as the structural and geotechnical material properties.

Nonlinear time history analyses with Latin Hypercube sampling were performed to

estimate the potential seismic demands of the bridge-foundation-ground system with
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uncertain properties. Seismic demand hazard curves and fragility curves were derived

again to incorporate the randomness in the system properties accordingly. The mean

annual rate of the bridge structure exceeding each damage state was recomputed by

incorporating the randomness in system properties and compared to the result obtained

by neglecting the randomness in system properties.

Finally, a multilayer Monte Carlo simulation approach was developed and used to

derive the seismic loss hazard curve for the bridge. Using this approach, th individual

and joint effects on the loss hazard curve of the randomness/uncertainty in (1) repair

cost given damage, (2) capacity model and damage state, (3) ground motion time

history (record-to-record variability) were investigated systematically.

10.2 SUMMARY OF FINDINGS

The most significant findings of the present research are separated into two

different classes and summarized as following:

Seismic performance assessment of the Humboldt Bay Middle Channel Bridge:

(1) The finite element model developed for the bridge-foundation-ground system

can provide detailed insights into the earthquake response from the meso-scale (i.e.,

Gauss point, section fiber levels) to the macro-scale (e.g., overall lateral spreading

mechanism). With explicit modeling of the underlying soil, this model can directly

simulate the effects of the local site conditions, surface topography, hysteretic

behavior (including liquefaction effects) of the soil materials, and soil-foundation-

structure interaction in the seismic response analysis. These effects would be difficult
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to simulate by modeling the underlying soil domain through equivalent nonlinear soil

springs and dashpots, as currently used in practice.

(2) It was found that the response of the bridge structure is governed primarily by

the nonlinear inelastic response of the underlying soil during earthquakes and that the

plastic soil deformations impose large residual plastic deformations and internal forces

on the bridge structure after strong earthquakes. Effects of soil-foundation-structure

interaction per se on the earthquake response of the bridge structure considered here

are small, except near the base of the piers and foundation pile groups where they are

moderate.

(3) The response of the bridge piers remain quasi linear to earthquakes with a

probability of exceedance of 50% in 50 years. However, the bridge shows significant

vulnerabilities to earthquakes at the 2% in 50 years seismic hazard level. In such

strong earthquakes, the analyses performed predict that the bridge piers would

undergo extensive plastic deformations, the lap spliced mechanism would be fully

developed at the base of the piers with piers rocking on pile caps. Shear keys at the

abutments and interior expansion joints would be likely to rupture, and as a result,

unseating would also be likely to occur at these joints. Due to soil lateral spreading,

the approach embankments and abutments would settle significantly and the

underlying soil would “flow” plastically from each approach embankment to the back

of the embankment and mainly to the center of the river channel. These predicted

damage scenarios justify Caltrans’ retrofit efforts described above.
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(4) Correlation analysis between various EDPs indicates that they do not correlate

strongly, especially when the structure response is highly nonlinear. The correlation

coefficients vary significantly with the seismic hazard level. Generally, the correlation

coefficients decrease as the seismic hazard level gets higher, because the nonlinearity

of the structural responses tends to increase with the seismic hazard level.

(5) Three potential failure mechanisms were identified based on preliminary

analysis and seismic response simulations of the bridge-foundation-ground system,

namely, pier flexural failure in the lap spliced region, shear key failure, and unseating.

A set of discrete damage states was defined for each failure mechanism. The seismic

reliability assessment results obtained in this study reveal that, among the potential

failure mechanisms considered, the most critical damage states are the initiation

(return period from 12 to 22 years) and full development (return period from 14 to 26

years) damage states of the shear keys failure, especially at the abutments and at the

interior expansion joints. The yielding damage state of the pier flexural failure is also

critical with a return period of 29.4 years. Thus, the pier flexural failure mechanism is

the most critical one causing an overall collapse of the bridge. It is also observed that

unseating is a very unlikely failure mechanism of the bridge. The above results

mostly justify the retrofit efforts of Caltrans.

(6) At a given IM level, the record-to-record variability is the dominant contributor

to the uncertainty of the Engineering Demand Parameters (EDP) of the bridge-

foundation-ground (BFG) system considered here. The effects of randomness in the

structural mass and structural material (concrete and steel) properties on the EDP
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statistics are not very significant. On the other hand, randomness in the soil material

properties appears (in the midst of large statistical parameter uncertainty due to small

sample size) to have appreciable effects on the first- and second-order statistics of the

EDPs and these effects increase with the severity of the seismic response of the BFG

system.

(7) The expected total annual repair cost is about $0.1 million. The total annual

repair cost of this bridge exceeds $0.7 million, $2.6 millions and $3.6 millions with

probability of 0.05, 0.01 and 0.001 (return period of 20, 100 and 1000 years),

respectively. The expected total annual repair cost is about $1.3 million given the

occurrence of at least one earthquake. This expected total annual repair cost given the

occurrence of at least one earthquake is predominately contributed by the shear key

failure mechanism (65%) and the pier flexural failure mechanism (32%).

PEER PBEE methodology:

(1) IM deaggregation of the seismic demand hazards at the value of the EDP

corresponding to the predicted capacities of the damage states considered shows that

contributions primarily come from seismic hazard levels below and around 50% in 50

years, while seismic hazard levels around 2% in 50 years do not make appreciable

contributions. Therefore, additional seismic hazard levels below 50% in 50 years and

redefinition of the selected seismic hazard levels should be considered to take full

advantage of the structural seismic response simulations performed.

(2) The randomness in the system properties affects both the structural seismic

demand and the structural capacity. It was found that the randomness in structural



315

material properties affects significantly the structural capacity, but not significantly the

structural seismic demand. Conversely, the randomness in the geotechnical, inertial,

and damping properties affects only the uncertainty in the structural seismic demand,

and not the structural capacity against the various limit-states considered here.

Therefore, the system (structural and geotechnical) properties can be partitioned into

two disjoint groups. The first group includes all the structural material properties the

randomness of which affects significantly only the structural capacity, while the

second group consists of the remaining properties whose randomness only affects

significantly the structural seismic demand. This partitioning greatly simplifies the

seismic reliability analysis framework by decoupling the probabilistic seismic demand

analysis from the fragility analysis.

(3) The randomness in system properties generally increases the uncertainty

(scatter) in the structural seismic demand, although in some cases it was found to

reduce it. This reduction which could be true, is however likely due to statistical

estimation error induced by small sample size. The randomness in system properties

also generally increases the uncertainty in the structural capacity. As a result,

incorporating the randomness in system properties generally changes the reliability

analysis results appreciably.

(4) The randomness in system properties has different effects on the various limit-

states considered in this study. It does not necessarily increase the mean annual rate of

exceedance of every limit-state. It may increase the MAR of exceedance of some

limit-states and reduce that of other limit-states.
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(5) The uncertainties in IM, characterized by the seismic hazard curve, is the

dominant source of uncertainty in probabilistic seismic loss analysis; record-to-record

variability has significant effects on the seismic loss hazard curve; while the effects of

the uncertainties in the repair costs and the uncertainties in the capacities and damage

measures on the seismic loss hazard are insignificant.

10.3 RECOMMENDATIONS FOR FUTURE RESEARCH:

In consideration of the work done in the present study, the following

recommendations for future research can be made:

(1) A two-dimensional finite element was developed in this study to estimate the

structural seismic demands, i.e., only the longitudinal response of the bridge-

foundation-ground system was considered. In reality, the transversal response of the

bridge-foundation-ground system is also critical. Therefore, a three-dimensional finite

element model of the bridge-foundation-ground system could provide more accurate

and complete prediction of the bridge seismic demands, damage and loss.

(2) Structural seismic response simulations indicate that the currently used IM

( )1, 5%aS T ξ = leads to a broad dispersion in the conditional probability distributions

of the Engineering Demand Parameters given IM. Identification of an IM which

correlates well with the nonlinear structural response is an effective way to reduce the

number of structural seismic response simulations required to predict the probability

distributions of the seismic demands with sufficient confidence.
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(3) In the Probabilistic Seismic Demand Analysis, structural seismic response

simulations were performed only at three selected seismic hazard levels. It was found

that structural responses at three levels are insufficient to establish an accurate

probabilistic relationship between the EDPs and IM. Optimization of the number and

the value of selected seismic hazard levels needs to be further investigated to be used

for effective and accurate determination of the demand hazard curves, MAR of

damage state exceedance and loss hazard curves. In addition, at each selected seismic

hazard level, more structural seismic response simulations are desired to predict the

probability distributions of the EDPs within an acceptable level of accuracy.

(4) Lack of data is also a serious problem in fragility analysis. More experimental

or field data are required to reduce the epistemic uncertainties in the fragility curves.

Furthermore, uni-variate fragility curves are employed for all damage states. Actually,

some fragility curves could be functions of multiple variates. For example, fragility

curves of damage states of pier flexural failure in lap splice region depend on the pier

lateral drift, the axial load ratio, and the pier height.

(5) In evaluating the various analytical steps of the PEER PBEE methodology for

the HBMC Bridge, a number of shortcuts and simplifying assumptions were made.

Sensitivity of the final results (demand hazard curves, mean annual rate of damage

state exceedance and loss hazard curve) to these shortcuts and simplifying

assumptions needs to be investigated.

(6) Two common epistemic uncertainties involved in the structural seismic

performance analysis are model uncertainty and statistical uncertainty. Mathematical
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models are used in all aspects of the structural seismic reliability analysis presented

herein. Without exception, all mathematical models are idealizations of reality and,

therefore, implicit with error and uncertainty. For example, the prediction of the

structural seismic demands is greatly affected by modeling uncertainties in the finite

element model. As a general rule, this model uncertainty tends to increase with the

severity of structural and geotechnical response. These uncertainties are likely to be

much greater than those arising form the randomness in the structural and geotechnical

properties. On the other hand, statistical uncertainty due to the sparseness of data is

also an important source of uncertainty in the seismic reliability analysis. For

example, the probability distributions of the EDPs at any IM level are obtained from

those at the selected IM levels (two levels for soil input motions and three levels for

rock input motions), which again are derived from a small number of response

simulations. Statistical uncertainty can be reduced by gathering more data, e.g., more

response simulations at more selected seismic hazard levels; while the only way to

assess model uncertainty is to compare model predictions with real-world

observations, either in the field or in the laboratory. All these important sources of

uncertainties should be identified, quantified to the extent possible, and propagated to

the structural seismic performance.
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